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Abstract 

Existing UnReinforced Masonry (URM) buildings are characterized by a high seismic 

vulnerability, as seen from the consequences of past earthquakes. These damages can be 

essentially interpreted on the basis of two collapse mechanisms: Out-Of-Plane and In-Plane 

(when the “box-behaviour” is guaranteed), according to the structural details of the buildings 

and the direction of the seismic action.  

Several numerical tools have been developed for the seismic analysis of URM structures 

but most of them are very computationally demanding and too complex for the daily use of 

practicing engineers. 

This Thesis proposes a simplified analytical (“by-hand”) procedure for the seismic 

vulnerability assessment of existing URM structures, from an analogy with the SLaMA 

(Simplified Lateral Mechanism Analysis) method, developed and extensively validated for 

reinforced concrete structures. This mechanism-based methodology provides a first 

approximation of the global seismic behaviour of a building starting from the sub-system 

level. 

Key features of the SLaMA procedure are the evaluation of: a) the moment-

curvature/rotation capacity curves at component level; b) the hierarchy of strength at 

subassembly level and c) the capacity curve of the global mechanism. When dealing with 

URM structures, the building geometry is defined by means of an Equivalent Frame model 

and to assess the analytical elements bending capacity a peculiar section analysis, the 

Monolithic Beam Analogy approach, is implemented.  

Experimental in-plane tests on panels, one-storey substructure and two-storey wall, 

available in literature, are used to validate the SLaMA-URM procedure against macro-

mechanical finite element and equivalent frame modelling.  

Through a parametric analysis, prototype buildings with different geometric 

configurations are analyzed by the SLaMA-URM method, where the interaction between the 

In-Plane and the Out-Of-Plane performances of walls is taken into account, thus obtaining 

the global structural performance. 

Some retrofit strategies are then applied and their effect is evaluated through the 

procedure, in order to achieve a higher capacity, both in terms of the ultimate performance 

(%NBS) and the expected economic losses (EAL). To further investigate the different 
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response of the structures, two seismic intensities (high and medium) of the construction site 

are considered.  

At the end, a cost-benefit analysis is performed to facilitate the selection of the most 

appropriate retrofit strategy, not only through the total intervention costs but also through a 

useful parameter that defines the cost of one percentage point of NBS (1%NBS cost).  

In conclusion, the SLaMA-URM method, being totally implemented by simple 

spreadsheets, wants to be an effort in the process to put the designer at the center of the 

seismic performance assessment and of the design of retrofit interventions, allowing him to 

acquire a greater sensitivity towards the obtained results. 
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1. Introduction 

1.1 Background and research motivation 

The masonry structures are the oldest buildings present in every part of the world and 

often represent the cultural heritage of each country. Their simple construction, adaptability 

and durability have justified their wide use in the building industry, in the past as well as 

nowadays. These considerations are particularly relevant in the Italian territory, where the 

masonry buildings, according to the ISTAT report (2011) are 57% of all the Italian building 

structures (Figure 1.1a). Moreover, most of them, around 74%, were built before any seismic 

code was available (Figure 1.1b), i.e. before the approval of the technical standards for 

construction in seismic areas in 1974 (L. 64/1974) and the following Ministry Decrees. 

Despite these considerations, the conservation state of these constructions was defined 

approximately as good even if their capability to sustain a seismic event is unknown.  

 

Figure 1.1.   ISTAT (2011) data: (a) construction materials of the Italian building heritage and (b) age 

of construction of the masonry buildings. 

Although the simplicity of these constructions represents a major advantage, the analysis 

of their mechanical behaviour represents a true challenge. This is principally due to the 

intrinsic characteristics of the masonry material, heterogeneous and anisotropic, that grant 

the structures a complex and non-linear mechanical behaviour. 
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Moreover, past and recent earthquakes (i.e. Friuli - 1976, Athens - 1999,  Central Italy - 

2017), have shown the significant structural vulnerability of the UnReinforced Masonry 

(URM) buildings, as highlighted by the severe observed damages (Figure 1.2). This high 

vulnerability can be addressed to several causes, among them the most important are: the 

design according to old code provisions (which did not consider seismic aspects); the age of 

the constructions (that frequently did not undergo proper restoration); the properties of the 

masonry material (often of poor quality) and the structural details of the buildings (such as 

the level of the connections between masonry walls and between walls and diaphragms). All 

of these considerations need to be properly taken into account when evaluating the seismic 

performances of masonry buildings. 

 

Figure 1.2.   Several and different types of damages observed in URM structures after Central Italy 

earthquake of 2016 (adapted from Menna et al., 2016). 

According to the characteristics of the masonry structures, it is possible to distinguish a 

hierarchy of the failure mechanisms (Giuffrè, 1993) that are: the crumbling of the masonry, 

the Out-Of-Plane modes and the In-Plane modes, as shown in Figure 1.3. Each of them 

needs to be evaluated and prevented at the best. It should be noted that this hierarchy of 

failure mechanisms means that if the masonry is prone to crumble, this mechanism will 

damage the structure well before the onset of Out-Of-Plane modes. The same happens for 

the In-Plane ones that do not occur in presence of Out-Of-Plane modes, which will damage 

the structure in advance. 
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Figure 1.3.   Damages from past Italian earthquakes to URM structures: (a) crumbling of the masonry, 

(b) Out-Of-Plane modes and (c) In-Plane modes (adapted from Fragomeli et al., 2018;        

Santarsiero et al., 2016). 

Often it is possible to identify serious structural deficiencies of existing URM buildings 

that lead to a high seismic vulnerability. These deficiencies are associated with: 

• the absence or ineffectiveness of elements and/or systems that guarantee a good 

“box-like” behavior of the structure; 

• low strength offered by walls subjected to actions orthogonal to their plane; 

• low strength of the individual structural elements (ability to resist to the In-Plane 

seismic actions of the wall); 

• bad global seismic response of the building. 

In order to deal with the safety assessment of masonry structures, several studies have 

shown a significant interest in the development of reliable modelling and analysis methods. 

The complex masonry structural response has been investigated by different computational 

strategies in literature, such as, for example, advanced modelling approaches based on the 

finite element (FE) method. Although this kind of modelling strategy is capable to provide 

accurate results, it may also be computationally demanding and, therefore, of limited 

application within seismic vulnerability assessment studies. Moreover, it is a common 

thought that more sophisticated analyses always provide a more accurate response, 

resulting in a more efficient design and a better assessment for existing buildings. However, 

this is not always true. Complex and advanced models need, and are highly dependent on, a 
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great number of input parameters, each subjected to judgement, probabilistic outcomes and 

potential errors. Moreover, it is important to highlight that most of these input parameters are 

difficult to obtain with precision in existing URM structures since often the knowledge about 

the construction material is scarce and/or difficult to obtain. As mentioned in New Zealand 

guidelines (NZSEE, 2017), there is a fine balance between accuracy, reliability (or precision), 

cost and complexity in structural analysis (see Figure 1.4). Due to these reasons, simplified 

models are usually preferred as they allow a good compromise in balancing efficiency with 

accuracy, in terms of usability, computational burden and reliability of results, when 

performing analysis of existing URM structures. Among simplified models, the structural 

component-based ones, such as the Equivalent Frame (EF) method, are the most used in 

seismic assessment studies and are typically preferred by the engineers in daily professional 

practice.  

 

Figure 1.4.   Trade-off between reliability, engineering judgement, cost and complexity of structural 

analysis (adapted from NZSEE, 2017). 

Furthermore, nowadays in the field of earthquake engineering, the characterization of the 

behaviour of a structure has become increasingly important and moves from the prescriptive 

design approaches towards performance approaches. In these latter, the economic 

evaluation of the structure has become increasingly important. It means that nowadays the 

structural behaviour can be described by the expected level of damage (economic point of 

view) as well as the ultimate performance observed in seismic events. This economic 

consideration can be taken into account to identify the best retrofit intervention that enhances 

the seismic performance of a building. 
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In this context, the trend has too often and unfortunately moved towards a “black-box” 

approach, with computer modelling becoming the objective of the design instead of support 

to the design itself. This is particularly true for practicing engineers that, due to the short 

amount of time available to perform a seismic assessment, usually use the “default” set of 

parameters that available software presents. This approach leads to reliable results in the 

vast majority of the cases for new building design, but this can be less reliable in the case of 

assessment of existing structures, in which the “default” model might be unable to catch all 

the structural weaknesses. 

Due to these reasons, a simplified procedure that puts the designer at the centre of the 

seismic assessment process of existing URM structures and that can help the daily 

practitioners engineers in the decision-making process of the best retrofit intervention, is still 

missing. 

1.2 Objectives  

This Thesis relies on the above considerations and it is focused on the numerical and 

analytical approaches for URM structures and the analysis of the possible failure 

mechanisms of the URM structural components, towards the development of a new 

analytical method to assess the seismic vulnerability of existing and reinforced masonry 

buildings. The main objectives can be summarized as follows: 

- development of a new analytical procedure for achieving in first approximation the 

capacity of URM structures, starting from the hierarchy of strength of the structural 

components. This method originates from the Simplified Lateral Mechanism Analysis 

(SLaMA) for reinforced concrete structures and it is herein developed and adapted to 

masonry structures; 

- investigation of the structural response of URM buildings through numerical 

modelling and validation of these results against experimental campaigns available in 

literature; 

- validation of the new implemented analytical SLaMA-URM procedure through a 

comparison with the numerical and the experimental outcomes; 

- investigation of the response of URM structures by varying their geometry, in order to 

further validate the proposed procedure and highlight its range of application; 
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- consider the interaction between the In-Plane and the Out-Of-Plane performance of 

URM structures to define the structural global performance of URM structures; 

- use the SLaMA-URM method to evaluate the seismic performance of prototype 

buildings in order to evaluate alternative retrofit solutions and perform the 

corresponding losses assessment;  

- identification of the best retrofit solution by comparing the ultimate performance, the 

expected economic losses (EAL) and the intervention costs. 

1.3 Organization of the Thesis 

The Thesis is organized as follows: 

- Chapter 2 describes the main properties of the masonry material, providing a 

description of its uniaxial and biaxial behaviour. A brief description of the different 

idealizations of the structural behaviour of masonry structures is shown. At last, 

the different micro and macro-modelling strategies for the study of the masonry 

are discussed, together with their advantages and drawbacks.  

- Chapter 3 contains an overview of the state-of-the-art on the Out-Of-Plane and 

In-Plane failure mechanisms of URM structures, outlining the several 

formulations used to assess the strength of piers and spandrels in a simplified 

way, available in literature and adopted by codes. Due to the topic of this Thesis, 

more detail is given to the In-Plane failure mechanisms, thus providing an 

extended overview of the existing structural components analytical models. 

- Chapter 4 describes the evolution of the performance design of structures and 

highlights the main methods to define the seismic performance in terms of 

ultimate strength. Furthermore, the fundamental concepts underlying the 

estimate of the expected economic losses for construction are discussed. At last, 

are described the main retrofit intervention strategies and techniques that can be 

adopted in existing URM structures. 

- Chapter 5 presents the new simplified analytical procedure, named SLaMA-

URM, proposed in this Thesis. At first, the main steps of the SLaMA procedure 

for reinforced concrete structures are shown. Then the extension and the no-
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trivial adaptation to the case of URM structures are presented. This new method 

takes into account both the In-Plane and the Out-Of-Plane possible failure 

mechanisms of the URM structures, to identify their global ultimate performance. 

Since the procedure to define the In-Plane seismic performance represents the 

focus of this Thesis, a comprehensive view on it is reported. At last, the 

limitations and a summary of the role of the SLaMA-URM method are discussed. 

- Chapter 6 reports the application of the SLaMA-URM method to some URM 

cases study subjected to In-Plane loads, available from experimental tests 

reported in literature. Different walls have been investigated, from simple panels 

to a one-storey substructure and a two-storey wall. For each case study,  

numerical simulations based on macro-mechanical Finite Element Model (FEM) 

and Equivalent Frame Model (EFM) were performed. Different modelling 

approaches have been adopted to investigate aspects related to the 

computational burden and hence to the complexity of the analysis. At last, the 

SLaMA-URM procedure was applied to a set of frame structure case studies that 

differ in the number of bays and levels. The resulting non-linear capacity curves 

were compared with the performed EF numerical Pushover analyses, in order to 

validate and evaluate the accuracy of the SLaMA-URM method.  

- Chapter 7 presents the application of the SLaMA-URM method to URM 

prototype buildings, in which the interaction between the In-Plane and the Out-

Of-Plane responses is taken into account. The global capacity curves were 

derived by considering both mechanisms and the global performance level is 

identified. Some retrofit strategies are then proposed and their effect on the 

capacity is evaluated, both in terms of the ultimate performance (%NBS) and the 

expected economic losses (EAL). At last, a cost-benefit analysis was carried out 

in order to identify the best retrofit solution. 

- Chapter 8 summarizes the main conclusions of the Thesis and proposes some 

future developments.  
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2. Masonry: material properties and modelling 

2.1 Introduction 

This Chapter describes, initially, the main properties of the masonry material, providing a 

description of its uniaxial and biaxial behaviour. Afterward, a brief description of the different 

idealizations of the structural behaviour that can be adopted when analysing masonry 

structures is shown. Finally, the different micro and macro-modelling strategies for the study 

of the masonry are presented, as well as their corresponding advantages and drawbacks.  

2.2 Masonry properties 

Masonry is a heterogeneous material composed of units, of natural or artificial origin, 

jointed by dry or mortar joints. The units are represented by irregular stones, ashlars, 

adobes, bricks and blocks, and can be joined together using mortar (commonly clay, lime or 

cement-based mortar) or just by simple superimposition. From different combinations of units 

and joints, several arrangements can be defined. In Figures 2.1 and 2.2 are shown some 

possible classifications and arrangements of stone and brick masonry. 

 

Figure 2.1.   Classification of stone masonry: (a) ribble masonry, (b) ashlar masonry and (c) coursed 

ashlar masonry (Lourenço, 1998). 

 

Figure 2.2.   Possible arrangements for brick masonry: (a) American (or common) bond, (b) English 

(or cross) bond, (c) Flemish bond, (d) stack bond, (e) stretcher bond (adapted from Lourenço, 1998). 
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Due to the presence of the bed and the head joints, that identify the planes of weakness, 

the masonry can be defined as a discontinuous material, with an anisotropic behaviour in 

elastic and plastic domains. Given its complex behaviour the study of the masonry has been 

an important challenge in the last century with studies that focused on both its uniaxial and 

biaxial behaviour. Moreover, some experimental tests to observe the corresponding failure 

(uniaxial compressive, tensile and shear failure) were performed on ancient structures and 

materials (Page, 1981, 1983; Mann, 1982; Dhanasekar et al., 1985; Atkinson et al., 1989; 

Vonk, 1992; Neville, 1995; Binda et al., 1996b; Vermeltfoort, 1997; Van der Pluijm, 1993, 

1997; Jefferson and Mills, 1998; Jukes and Riddinton, 1998; Roca et al., 2001). 

The uniaxial behaviour is defined when the stress-displacement relation of the specimen 

is identified. This consists of defining all the “trends” of the representative curve, from the 

pre-peak branch to the more important post-peak one. Indeed, as all the frictional materials, 

also the masonry is characterized by the peculiar softening in the branch after the peak, in 

which continuous imposed displacements correspond to a progressive decrease of the 

mechanical strength. The softening behaviour is a salient feature of quasi-brittle materials 

(i.e. clay brick, mortar, ceramics, rock or concrete) which fail due to the progressive internal 

crack growth, due to the heterogeneity of the material itself, for the presence of different 

phases and defects (flaws and voids). Indeed, as stated in Lourenço (2010), the mortar, even 

prior to loading, contains microcracks due to shrinkage experienced during curing. Inclusions 

and microcracks are also present in clay bricks and are due to the shrinkage, caused by the 

burning process. As the deformation increases, these initial cracks grow, until the peak load 

is reached. At that point the cracks become macrocracks, hence it is necessary to reduce the 

load in order to avoid an uncontrolled growth of cracks. In a deformation-controlled test the 

macrocrack growth results in softening and localization of cracking in a small zone while the 

rest of the specimen unloads. 

Details on the softening behaviour in the tensile failure are outlined in Hordijk (1991). For 

the shear failure, a softening process is observed as the cohesion degradation in Coulomb 

friction models. Instead in Van Mier (1984) and in Vonk (1992) it is stated that, for the 

compressive failure, the softening behaviour is highly dependent upon the boundary 

conditions adopted in the experiments and the size of the specimen.  

The typical stress-displacement diagrams of quasi-brittle materials under uniaxial 

tension, compression and shear are shown in Figure 2.3. More in detail, in tension and 

compression the inelastic behaviour can be described by the corresponding fracture 
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energies, tensile 𝐺𝑓 𝐼 and compressive 𝐺𝑐, defined as the integral of the corresponding 

stress-displacement diagram. Regarding the shear failure mechanism (generally identified as 

mode II), it corresponds to the slip of the unit-mortar interface under shear loading, and the 

shear inelastic behaviour can be described by the mode II fracture energy 𝐺𝑓 𝐼𝐼, defined by 

the integral of the τ – δ diagram, in absence of a normal confining load. 

 

Figure 2.3.   Typical behaviour of quasi-brittle materials under uniaxial (a) tensile and (b) compressive 

loading, and (c) behaviour of masonry under shear (Lourenço, 1996). 

The uniaxial compressive loading leads to a state of triaxial compression in the mortar 

and of compression/biaxial tension in the unit. As stated in Mann and Betzler (1994), the 

failure in this loading condition, is reached when, increasing the deformation, after the 

development of the vertical cracks in the units along the specimen middle line, more cracks 

appear and lead to the split of the prism. Instead, regarding the uniaxial tensile behaviour, 

the failure is caused by the relatively low tensile bond strength between the bed joint and the 

unit. Furthermore, two types of failure can develop with respect to the relative strength of 

joints and units (Backes, 1985): i) stepped cracks through head and bed joints and ii) vertical 
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cracks through the units and head joints. In the first case, in the post-peak stress-

displacement diagram, a residual plateau can be observed, and this behaviour is governed 

by the fracture energy of the head joints and the post-peak shear trend of bed joints. In the 

second case, in the stress-displacement diagram, a progressive softening that reaches zero 

is observed, and the post-peak trend is governed by the fracture energy of the units and 

head joints.  

With regard to the biaxial behaviour, it is strongly dependent on the anisotropic nature of 

the masonry, i.e. the presence and the orientation of the bed and head joints. These joints, 

identifying the material axes, influence the orientation of the principal stresses and hence the 

definition of the strength of the masonry. Due to the masonry anisotropic nature, the biaxial 

strength envelope can be described by a three-dimensional surface, in terms of the full stress 

vector in a fixed set of material axes, or in terms of principal stresses and rotation angle 

between the principal stresses and the material axes. 

The main experimental tests carried out to investigate the biaxial behaviour of masonry 

were performed by Page (1981, 1983), where half-scale brickwork panels, made of solid clay 

units, were subjected to proportional biaxial loading (Figure 2.4). From these studies, it was 

defined that the principal stresses orientation relative to the material axes and the principal 

stress ratio play a fundamental role in the strength and failure modes definition. 

 

Figure 2.4.   Biaxial strength of solid clay brickwork panels (Page, 1981). 

The properties of masonry are strongly dependent on the properties of its components. 

Several are the experimental tests carried out to investigate the unit, mortar and the unit 

mortar interface behaviour. More details on them can be found for uniaxial compressive 

displacement-controlled tests in Vermeltfoort (1997) and Roca et al. (2001); for uniaxial 

tensile tests in Jukes and Riddinton (1998) and Van der Pluijm (1997) and for the shear tests 

in Van der Pluijm (1997), Binda et al. (1996b) and Jukes and Riddinton (1997).  
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2.3 Structural behaviour of masonry 

Among the different possibilities to describe the masonry behaviour associated with the 

given structural problem, the most commonly adopted are the elastic, plastic and non-linear 

behaviours, each defined by its peculiar load-displacement diagram, shown in Figure 2.5. 

According to the selected model, different degrees of complexity are generated as well as 

different analysis costs, in terms of required input data and experience/knowledge of the 

“user”. For example, a non-linear analysis can give a more complete and reliable structural 

response than a linear one (elastic or plastic), but in return requires a higher level of 

complexity that results in higher costs.  

 

Figure 2.5.   General load-displacement diagrams of linear elastic, plastic and non-linear structural 

analyses (adapted from Lourenço, 2002). 

In Oliveira (2003) the main characteristics of the three aforementioned masonry 

behaviours are outlined. The main associated issues are also highlighted.  

More in detail, the assumption of linear elastic behaviour (i.e. a compressive and tensile 

infinite linear elastic behaviour), is a valid procedure only in the case of materials with tensile 

strength, in a which higher level of stresses can be reached. Otherwise, it represents an 

excessive approximation that brings to a not reasonable analysis to describe the behaviour 

of masonry. This consideration is especially true for ancient structures, as highlighted in 

Macchi (1997).  

A different analysis approach that can be adopted for masonry structures is the plastic 

analysis, or limit analysis. It consists of evaluating the maximum, or limit, load that a structure 
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can sustain before reaching the failure, assuming a ductile behaviour of the masonry (with 

zero tensile strength). It is generally based on two methods (the static, i.e. lower bound 

method, or the kinematic, i.e. upper bound method) and aims to define a load multiplier that 

leads to the failure of the structure. In the first method, a lower bound of the limit load is 

obtained, through equilibrium equations, while in the second one the formation of plastic 

hinges in the structure identifies a mechanism and an upper bound of the limit load is 

obtained. 

The more reliable behaviour that can be assumed for the masonry is the non-linear one 

since it is able to describe the complete structural response of a structure, from the elastic 

branch up to the failure. Of course, as stated previously, this adequacy is paid for with a 

higher demand for input data and increased complexity of the analysis. To use the non-linear 

analysis, non-linear constitutive models have to be adopted. The main theories at the base of 

these models are based on phenomenological approach (i.e. based on experimental tests), 

and can be classified as:  

• The theory of plasticity. The pioneering work on the plasticity is the Tresca’s one 

(1964). It consists of replicating the dislocations of the material, being the plastic 

material behaviour characterized by the occurrence of permanent deformations. 

Different are the non-linear models, based on the plasticity theory, developed for 

the study of masonry structures (Dhanasekar et al., 1985; Stankowski et al., 

1993; Lofti and Shing, 1994; Pegon and Pinto, 1996; Lourenço and Rots, 1997; 

Lourenço et al., 1998). Most of these constitutive models were further improved, 

to be able to deal not only with the monotonic loading conditions but also with the 

cyclic ones. Important components, such as the stiffness degradation and 

hysteretic energy dissipation, were introduced in the classical theory of plasticity;  

• The continuum damage mechanics. In this theory, the central issue is the concept 

of damage itself. Damage is represented by the decrease in the elastic property 

(i.e. of the elasticity modulus, as stated in Maugin, 1992) due to the decrease of 

the area that transmits internal forces, that occurs when microcracks appear and 

propagate. The continuum damage mechanics was introduced firstly by 

Kachanov (1958) for creep-related problems and then it was modified by different 

groups (Lemaitre and Caboche, 1985; Kachanov, 1986; Mazars and Pijaudier-

Cabot, 1989). Several damage models have been proposed to analyse the 

masonry structures (Papa, 1996; Gambarotta and Lagomarsino, 1997; Berto et 

al., 2002). 
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2.4 Modelling approaches for URM structures 

The mechanical behaviour of masonry structures has been investigated by several 

studies presented in literature. As a consequence, there are different modelling approaches, 

from those more complex, with more time required and hence more expensive, to those 

simpler and easily applicable by users in daily professional practice. The choice of the best 

modelling strategy is not necessarily identified by the more complex one but depends on 

several aspects as: the availability of the information on the material and the building 

(accurate modelling requires an exhaustive material experimental description), the scale of 

the analyses to be carried out (hence if it is investigated the structure at a local or global 

scale) and the availability of financial resources and time to complete the analyses. Complex 

computational methods require more detailed information on the properties of the masonry 

components (units, mortar and bricks) and although can potentially provide very accurate 

results, but they are much computationally demanding and, therefore, of limited application in 

ordinary seismic vulnerability assessment studies. On the other side, simpler methods reside 

on important simplified assumptions on the masonry material (i.e. assuming it as a 

homogeneous continuum) and hence can lead to a less accurate but more efficient solution.  

Depending on the accuracy level and required simplicity, two main different modelling 

strategies can be considered (Lourenço, 2002):  

(i) the micro-modelling is distinguished in “detailed” (Figure 2.6a) if the units and the 

mortar in the joints are modelled with continuum elements and the unit-mortar 

interface is modelled with discontinuum elements; or in “simplified” (Figure 2.6b), 

if the mortar joints and the unit-mortar interface are modelled with discontinuum 

line interface elements and only the expanded units are modelled with continuum 

elements;  

(ii) the macro-modelling (Figure 2.6c) in which the components of the masonry (units, 

mortar joints and unit-mortar interface) are smeared out in a homogeneous 

anisotropic continuum. 

Both these strategies can be adopted using different approaches (according to the aim of 

the analysis) as Finite Element method, Discrete Element Method (DEM) and the limit 

analysis for the micro-modelling, while continuum finite elements and structural component 

models for the macro-modelling. Therefore, the micro- and macro-modelling can be used for 

structures analysis at a different scale: the micro-modelling is typically used to investigate the 
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local behaviour of masonry structures, instead macro-models are generally used for large 

structures in which a uniform distribution of stresses can be assumed in each macro-length. 

 

Figure 2.6.   Main modelling strategies for masonry structures: (a) detailed micro-modelling; (b) 

simplified micro-modelling; (c) macro-modelling (adapted from Lourenço 2002). 

In the context of FE analysis, based on the description of the material (and the 

formulated nonlinear constitutive laws), in addition to the choice of the scale, it is possible to 

make a distinction between two approaches: discrete and continuous. The former refers to 

the micro-modelling, where the material is described through the geometric and mechanical 

characteristics of its constituents (blocks, mortar joints and the blocks-joints interface, if 

considered), assumed as distinct units, while the latter refers to the macro-modelling, where 

the masonry is assumed as a homogeneous continuum. Of course, since there are different 

interpretations of the masonry material, the obtained results might be different, and the 

choice depends on the analysis to consider. Usually, simplified models are oriented towards 

achieving an adequate compromise between computational burden, complexity, cost, 

accuracy and reliability (or precision) of the results when performing nonlinear analysis for 

existing URM structures. Within this context, the macro-element method, classified as a 

structural component model in the macro-modelling approach, is typically used to analyse 

complex real structures, giving a fair compromise between accuracy and computational 

efforts. Indeed, the macro-element strategy allows to obtain information on both damage 

progression and limit conditions of masonry structures with a very low computational burden. 

It discretizes the wall by a set of masonry panels defined as “piers”, (the vertical resistant 

elements), “spandrels” (the horizontal elements, coupling the piers under seismic loads) and 

“joints” (connections between piers and spandrels), see Figure 2.7b. Among this approach, 

the Equivalent Frame (EF) method is frequently adopted in seismic assessment analysis by 

engineers practitioner for its practice-oriented, reduced time and cost. In this method, piers 

and spandrels are considered according to an effective height and length, respectively, while 
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their connections are modelled as rigid offsets (Figure 2.7c). The national and international 

codes (i.e. NTC 2018; EN1998 2005), understanding the advantages that derive from this 

schematization for the seismic assessment through a non-linear static analysis, suggested 

adopting this method in the analyses.  

 

Figure 2.7.   Example of structural component models of the structure (a) in: (b) macro-element 

modelling and (c) Equivalent Frame method (adapted from Lourenço, 2002). 

In the following Sections, a brief revision on the two main strategies for the numerical 

modelling (detailed and simplified micro- and macro-modelling) of the masonry structures is 

discussed. Particular attention is given to the macro-modelling, i.e. the approach used in this 

Thesis. 

2.4.1 Micro-modelling 

The micro-scale modelling is the most accurate approach to analyse URM structures 

because it models each masonry component (units and joints mortar) with its specific 

mechanical properties and appropriate constitutive laws. Regarding the geometry, it is 

discretized following the actual arrangement.  

In the masonry assemblages, the nonlinear response of the joints is fundamental and it 

depends on the interface between units and joints mortar, that is considered as the weakest 

link, where tensile or shear failure typically occurs, as highlighted by different experimental 

tests (Jukes and Riddington, 1997; Smith and Carter, 1977; Drysdale et al., 1979; Hofmann 

and Stöckl, 1986; Atkinson et al., 1989; Schubert and Hetzemacher, 1992). If the model, 

besides unit and joints mortar, takes into account the unit-mortar interface as a discontinuum 

element with initial fictitious stiffness (to avoid interpenetration of the continuum too), the 
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micro-modelling is defined as detailed. Contrarily, if the interface is neglected and, in order to 

represent the actual geometry, units are modelled as expanded, the micro-modelling is 

defined as simplified (also because the mortar Poisson’s effect is neglected). 

In micro-scale modelling, different methods can be distinguished to represent URM walls: 

the Finite Element (FE) method, the Discrete Element Method (DEM) and the limit analysis.  

The FE method, with interface elements, was at first considered by Page (1978), 

reproducing the nonlinearity of the masonry (modelled with continuum elements representing 

the elastic bricks) and the failure of the joints (modelled as “linkage elements” with high 

compressive strength and low tensile and shear strength). This model aimed to study the in-

plane behaviour of masonry walls, describing the progress of the material damage through a 

progressive degradation of the interface elements stiffness. The explicit reference to the 

problem of the seismic forces is found in Lofti and Shing (1994)’s work, which studied the 

behaviour of masonry walls under shear forces and axial load through interfaces models. 

Other important literature studies that adopted an analogue modelling approach are e.g. Rots 

(1991), Baggio and Trovalusci (1993) and Lourenço and Rots (1997). In this latter work, for 

the first time, in addition to the failure mechanisms involving the mortar joints (i.e. cracking in 

the joints and bed or head joint sliding) and the block failures are also considered (i.e. 

cracking of the masonry units and crushing of the masonry). For its typology, the micro-

modelling FE method is used mostly to reproduce the behaviour of walls characterized by 

limited dimensions (Pegon and Pinto, 1996; Lourenço and Rots, 1997; Giambanco and Gati, 

1997; Giambanco et al., 2001; Formica et al., 2002; Pelissou and Lebon, 2009; Senthivel 

and Lourenço, 2009; Rekik and Lebon, 2010). Two examples of the finite element model 

(with interface elements) are shown in Figures 2.8 and 2.9. 

 

Figure 2.8   Micro-modelling of a shear wall: (a) force-displacement diagram; (b) deformed mesh at 

peak load; (c) deformed mesh at ultimate load (Lourenço, 1996). 
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Figure 2.9   Discontinuum finite element model of the monastery of S. Vicente de Fora, in Lisbon 

(Pegon and Pinto, 1996). 

The DEM was developed by Cundall (1971) for a blocky rocks system and then adapted 

to masonry structures to reproduce the discontinuity of the masonry material. It consists of: 

(i) the schematization of the system by an assembly of blocks connected together through 

contact points, (ii) the integration of the equations of blocks motion, which allows large 

displacements, rotations, cracks or complete detachment between the single elements 

(contrarily to what happens in FE method), (iii) sequential updating of blocks position. This 

method differs from the continuous one for the compatibility conditions on displacements, 

because in the latter the compatibility must be imposed between internal elements, instead of 

in the former it is replaced by the constitutive contact models between adjacent units. In the 

DEM the representation of the contacts and the interaction between the blocks are 

represented by a set of contact points. Each contact force depends on the relative 

displacement of the block at that point. Adjacent blocks can be touched along a common 

edge segment or in discrete points. This hypothesis makes it easier to manage the 

movements between system blocks and grants an important computational efficiency. The 

simplest model of mechanical interaction between blocks is to assume that blocks are 

connected by normal and shear elastic springs, i.e. the interaction forces are proportional to 

the relative displacement between the two blocks. In this method, the position of the contact 

points is updated automatically when the blocks move and the process of cracking is defined 

with the simplest technique with respect to the FE modelling. A disadvantage is that the 

crack propagation depends mainly on the element shape, size and arrangement, as 

highlighted in Meguro and Tagel-Din (2000). Two examples of the application of the DEM to 

masonry structures are shown in Figure 2.10.  
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Figure 2.10   Examples of application of the Discrete Element Method (DEM) to analyze: (a) masonry 

arch bridge (Lemos, 1995); (b) dry stone masonry pedestal sustaining a statue (Sincraian, 2001). 

In the micro-modelling field, the Kooharian (1952) and Heyman (1966) works introduce 

the limit analysis to investigate the masonry block structures. This is a structural analysis 

method to estimate the collapse load of a structure and the related mechanism. It is based 

on a set of limit theorems, based on the conservation of energy and it is essentially referred 

to the study of balances and kinematics of rigid bodies, tracing the masonry wall to one 

kinematic chain, starting from the hypotheses of no-tensile strength and, in general, of infinite 

compressive strength (i.e. no deformability is considered). Assuming the kinematics, the 

system has a unique equivalent degree of freedom, giving the possibility to calculate the 

static multiplier of loads at the mechanism activation threshold: this multiplier would 

represent, under the hypothesis of perfectly rigid behaviour up to the activation, the value of 

the horizontal collapse acceleration associated with that particular collapse mechanism. In 

the past years, several researches aimed to the analytical and correct formulation of the limit 

analysis of URM structures to develop a unilateral model for the material, assumed as rigid 

(Como, 1992) or elastic (Giaquinta and Giusti, 1985; Del Piero, 1989; Di Pasquale, 1992; 

Angelillo, 1993; Angelillo et al., 2010; Fortunato, 2010; Fraternali, 2011; Angelillo et al., 2013; 

Angelillo et al., 2018; Angelillo, 2019). From an application point of view, many models based 

on FE analysis have been reported in literature and it is possible to distinguish continuum 

(Como and Grimaldi, 1985; De Buhan and De Felice, 1997; Milani et al., 2006) from discrete 

approaches (Livesley, 1978, 1992; Baggio and Trovalusci, 1993; Sutcliffe et al., 2001). 

Micro-modelling, thanks to its fidelity to the actual geometry and arrangement of the 

masonry material, has the advantage to be extremely accurate and for this reason, it is 

currently considered the most advanced modelling in the field of scientific research. On the 

other hand, it requires a computational burden extremely high that, in many cases, cannot be 

afforded for simulating the nonlinear response of entire buildings. However, micro-modelling 



Chapter 2. Masonry: material properties and modelling 

 

21 

 

plays an important role in the comparison, verification and calibration of the masonry 

mechanical parameters. 

2.4.2 Macro-modelling 

To limit the computational burden derived from sophisticated modelling approaches (i.e. 

micro-modelling) and to reduce the intrinsic complexity of masonry material, the macro-scale 

modelling has been introduced. In this approach, the masonry material is considered as a 

continuum anisotropic whose mechanical behaviour is derived from phenomenological 

observations or through appropriate homogenization procedures.  

The continuum behaviour is defined through mean macroscopic quantities derived from 

the mechanical and geometric properties of masonry constituents (units and joints mortar). 

The difficulty in these kinds of approaches is given by the identification of a nonlinear 

anisotropic law for the continuum material, but once it is formulated, this modelling allows to 

reproduce, describe and analyse, in a sufficiently accurate way, the behaviour of small, large 

and complex structures until collapse. 

While phenomenological approaches have found wide use in limit analysis, 

micromechanical approaches are the main reference for the study of the response of the 

material to damage. Many models actually propose a mixed approach where 

micromechanical theory is employed in the homogenization of the material elastic properties, 

while phenomenological considerations are adopted to describe the inelastic damage laws. 

One of the first important contributions to the continuous modelling of masonry was proposed 

by Pietruszczak and Niu (1992), where the aim of obtaining the three-dimensional modelling 

of the masonry was pursued through a purely micromechanical approach. The procedure 

homogenization is carried out in two steps: (i) at first a continuum consisting in a matrix of 

blocks and secondary (or head) mortar joints is homogenized (assuming an elastic-brittle 

behaviour); (ii) the second phase of homogenization of the continuum is carried out adding 

the principal (or bed) mortar joints (assuming an elastic-plastic behaviour and interface with 

perfect cohesion). Then, in addition, determining the average elastic parameters of the 

homogenized continuum, an evolution law for damage, from the inelastic phase to collapse, 

is defined. 
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A similar procedure, from the two steps homogenization to the description of the 

damage, is schematized in Maier et al. (1991). In this study, for the first time in masonry 

modelling, the principles of fracture mechanics and damage to micro-cracked solids, 

processed in previous years in the field of concrete structures, were introduced. 

Homogenization of mechanical properties in recent decades has attracted growing 

interests and led to the definition of different homogenization procedures for in-plane 2D 

cases, such as (Lee et al., 1996; Alpa and Monetto, 1994; Andreas, 1996; De Buhan and De 

Felice, 1997; Luciano and Sacco, 1997; Lourenço et al., 1997; Gambarotta and 

Lagomarsino, 1997; Berto et al., 2002; Uva and Salerno, 2006; Calderini and Lagomarsino, 

2008; Sacco, 2009). The extension to 3D cases, subjected also to out-of-plane forces, was 

investigated by different studies in the past years (Cecchi and Sab, 2002b; Cecchi et al., 

2005; Chengqing and Hong, 2006). 

In macro-scale modelling, Finite Element (FE) and structural component models can be 

distinguished to reproduce and simulate the behaviour of URM structures.  

The continuum FE method was developed in several studies (Pegon and Anthoine, 

1997; Lourenço et al., 1998; Macchi, 2001; Lourenço, 2000, 2002; Silva et al., 2018).  

The simplest adopted approach to model URM structures is highlighted by the structural 

component models (Marques and Lourenço, 2011; 2014). These approaches aimed to the 

substantial reduction of the computational burden (for an important reduction of the number 

of degrees of freedom) being based on discrete modeling of the entire structure in the 

assembling of the macro-elements as structural components. They are a priori identified, on 

the basis of earthquake-damage observations, from which it was observed that the damage 

and crisis are generally focused in some regions of the URM walls (piers and spandrels), 

while in their connections zones no systematic damage phenomena occur. Piers panels are 

the vertical structural elements, responsible for resisting vertical and horizontal loads, while 

the spandrel panels are the horizontal elements, between two aligned openings, that have a 

coupling role for adjacent pier panels when the structure is subjected to horizontal loads. All 

the parameters that characterize the macro-elements are average quantities, and the 

information of what happens locally within the portion of the structure represents generalized 

values. The main difference between the structural components models and the finite 

element models is the adopted constitutive law. In the first case, it attempts to reproduce the 

mechanical response of panel-scale structural components, while the constitutive law of the 
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FE models tries to reproduce the mechanical behavior of the masonry material. The reliability 

of these models is obviously linked to the ability to describe the damage phenomena that 

occur: a single macro-element has to be able to describe the fundamental modalities of 

masonry collapse, such as flexural and shear failure and has also to match the correct level 

of degradation.  

In the models of the structural components, it is possible to distinguish between one-

dimensional modelling of the URM components (idealized as a beam with nonlinear 

behaviour or as strut-elements) and models based on two-dimensional modelling of piers, 

spandrel and joint (the connection between pier and spandrel).   

In the one-dimensional strut modelling of URM components, the model proposed by 

Calderoni et al. (1987, 1989), shown in Figure 2.11, schematizes the wall in equivalent struts 

(with an inclination and stiffness that reproduce the wall behavior), considering the reagent 

portion of the structure. The model is characterized by a “variable geometry” since it 

considers the variations of dimensions and inclination of the struts according to the increase 

of the reagent portion of masonry. When the equilibrium limit configuration is reached (or 

when the strut reaches its compressive strength), the crisis of the panel occurs. 

 

Figure 2.11.   Modelling of walls through equivalent struts: (a) identification of the strut element; (b) 

wall modelled with equivalent struts (adapted from Calderoni et al., 1987, 1989). 

In the context of the one-dimensional modelling of URM components, an important role is 

assumed by the equivalent frame models, in which the structure is idealized by means of 

linear elements as beam type with shear and flexural deformations. Among these, the POR 

method proposed by Tomaževič (1978) is considered the pioneering one. It consists of a 

schematization of the URM structures in shear-type frames carrying out analyses on each 

floor. The scheme of the URM walls resulted in a “weak pier-strong spandrel” approach, 
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where the pier panels are modelled with an elastic-plastic relationship to describe the beam 

nonlinearity, with a limit strength value based on the diagonal cracking failure mechanism, 

while the spandrel panels and the nodal region are considered rigid. Since the dramatic 

consequences of the Irpinia earthquake in the 1980s for at least 30 years, this method, for its 

easy applicability in the nonlinear seismic analysis, was widely used by practitioners and 

suggested by the past national codes. Nowadays this approach is outdated for its excessive 

approximations, related to the assumption that the piers are the only panels subjected to 

crisis and the spandrels are considered infinitely rigid. If this approach can lead to acceptable 

results in the case of squat pier panels subjected to high axial loads and spandrel panels 

sufficiently rigid, in all other cases, it overestimates the response of URM walls and leads to 

wrong expected failure mechanisms, that does not match the damage observed after 

earthquake events.  

Successive upgrades of this method were developed. In order to consider the flexibility 

and limited strength of spandrel panels, the PORFLEX method was developed by Braga and 

Dolce (1982). It considers both the flexure and shear mechanisms for pier panels and only 

the shear mechanism for the spandrel panels (moving from the shear-type assumption to the 

plastic hinge development), still neglecting the axial load variation on the pier panels.  

Another modification was made by the POR 90 method proposed by Dolce (1991). As in 

the POR method, the pier panels are characterized by an elastic-plastic law, with shear and 

flexural failure mechanisms, but the definition of the pier panels stiffness was derived from 

the equivalent height of them, based on the spandrel panels geometric dimensions. Not 

taking into account the variation of the axial force to which the pier panels are subjected, all 

of the POR methods do not satisfy the global equilibrium of the wall, not balancing the 

overturning moment induced by horizontal actions. Furthermore, these methods, considering 

the nonlinear analysis distinctly at each floor, lead to the implicit assumption of boundary 

condition for piers, which in reality depends on the stiffness and strength of spandrel panels. 

To correctly taking into account these aspects, a global analysis of the structure is requested. 

To overcome some of the important limitations of the POR methods, the so-called 

macro-element models can be adopted. These approaches idealize the URM wall as an 

equivalent frame in which deformable components (pier and spandrel panels) are linked by 

rigid joint panels.  

Among the applications of equivalent frame models, the SAM method, developed by 

Magenes and Calvi (1996), is one of the first proposed. This method overcomes the issue of 
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the POR ones in satisfying the wall global equilibrium, by considering the analysis of the 

whole multi-storey structure. It models the pier and the spandrel panels with truss elements 

and the pier-spandrel panels connections as rigid elements (see Figure 2.12a). To consider 

approximately the joint panel deformability, the effective height of the piers panel is taken 

from Dolce (1991)’s formulation while the length of the spandrel is set equal to the length of 

the openings. To each pier panel is associated an elastic-plastic shear-horizontal 

displacement relationship (see Figure 2.12b), and the ultimate shear value is identified by the 

minimum between flexural, sliding shear and diagonal cracking shear strength. This method 

takes into account the axial load variation on the piers during the analysis, hence considering 

the possible variation on the piers shear strength. Regarding the spandrel panels, it is 

assumed an elastic-brittle relationship and the ultimate strength value is limited by the 

minimum between sliding and diagonal cracking shear, neglecting the flexural behaviour. 

The main hypotheses of the SAM method are: (i) the spandrel panels are characterized by a 

finite strength; (ii) the pier panels change their constraint conditions by increasing the load, 

going from a shear-type model to a cantilevered model; (iii) the acting loads are distributed 

based on the linear elastic stiffness of panels. The crisis of the components is reached in 

terms of drift. Indeed, in Magenes and Calvi (1997)’s study, it was highlighted that the 

ultimate displacement can be assumed equal to the ultimate distortion, assumed as drift, 

given by the ratio between horizontal displacement and the height of the panel. This 

assumption resides in the observations that walls with different aspect ratios tend to present 

a very limited dispersion of the ultimate angular deformation values, compared with that 

found for the displacement ultimate ductility values.   

 

Figure 2.12.   SAM method: (a) equivalent frame model and (b) bilinear relationship assumed for piers 

(adapted from Magenes, 2000). 
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In addition to the several comparisons and validations both with experimental tests 

(Magenes et al., 1995) and with others modeling strategies (including FEM methods), 

successive improvements of the SAM method were developed by Magenes and Della 

Fontana (1998), where multi-mode dynamic analysis and static pushover of URM structures 

were performed.  

According to the equivalent frame approach, a model based on the use of multi-springs 

nonlinear zero-length elements connected by rigid links was presented by Rinaldin et al. 

(2016), as schematically shown in Figure 2.13. Nonlinear springs were placed at the two 

ends of the URM components (piers and spandrels) for describing the flexural (rocking) 

behavior and in the middle for representing the shear (sliding and diagonal cracking) 

response. The pier-spandrel connection is modelled as rigid links. Specific hysteretic rules 

were used for reproducing the stiffness and strength degradation as well as the actual 

energy dissipation capacity under cyclic loading. 

 

Figure 2.13.   Macro-elements with nonlinear springs for (a) piers and (b) spandrels; (c) shear (on the 

left) and flexural (on the right) multi-spring elements (adapted from Rinaldin et al., 2016). 

Among the macro-element bi-dimensional models, it is possible to insert the RAN 

method, developed by Augenti et al. (1984a-g). In its first definition, it allowed to perform 

linear static analysis of URM structures and, in a more recent version with some 

improvements, the method was extended to a nonlinear incremental static analysis by means 

of a distributed plasticity modelling of masonry components (Augenti and Parisi, 2009a). 

Through the idealization of URM wall with openings using an equivalent frame composed of 
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two-dimensional elements panels (spandrel, pier and joint) with axial, flexural and shear 

flexibilities (schematically shown in Figure 2.14), the global seismic performance is 

assessed. The modelling consists of considering: (i) joint panels as infinitely rigid; (ii) the 

mechanical properties of vertical (piers panel) and horizontal (spandrel panels) macro-

elements through limit strength domains and force-displacement curves dependent on 

geometrical and mechanical non-linearity phenomena; (iii) masonry as a homogeneous no-

tensile resistant elastic-plastic material in uniaxial compression. If the box behaviour is 

guaranteed by the presence of rigid floor diaphragms and/or tie-elements (e.g. RC ring 

beams or steel ties), the global response of the structure can be considered. If this is not the 

case, each masonry wall can be analyzed separately from the others through linear or 

nonlinear seismic analysis. 

 

Figure 2.14.   Macro-elements within a regular masonry wall with openings (Augenti et al., 2011). 

Both the models developed by Braga and Liberatore (1990) and D’Asdia and Viskovic 

(1994) are two-dimensional macro-element models. In these, the unilateral no-tension 

behaviour of the masonry is assumed. The first consists of a series of elementary triangular 

compressed panels and assumed a stress state with the null tensile strength of the masonry 

(Figure 2.15a). From several applications, it was found that this model overestimates the 

ultimate strength of the structure probably because it neglects the shear failure mechanism 

of URM walls. Contrarily, the second model adopts techniques to modify the geometry of the 

panels during the analysis, in order to exclude the portion of masonry in whose tensile 

stresses exceed the strength value and hence to reproduce the progressive partialisation of 

the transversal section and the degradation of the global stiffness. The model is based on the 

introduction of macro-elements consisting of a limited number of triangular elastic-linear finite 

elements (Figure 2.15b). These finite elements have constant deformation, i.e. are 

characterized by a displacement field that depends linearly on the vertices displacements. 
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Two different macro-elements are adopted: one to model piers and spandrels while another 

to model the linked panels between piers and spandrels. With increasing section 

partialisation, the shape and the behavior of the panel become similar to those of a strut, 

capable of identifying the real trend of the masonry in resisting loads by assuming equilibrium 

configurations with the development of only compression stresses.  

 

Figure 2.15.   Two macro-element models: (a) Braga and Liberatore’s model (adapted from Braga and 

Liberatore, 1990); (b) D’Asdia and Viskovic (1994)‘s model: (b1) pier; (b2) connection zone; (b3) wall 

(adapted from D’Asdia and Viskovic, 1994). 

Another important method that belongs to the two-dimensional macro-element 

classification, is that developed by Brencich and Lagomarsino (1998). It is based on the 

modelling of URM structures with an assemblage of frame-equivalent wall models, to 

reproduce pier and spandrel panels, connected by rigid offsets at the end sections (pier-

spandrel joints). The macro-element is composed of a central rigid part and two extreme 

parts with bending flexibility and neglected dimensions (Figure 2.16a). At first, each of the 

extreme parts was characterized by two translational and rotational kinematic DOFs. With 

successive model improvements, two additional DOFs were associated with the central part 

to account for shear mechanisms and rocking, resulting in a macro-element with eight DOFs 

(Figure 2.16b). A refinement of this method, and the subsequent validation with experimental 

results, was performed by Penna (2002). In detail, the author modifies the compression 

behavior with the implementation of a phenomenological model with limited strength at the 

edges of the panel while bending-overturning, in order to take into account also the condition 

of crushing and compression damage of the reduced sections. 
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Figure 2.16.   Kinematic model of the macro-element: (a) of the whole panel and (b) of the individual 

substructures (adapted from Lagomarsino et al., 2013). 

This method was implemented in the software TREMURI (Lagomarsino et al., 2013) and 

its validation and calibration were carried out also by Cattari et al. (2004), through quasi-

static lateral loading tests performed on a URM building model in displacement control. An 

important novelty, with respect to the SAM method, is the possibility to consider in the global 

capacity the in-plane flexibility of floor diaphragms, in order to adopt the wooden, metallic or 

vaulted diaphragms that are commonly found in existing URM buildings. 

Another two-dimensional model was developed by Caliò et al. (2005, 2008, 2012). It can 

be considered somewhere between the discrete and macro-element model as it is 

conceived. At first, the 2D model was developed. The piers and spandrels are idealized 

through equivalent discrete elements made of nonlinear springs to simulate the in-plane 

nonlinear response of masonry walls. An articulated quadrilateral constituted by four rigid 

edges connected by four hinges and two diagonal nonlinear springs represents the basic 

panel element (see Figure 2.17a). The panel can interact along each side with other panels 

by means of an arbitrary number of nonlinear springs (defining interface elements). This kind 

of modelling leads to consider the interaction effect between masonry and other elements 

(e.g. RC ring beams or steel ties). This approach can be adopted also in structures with 

irregular or complex geometry (as not aligned openings), thanks to the possibility to increase 

the mesh density for each structural component, as shown in Figure 2.17b. The model is 

able to identify the in-plane failure mechanism of URM walls (i.e. toe-crushing/rocking, 
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diagonal cracking and sliding) and the possible combined one. To extend this modelling to 

3D structures, it is possible to consider the assembling of 2D walls, if the global “box 

behaviour” is guaranteed by effective connections between orthogonal walls and/or rigid floor 

diaphragm. Otherwise, the simulation of the out-of-plane failure mechanisms is provided. In 

addition to the 2D macro-element model, also the 3D model was developed by the authors. 

In Caliò et al. (2012), the reliability of the approach was evaluated by means of experimental 

nonlinear incremental static analyses performed on masonry structures, and such a modeling 

approach was used to represent piers and spandrels through basic panel elements. This 

modeling strategy was used in Pantò et al. (2016, 2018) to simulate also the masonry 

material response in addition to the structural components one. 

 

Figure 2.17.   Modelling of a wall through two different meshes: (a) a macro-model for each wall panel 

and (b) 4-macro-elements mesh for each wall panel (adapted from Caliò et al., 2012). 

From the brief overview of the main modelling approaches employed in the analysis of 

URM structures, it can be said that the alternative discontinuous finite or discrete element 

models appear possible, although expensive, and advantageous only in the research field. 

On the contrary continuous simplified models, thanks to their limited computational burden 

and their balance between accuracy and efficiency of the solution they are the most widely 

diffused for the seismic assessment of URM structures in daily practices. This is true 

especially in the case of engineering practitioners, thanks to their usually easy and fast 

definition of model and mechanical characterization. Nevertheless, most of these simplified 

approaches, as they are conceived, do not allow to consider aspects related to structural 

details (such as the effective connections between orthogonal walls) and consider an a priori 

schematization of the geometry and mechanical properties that could also be far from the 

real one.  
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3. Seismic performance of existing URM structures 

3.1 Introduction 

The seismic response of URM structures subjected to lateral load is characterized by a 

defined hierarchy of failure modes (Figure 3.1). In detail, if the quality of the mortar is poor, 

the first failure mechanism expected to occur is the crumbling of the masonry. If the mortar 

has an adequate characterization but the orthogonal walls are not sufficiently connected to 

each other and/or the wall-to-diaphragm connections are not guaranteed, the out-of-plane 

mechanisms (or first mode) occur in the structure. Instead, if the “box-like” (or monolithic) 

behaviour is guaranteed, the in-plane mechanisms (or second mode) are activated.  

 

Figure 3.1.   Hierarchy of failure mechanisms: (a) masonry crumbling; (b) out-of-plane failure; (c) in-

plane failure (adapted from Giuffrè, 1993). 

Moreover, the stiffness (or vice versa flexibility) of floor diaphragms plays an important 

role in the overall response of URM structures. The horizontal diaphragms have the task of 

redistributing the seismic force between the vertical resistant elements and this capacity 

depends greatly on the type of floor present in the building. Two macro-categories of the floor 

can define according to their plane or orthogonal stiffness: rigid and flexible floors. The 

presence of a rigid diaphragm (i.e. with concrete slab) allows, if the adequate connections 

between vertical elements are guaranteed, the "box-like" behaviour of the structure, 

redistributing the horizontal seismic force in a way proportional to the stiffness of the resistant 

elements. This consequently implies that the stiffer vertical element absorbs a greater rate of 

horizontal effort than the others. On the other hand, a flexible diaphragm (i.e. a simple timber 
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floor) no longer guarantees the overall response of the structure to the seismic action, 

showing behaviour similar to that of a supported beam characterized by flexural and shear 

deformation, causing out-of-plane local mechanisms. 

The analysis of the overall response of a building can be carried out when local out-of-

plane collapse mechanisms are prevented (i.e. in presence of tie rods or spreader-beam) 

and consequently the structure behaviour is governed by the in-plane resistance of the walls. 

Contrarily, when the construction does not manifest a clear global behaviour, but reacts to 

the earthquake as a set of isolated subsystems (or macro-elements) it is necessary to carry 

out a comprehensive set of local analyses. 

For the purpose of this Thesis, the behaviour of the URM structural components under 

lateral loads has to be investigated. This Chapter is dedicated to an overview of the state-of-

the-art on the Out-Of-Plane and In-Plane failure mechanisms of URM structures, outlining 

the several formulations, available in literature and adopted by national and international 

codes, to assess the strength in a simplified way. Due to the topic of this Thesis, more detail 

is given to the in-plane failure mechanisms, to provide a wide overview of the existing 

structural elements analytical models. 

3.2 Out-Of-Plane failure mechanisms 

The damage observation from past earthquakes has shown that the most recurrent 

failure mechanism in URM structures is the overturning of entire walls or, most commonly, of 

a portion of them (D’Ayala, 1999b; Karantoni and Bouckovalas, 1997; Tomaževič et al., 

1999; D’Ayala and Speranza, 2003a). 

Among the factors that contribute to the overturning vulnerability of URM structures, the 

degree of connection between orthogonal walls and the in-plane stiffness of floor diaphragms 

greatly affect the seismic response of the structures (Rota et al., 2011). Indeed, in the case 

of poor wall-to-floor connection, the only restraint to overturning is the friction of the contact 

surface exerted by other elements to a wall. Hence different types of failure due to the 

overturning of the walls orthogonal to the seismic load is expected to occur, leading to severe 

damage at any intensity of shaking. In Figure 3.2 are shown some examples of the typical 

mechanisms for overturning failures. 
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Figure 3.2.   Mechanisms of overturning failures (adapted from D’Ayala and Speranza, 2003a). 

Contrarily, the simple overturning failure can be avoided improving the connection 

between walls and horizontal diaphragms through the introduction of, for example, ties or 

ring beams, leading to the appearance of mechanisms based on the arch effect (see Figure 

3.3).  

 

Figure 3.3.   Mechanisms based on the arch effect (adapted from D’Ayala and Speranza, 2003a). 

From the ’80s, some methodologies were proposed in literature to identify the seismic 

vulnerability of URM existing buildings (Benedetti and Petrini, 1984; Bernardini et al., 1990; 

Giuffrè, 1993; Giuffrè and Carocci, 1997; Brun et al., 1999; D’Ayala and Speranza, 1999a; de 

Felice and Giannini, 2001; D’Ayala and Speranza, 2003a; Modena et al., 2004a; Munari et 

al., 2009), aiming to a strengthening program, based on priorities. These methodologies 

proposed to identify the horizontal static-equivalent forces that activate specific local failure 

mechanisms, or overturning of some structural portions of the building. At first, these 

structural portions, or macro-elements, with an autonomous behaviour with respect to that of 

the entire building, should be identified. These macro-elements, based on the load and on 

the masonry properties, could be defined by single or combined structural components, and 

they are characterized by loss of equilibrium, or kinematic mechanisms (caused by the 

absence of effective wall-to-wall and/or wall-to-horizontal structures connections). Through 

the limit analysis of equilibrium, as suggested by the Italian Code (NTC 2018), the possible 

collapse kinematic mechanisms of each identified macro-element have to be considered. To 

this aim, the following (on the safe side) assumptions are usually made: limited deformability 
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(hypothesis acceptable for masonry); null tensile strength of masonry; neglected sliding 

between blocks; infinite compressive strength of masonry (considering concentrated hinges). 

For a more realistic simulation, some approximations can also be modified, considering the 

sliding of the blocks (in presence of friction), the walls connection and a limited masonry 

compressive strength (considering the plastic hinge adequately set back from the edge of the 

section). Finally, the multiplier of the horizontal loads which leads to a loss of equilibrium of 

the system (that activated the kinematic mechanism), or collapse multiplier, can be identified. 

The mechanism connected to the lowest value of collapse multiplier is the weakest one and, 

consequently, the most probable to occur. The choice of the macro-elements to analyse in a 

given building can be facilitated by referring to abaci of the typical damages occurring in 

constructive typologies (i.e. buildings, churches, palaces) obtained from the observation of 

the past earthquakes damage. An example of the abacus of the possible collapse 

mechanisms for row buildings is shown in Figure 3.4. 

 

Figure 3.4.   Abacus of the collapse mechanisms for row buildings (D’Ayala and Speranza, 1999a). 
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As aforementioned, the analysis of local collapse mechanisms is necessary only if the 

building does not show a monolithic (or “box-like”) behaviour. Indeed, the experience from 

the past earthquakes has shown that the prevention of the out-of-plane collapse mechanisms 

can be provided by an effective connection between orthogonal walls and between walls and 

horizontal diaphragms. 

3.3 In-Plane failure mechanisms 

The II mode mechanisms are activated when the “box-like” behaviour of the structure is 

guaranteed, more in detail when the orthogonal walls and wall-to-diaphragm connections are 

adequate. Among these mechanisms, the flexural and shear behaviour can be recognized. 

More details are given in the following Sections. 

3.3.1 Structural components analytical models 

In the following Sections, the flexural and shear mechanisms are extensively presented, 

providing an overview on the main rules and formulations given in literature or code 

provisions to assess the corresponding strength for the structural URM components (pier and 

spandrel). Regarding the pier-spandrel joints, the evidence of no damage in URM walls 

during earthquakes has led to assume them as rigid, in the Equivalent Frame (EF) modelling 

approach, and furthermore different studies have been developed to estimate the effective 

deformable height and length of piers and spandrels, respectively (e.g. Dolce, 1991; 

Lagomarsino et al., 2013). 

3.3.2 Pier behaviour 

As observed from damage after earthquakes, the masonry piers when subjected to in-

plane loading can typically show two typologies of failure mechanisms and crack patterns 

(Magenes and Calvi, 1997): (i) a flexural failure mode, in terms of toe-crushing failure, if the 

compression strength is low when compared to the compression stress, or in terms of 

rocking failure if the piers are expected to rotate; and (ii) a shear response, in terms of 

diagonal cracking, if diagonal cracks are developed in a step-wise manner through the 
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mortar joints or in a straight diagonal line through the bricks, or in terms of sliding failure if 

horizontal cracks define sliding planes in the bed-joints. In Figure 3.5 are shown the possible 

in-plane failure mechanisms of a URM pier subjected to lateral load. 

 

Figure 3.5.   In-plane behaviour modes for laterally loaded URM piers: (a) rocking/toe crushing; (b) 

shear sliding; (c) diagonal cracking through the bricks; (d) stair stepped diagonal cracking (adapted 

from Marzahn, 1998). 

The failure mode is strongly dependent on the geometric aspect ratio, on the boundary 

conditions, on the material properties and on the applied axial load, as highlighted in several 

experimental campaigns (Magenes and Calvi, 1992; Vasconcelos, 1995; Vasconcelos and 

Lourenço, 2006; Calderini et al., 2009). In general, it can be observed that: the rocking 

behaviour characterizes the slender piers subjected to low vertical compression levels; the 

crushing occurs for high levels of vertical compression (related to the masonry compressive 

strength); the bed-joint sliding behaviour takes place in very squat piers (Abrams, 1992; 

Magenes and Calvi, 1992; Anthoine et al., 1994; Magenes and Calvi, 1997) or in moderately 

slender piers for a high level of vertical compression (Mayes and Clough, 1975a; Bosiljkov et 

al., 2003; Vasconcelos and Lourenço, 2006); the diagonal cracking behaviour is expected to 

occur in moderately slender piers with high axial load (Vasconcelos and Lourenço, 2009) and 

in detail, the diagonal cracking through the bricks tends to prevail over the stair-stepped one 

for increasing levels of vertical compression (Lourenço et al., 2005) and for increasing ratio 

between mortar and brick strengths (Mayes and Clough, 1975b; Bosiljkov et al., 2003). 

Furthermore, from Vasconcelos and Lourenço (2006) and Giuffrè (1993), it was stated that 

by increasing the interlocking of the bricks, the stair-stepped diagonal cracking strength 

becomes higher, leading to the development of one of the other failure mechanisms.  

Regarding the displacement capacity, few are the indications from experimental 

campaigns. Italian and European codes suggest limit values, based on the flexural or shear 
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expected failure mode, with reference to Magenes (2010) experimental results. More in 

detail, in that study it was found that for a pier with height equal to ℎ and displacement 

capacity equal to 𝛿𝑢, the ultimate drift (assumed as 𝜃𝑢 = 𝛿𝑢/ℎ) can be defined for flexural 

failure mode as 𝜃𝑢 > 0.8% and for shear failure mode as 𝜃𝑢 ≤ 0.4%. Although the 

international recommendations are very useful for the practicing engineers giving an 

important value for the analyses, nowadays it is clear how these values are the magnitude of 

the displacement capacity which depends not only on the typology of the expected failure 

mode but also on the geometric aspect ratio, on the applied vertical axial load (Frumento et 

al., 2009) and on the boundary conditions of the piers.  

3.3.2.1 Flexural (rocking) failure 

The rocking response of walls was firstly identified by Housner, with his Simple Rocking 

Model (SRM) (Housner, 1963), in which rocking motion is investigated for structures of 

inverted pendulum type and expressed in function of the size and slenderness of the blocks, 

of the coefficient of restitution and of the ground motion properties. 

In the following years, several studies in literature aimed to describe the rocking failure 

mode of URM piers in an analytical way, to be of daily use by engineering practitioners. Most 

of these formulations have been derived from the equilibrium of the forces, assuming a 

behavior of the masonry similar to the one of concrete under uniaxial compression. In detail, 

it was considered that this failure mode is characterized by horizontal cracks along mortar 

joints that generate a localized damage mechanism on one side, reduce the resisting section 

and concentrate the compressive stresses on the opposite side. To analyse the flexural 

behaviour of URM piers is generally adopted the sectional analysis, assuming no-tensile 

strength and limited compressive strength. In the following are outlined the main formulations 

available in literature and in national and international codes to define the rocking failure 

strength, which generally governs piers with a high aspect ratio and low vertical axial stress.  

Magenes and Calvi (1997) presented a procedure to assess the response of brick 

masonry walls, using refined numerical simulations and laboratory tests to validate their 

analytical prediction in terms of strength, failure modes and in general in terms of the non-

linear response of masonry walls. As shown in Figure 3.6, the formulation of the rocking 

strength 𝑉𝑟 is defined assuming an idealized rectangular distribution of compressive stress in 
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the pier toe, with the coefficient 𝑘, assumed equal to 0.85, to reduce the ultimate 

compressive strength of the masonry 𝑓𝑢 (Equation 3.1): 

𝑉𝑟 =
𝐷𝑡𝑝

2𝛼𝑣
(1 −

𝑝

𝑘𝑓𝑢
) (3.1) 

where 𝐷 and 𝑡 are the length and the thickness of the pier, respectively; 𝑝 is the mean 

compressive stress (due to the axial load 𝑃); 𝛼𝑣 is the shear ratio defined as the ratio of the 

effective height to the width of the pier as 𝛼𝑣 = 𝜓′𝐻/𝐷, with 𝜓′ taken as 1 if the pier is fixed-

free pier (cantilevered condition) or 0.5 if it is fixed-fixed pier. As highlighted in this study, the 

rocking strength results strongly dependent on the value of 𝛼𝑣 and just a little on the 

parameters 𝑘 and 𝑓𝑢. 

 

Figure 3.6.   Assumptions adopted for assessing the rocking strength of a wall (adapted from Magenes 

and Calvi, 1997). 

A similar formulation for the design lateral resistance in rocking mode 𝐻𝑓,𝑤 is assumed in 

Tomaževič (1999). In his study, it is considered a characteristic compressive strength of the 

masonry 𝑓𝑘, instead of the ultimate compressive strength, and a partial safety factor for 

masonry 𝛾𝑚 is adopted (Equation 3.2): 

𝐻𝑓,𝑤 =
𝐷𝑡𝑝

2𝛼𝑣
(1 −

𝛾𝑚𝑝

𝑓𝑘
) (3.2) 

Regarding national and international codes, in the Italian code (NTC 2018) and in New 

Zealand guidelines (NZSEE 2017b) the flexural strength related to the rocking mechanism is 

typically defined assuming an equivalent rectangular compressive stress block. 
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International codes give different but similar expressions for the ultimate flexural strength 

and the corresponding ultimate drift of piers. The formulations adopted by Eurocode 8 

(EN1998 2005), ASCE 41, New Zealand guidelines (NZSEE 2017b) and Italian code (NTC 

2018) are detailed in the following. 

Eurocode 8 (EC8) defines the shear strength 𝑉𝑓 of a pier under an axial load 𝑁 

corresponding to the rocking behaviour due to combined bending and axial load as (Equation 

3.3): 

𝑉𝑓 =
𝐷𝑁

2𝐻0

(1 − 1.15𝜈𝑑) (3.3) 

where 𝐷 and 𝐻0 are the depth of the pier and the distance between the section where the 

flexural capacity is attained and the contra flexure point, respectively; 𝑁 is the acting axial 

load; 𝜈𝑑 is the normalized axial load assumed as 𝑁/𝐷𝑡𝑓𝑑, where 𝑡 is the thickness of the pier 

and 𝑓𝑑 is the design compressive strength, defined as 𝑓𝑑 = 𝑓𝑚/𝐶𝐹𝑚 (where 𝑓𝑚 is the mean 

compressive strength and 𝐶𝐹𝑚 is the confidence factor for masonry). The ultimate drift 

corresponding to the failure under combined bending and axial force is assumed as 0.008 

𝐻0/𝐷. 

In ASCE 41 the shear strength 𝑉𝑟 is defined as (Equation 3.4): 

𝑉𝑟 = 0.9(𝛼𝑃𝐷 + 0.5𝑃𝑤)
𝐿

ℎ𝑒𝑓𝑓

(3.4) 

where 𝛼 is a factor equal to 0.5 for cantilevered pier or 1.0 for fixed-fixed pier; ℎ𝑒𝑓𝑓 is the 

height of the pier; 𝑃𝐷 and 𝑃𝑤 are the superimposed and the dead load on the top of the pier 

the self-weight of the pier, respectively; 𝐿 and ℎ𝑒𝑓𝑓 are the length and the height of the pier, 

respectively. 

In New Zealand guidelines (NZSEE 2017b) the maximum probable rocking strength of 

the pier 𝑉𝑟 is calculated as (Equation 3.5): 

𝑉𝑟 = 0.9(𝛼𝑃 + 0.5𝑃𝑤)
𝐿𝑤

ℎ𝑒𝑓𝑓

(3.5) 

where 𝛼 is a factor equal to 0.5 for fixed-free pier and equal to 1.0 for fixed-fixed pier; 𝑃 and 

𝑃𝑤 are the superimposed and the dead load on the top of the pier, respectively; 𝐿𝑤 is the 
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length of the pier; ℎ𝑒𝑓𝑓 is the height to the resultant of the seismic force. It Is recommended 

to limit the ultimate lateral drift for a rocking pier to the lower of 0.003 ℎ𝑒𝑓𝑓/𝐿𝑤 or 0.011. 

Italian code (NTC 2018) considers the same failure mode assumed in EN1998 (2005) for 

the rocking behaviour of piers. More in detail, the combined bending and axial force define 

the ultimate moment strength 𝑀𝑢 corresponding to (Equation 3.6): 

𝑀𝑢 = (𝑙2𝑡
𝜎0

2
) (1 −

𝜎0

0.85𝑓𝑚
) (3.6) 

where 𝑙 and 𝑡 are the length and the thickness of the pier, respectively; 𝜎0 is the axial 

compressive stress due to the gravity loads; 𝑓𝑚 is the mean compressive strength of the 

masonry. The ultimate drift at Collapse Limit State (CLS) corresponding to the failure under 

combined bending and axial force is assumed as 0.01. In the case of static non-linear 

analysis, the ultimate displacement at Ultimate Limit State (ULS) can be assumed as ¾ of 

the displacement at CLS. 

3.3.2.2 Shear failure 

For the shear strength, several formulations exist that consider the different mechanisms 

of bed-joint sliding and diagonal cracking, distinguishing the diagonal cracks that develop 

predominantly along mortar joints, from those that affect also masonry bricks. It is observed 

that the behaviour under shear loads is more complex than the flexural one since weak 

planes along the horizontal and vertical mortar joints occur. 

For the definition of the shear failure, the Mann and Müller (1973) model represents an 

undisputed milestone. In this model, the masonry is assumed as a composite and anisotropic 

material, composed of bricks and mortar and characterized by different failure modes. The 

fracture criteria are based on the analysis of a single isolated brick subjected to vertical axial 

stresses 𝜎𝑦, to uniformly distributed shear stresses 𝜏, and with no-horizontal compressive 

stress and consequently no-transferred shear stresses through the vertical mortar joints.  For 

a generic masonry element (Figure 3.7a) it is possible to consider the axial stress in the 

vertical direction (Figure 3.7b) and the shear stress, that produces a vertical force couple in 

each brick (see Figure 3.7c, expressed as ±𝜑𝜏, in terms of the interlocking parameter       
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𝜑 = 2𝛥𝑦/𝛥𝑥, where 𝛥𝑦 and 𝛥𝑥 are the height and the width of the bricks). The resulting 

altered vertical stresses 𝜎1,2 on the bed joints (Figure 3.7d) are defined as (Equation 3.7):  

𝜎1,2 = 𝜎𝑦 ± 𝜏
2𝛥𝑦

𝛥𝑥

(3.7) 

From this consideration, it is clear that the part of the bricks with the reduced vertical 

stress 𝜎2 will show at first the shear failure in the bed joint. According to this formulation, in 

the Mann and Müller (1973) theory the generally used Mohr-Coulomb formulation for the 

sliding shear failure of horizontal bed joint, which considers the shear strength 𝜏 from the two 

contributions of cohesion 𝑐 and friction 𝜇𝜎𝑦, was modified considering the reduction of 

vertical stress from 𝜎𝑦 to 𝜎2. More in detail the reduced sliding shear strength 𝜏 (Equation 

3.8) can be defined from the reduced cohesion 𝑐̅ (Equation 3.9) and the reduced friction 

coefficient �̅� (Equation 3.10), as: 

𝜏 = 𝑐̅ + �̅�𝜎𝑦 (3.8) 

𝑐̅ = 𝑐
1

1 + 𝜇
2𝛥𝑦

𝛥𝑥

(3.9)
 

�̅� = 𝜇
1

1 + 𝜇
2𝛥𝑦

𝛥𝑥

(3.10)
 

 

Figure 3.7.   Schematization of: (a) masonry element subjected to shear and compression loads; (b) 

brick subjected to vertical axial stress; (c) brick subjected to shear stress and vertical force couple; (d) 

resulting vertical and horizontal stresses on the brick (adapted from Calderini et al., 2010). 
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To define the diagonal cracking shear failure, in Mann and Müller (1973) it is adopted the 

same theory and it is assumed that the brittle failure occurs when the tensile principal stress 

of the brick 𝜎1,𝑏 reaches the bricks tensile strength 𝑓𝑏𝑡. From more detailed investigations, it 

results that in these conditions, in the middle of the bricks, the horizontal stress 𝜎𝑥 is null and 

the shear stress is equal to 2.3 𝜏 (see Equations 3.11 and 3.12). 

𝜎1,𝑏 = 𝑓𝑏𝑡 =
𝜎𝑦

2
− √(

𝜎𝑦

2
)

2

+ (2.3𝜏)2 (3.11) 

𝜏 =
𝑓𝑏𝑡

2.3
√1 +

𝜎𝑦

𝑓𝑏𝑡

(3.12) 

The previous formulations of shear failure by sliding along horizontal bed-joints and by 

diagonal cracking through the bricks are reported in an envelope of the failure criteria in the 

vertical stress-shear stress domain, presented in Mann and Müller (1973). They are 

represented by the “line c” and “line d”, in Figure 3.8.  

 

Figure 3.8.   Envelope curve of the failure stresses in the vertical stress-shear stress domain (adapted 

from Mann and Müller, 1979). 

Regarding the other lines of the envelope, the “line a” refers to the compression failure of 

the masonry, which is assumed to develop when the ultimate compressive strength of the 

masonry 𝑓𝑢 is reached (see Equation 3.13), instead of the “lines b-b’” refers to the failure of 

the horizontal joint, in case the tensile strength of the bed-joint 𝑓𝑡,𝑏𝑗 is neglected (see 

Equation 3.14) or considered (see Equation 3.15). 
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𝜏 = (𝑓𝑢 − 𝜎𝑦)
𝛥𝑥

2𝛥𝑦

(3.13) 

𝜏 = 𝜎𝑦

𝛥𝑥

2𝛥𝑦

(3.14) 

𝜏 = (𝜎𝑦 + 𝑓𝑡,𝑏𝑗)
𝛥𝑥

2𝛥𝑦

(3.15) 

Another important work from which the following researches usually start is the Turnšek 

and Čačovič (1971) approach, in which the masonry is schematized by an equivalent 

isotropic homogeneous continuum, assuming a high strength of the mortar. This model 

defines the shear strength from the pier aspect ratio and from the non-linear stress 

distribution. It is assumed that the diagonal cracking failure occurs when the diagonal tensile 

strength of the masonry 𝑓𝑑𝑡 (defined via experimental tests) is reached at the centre of the 

pier (Equation 3.16): 

𝑉𝑑 =
𝑓𝑑𝑡𝐷𝑡

𝜉
√1 +

𝑓𝑎

𝑓𝑑𝑡

(3.16) 

where 𝐷 and 𝑡 are the width and the thickness of the pier, respectively; 𝑓𝑎 is the average 

vertical compressive stress; 𝜉 is a parameter defined equal to 1.5.  

As observed in the following, the parameter 𝜉 has been considered differently by other 

studies, as by Benedetti and Tomaževič (1984) that assumes 𝜉 = 1 for 𝐻/𝐷 ≤ 1; 𝜉 = 𝐻/𝐷 for 

1 < 𝐻/𝐷 < 1.5 and 𝜉 = 1.5 for 𝐻/𝐷 ≥ 1.5, where 𝐻 and 𝐷 are the height and the length of the 

considered pier. Then, 𝜉 was further modified from Magenes and Calvi (1997), after 

numerical simulations, and substituted by 1 + 𝛼𝑣 where 𝛼𝑣 is the shear ratio, to take into 

account also the effect of the boundary conditions in the definition of the shear diagonal 

cracking strength. 

The Mann and Müller (1973) and Turnšek and Čačovič (1971) works are based on two 

different descriptions of the masonry but laid the basis for all the researches that will be 

discussed in the following sections. The first is more realistic, considering a composite and 

non-homogeneous material instead the second one idealizes the masonry in an equivalent 

isotropic material.   
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In Sections 3.3.2.2.1 and 3.3.2.2.2, some of the main formulations of shear diagonal 

cracking and bed-joint sliding failure, derived from the previously mentioned theories, are 

reported. More in detail, for the former, two kinds of failure mechanisms are considered: the 

failure only along mortar joints and that also through the bricks. 

3.3.2.2.1 Diagonal cracking failure  

The diagonal cracking mode is a typical brittle failure of squatter piers with a high vertical 

compression stress and low tensile masonry strength, that shows an X-type cracking, only 

along the mortar joints (in case of weak mortar-brick adhesion) or also through the bricks (in 

case of good mortar-brick adhesion), see Figure 3.9.  

 

Figure 3.9.   Diagonal shear modes of failure: (a) along mortar joints and (b) through the bricks. 

Some formulations to describe both these mechanisms are discussed in the following. 

Failure only along mortar joints 

The failure only along mortar joints occurs when the brick units are stronger than the 

mortar joints and the main formulae are based on the Mohr-Coulomb’s linear friction model. 

In the following, some formulations about the shear failure governed by joint failures are 

reported. 

In Magenes and Calvi (1997) the ultimate shear strength 𝑉𝑑 (Equations 3.17) is defined 

from the local cohesion 𝑐 and from the coefficient of bed-joints friction 𝜇 (obtained by 

experimental tests). More in detail, 𝑉𝑑 is defined from the minimum shear stress defined for 

the cracked 𝜏𝑐𝑠 (Equation 3.18) or for the whole 𝜏𝑤𝑠 section (Equations 3.19): 
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𝑉𝑑 = 𝐷𝑡𝜏𝑢 with 𝜏𝑢 = min (𝜏𝑐𝑠; 𝜏𝑤𝑠)          (3.17) 

𝜏𝑐𝑠 = (
1.5𝑐′ + 𝜇′𝑝

1 +
3 𝑐′𝛼𝑣

𝑝

) (3.18) 

𝜏𝑤𝑠 = (
𝑐′ + 𝜇′𝑝

1 + 𝛼𝑣
) (3.19) 

where 𝐷 and 𝑡 are the width and the thickness of the pier, respectively; 𝑝 is the value of the 

compressive stress; 𝛼𝑣 is the shear ratio, defined as the ratio of the effective height to the 

width of the pier as 𝛼𝑣 = 𝜓′𝐻/𝐷, where 𝜓′ is taken as 1 if the pier is fixed-free pier 

(cantilevered condition) or as 0.5 if it is fixed-fixed pier; 𝑐′ and 𝜇′ are defined as 𝑐′ = 𝑘𝑐 and 

𝜇′ = 𝑘𝜇, with 𝜅 =
1

1+(
2𝜇𝛥𝑦

𝛥𝑥
)
 (considering the influence of the head joints, as suggested by 

Mann and Müller, 1973); 𝛥𝑥 and 𝛥𝑦 are the length and the height of the brick unit, 

respectively. 

Tomaževič (1999) defines a formulation, adopted also in Eurocode 8 (EN1998 2005), for 

the design shear resistance of masonry 𝐻𝑠𝑑,𝑤. This expression (Equation 3.20) is defined 

from the shear strength under zero compression stress 𝑓𝑣0, from the constant 𝜇𝑐 defining the 

contribution of compression stresses, from the design compression stress (perpendicular to 

shear) 𝜎𝑑 and from the masonry partial safety factor 𝛾𝑀: 

𝐻𝑠𝑑,𝑤 = 𝑙𝑐𝑡
(𝑓𝑣0 + 𝜇𝑐𝜎𝑑)

𝛾𝑀

(3.20) 

where 𝑙𝑐 and 𝑡 are the length of the compressed part of the pier and its thickness, 

respectively. It is observed that the parameters 𝑓𝑣0 and 𝜇𝑐 are global strength parameters of 

masonry, unlike the corresponding local ones adopted in Magenes and Calvi (1997). 

Regarding the diagonal cracking shear failure mode, Andreas (1996) highlights as the 

Mohr-Coulomb friction criteria, used in the previous formulations, can be used just for piers 

with medium-high compression stresses. 
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Failure also through bricks 

The failure initiated by shear-tensile cracking of bricks occurs when mortar joints are 

stronger than the brick units, or when their values are comparable or in presence of high 

axial loads. In the following, some formulations that analytically explain this behaviour are 

reported. 

Magenes and Calvi (1997) suggested an interpretation of the pier global lateral strength 

𝑉𝑑,𝑏 based on the shear strength criterion proposed by Mann and Müller (1973), see 

Equation 3.21. It takes into account the brick tensile strength 𝑓𝑏𝑡 and the effects of the 

boundary conditions and the aspect ratio through a corrective factor of the shear ratio        

(1 + 𝛼𝑣). This last considers also the effects of the stress distribution, of the propagation of 

the cracking and of the shear-flexure interaction. 

𝑉𝑑,𝑏 = 𝐷𝑡
𝑓𝑏𝑡

2.3(1 + 𝛼𝑣)
√1 +

𝑝

𝑓𝑏𝑡

(3.21) 

where 𝐷 and 𝑡 are the width and the thickness of the pier, respectively, and 𝑝 is the 

compressive stress.  

In Tomaževič (1999), the effect of the boundary conditions is not considered, and the 

shear capacity 𝐻𝑠𝑑,𝑤 (Equation 3.22) is defined just from the geometrical aspect ratio b, that 

is assumed as 𝑏 = 1 for ℎ/𝑙 ≤ 1; 𝑏 = ℎ/𝑙 for 1 < ℎ/𝑙 < 1.5 and 𝑏 = 1.5 for ℎ/𝑙 ≤ 1.5 (where ℎ 

and 𝑙 are the height and the length of the pier). 

𝐻𝑠𝑑,𝑤 = 𝐴𝑤

𝑓𝑡𝑘

𝛾𝑀𝑏
√

𝜎𝑑𝛾𝑀

𝑓𝑡𝑘
+ 1 (3.22) 

where 𝐴𝑤 is the horizontal cross-section area of the pier; 𝑓𝑡𝑘 is the characteristic tensile 

strength of masonry brick; 𝛾𝑀 is the partial safety factor for the masonry; 𝜎𝑑 is the design 

compression stress (perpendicular to shear).  

Abrams (2001), according to the FEMA 273 recommendations, adopts the following 

formulation (Equation 3.23): 

𝑉𝑑𝑡 = 𝑓′
𝑑𝑡

𝐴𝑛

𝐿

ℎ𝑒𝑓𝑓
√1 +

𝑓𝑎

𝑓′
𝑑𝑡

(3.23) 



Chapter 3. Seismic performance of existing URM structures 

 

55 

 

where 𝑓′
𝑑𝑡

 is the lower bound of the masonry diagonal tension strength; 𝑓𝑎 is the lower 

bound of the vertical compressive strength; 𝐴𝑛 is the net area of the section; 𝐿 is the length 

of the pier and ℎ𝑒𝑓𝑓 is the height of the resultant lateral force. In the study, it is observed that 

in the previous expression, the aspect ratio defined as 𝐿/ℎ𝑒𝑓𝑓 has to be in the range of 

values as 0.67-1.0. 

International codes (as ASCE 41, NZSEE 2017b and NTC 2018) give different 

indications and formulations about the piers diagonal cracking shear strength. 

In ASCE 41 the diagonal tensile cracking shear strength is given by (Equation 3.24): 

𝑉𝑑𝑡 = 𝑓′
𝑑𝑡

𝐴𝑛𝛽√1 +
𝑓𝑎

𝑓′
𝑑𝑡

(3.24) 

where 𝑓′
𝑑𝑡

 is the diagonal tension strength of the masonry; 𝑓𝑎 is the axial compressive stress 

due to the gravity loads; β is a factor defined as 𝛽 = 0.67 for 𝐿/ℎ𝑒𝑓𝑓 < 0.67; 𝛽 = 𝐿/ℎ𝑒𝑓𝑓 for 

𝐿/ℎ𝑒𝑓𝑓 = [0.67 − 1.0] and 𝛽 = 1.0 for 𝐿/ℎ𝑒𝑓𝑓 > 1.0, where 𝐿 and ℎ𝑒𝑓𝑓 are the length and the 

height of the pier, respectively. 

New Zealand guidelines (NZSEE 2017b) defines the maximum pier diagonal tensile 

strength 𝑉𝑑𝑡 as (Equation 3.25): 

𝑉𝑑𝑡 = 𝑓𝑑𝑡𝐴𝑛𝛽√1 +
𝑓𝑎

𝑓𝑑𝑡

(3.25) 

where 𝑓𝑑𝑡 is the masonry diagonal tension strength; 𝑓𝑎 is axial compression stress due to 

gravity loads; 𝐴𝑛 is the net area of the section; 𝛽 is a factor to correct non-linear stress 

distribution and it is defined as 𝛽 = 0.67 if ℎ𝑒𝑓𝑓/𝑙 > 1.5 (slender piers); 𝛽 = 1.0 if ℎ𝑒𝑓𝑓/𝑙 < 1.0 

(squat piers), where ℎ𝑒𝑓𝑓 is the height to resultant force and 𝑙 is the length of the pier.  

The Commentary to the Italian Technical Standard for buildings (CNTC19, 2019) 

distinguishes two typologies of masonry when analysing the diagonal cracking shear mode:  

(i) with irregular texture, for which the diagonal cracking failure is governed by the 

reference shear strength 𝜏0, as (Equation 3.26): 
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𝑉𝑡,𝑑𝑐 = 𝑙𝑡
𝑓𝑡𝑑

𝑏
√1 +

𝜎0

𝑓𝑡𝑑

(3.26) 

where 𝑙 and 𝑡 are the length and the thickness of the pier, respectively; 𝑓𝑡𝑑 is the 

design tensile diagonal cracking strength, defined as 𝑓𝑡𝑑 = 1.5𝜏0; 𝜎0 is the axial 

compressive stress; 𝑏 is a coefficient that considers the stresses distribution on the 

section, defined as 𝑏 = ℎ/𝑙 that has to vary in the range [1-1.5], where ℎ is the pier 

height.  

(ii) with regular texture, for which the cracking can develop in a diagonal pattern 

through the mortar joints (governed by the masonry shear strength in absence of 

axial load 𝑓𝑣0, ideally associated with the joint crisis) or in a diagonal pattern through 

bricks (governed by the limit strength parameter 𝑓𝑣𝑙𝑖𝑚), and is defined as (Equation 

3.27): 

𝑉𝑡 =
𝑙𝑡

𝑏
(

𝑓𝑣0𝑑

1 + 𝜇𝜑
+

𝜇

1 + 𝜇𝜑
𝜎0) ≤ 𝑉𝑡,𝑙𝑖𝑚 (3.27) 

where 𝑓𝑣0𝑑 is the design masonry shear strength in absence of vertical load; 𝜇 is the 

friction coefficient; 𝜑 is the interlocking coefficient defined as the ratio between the 

height of the brick and the minimum overlap length of the bricks of two successive 

courses; 𝑉𝑡,𝑙𝑖𝑚 is a limit value that can be defined in function of the tensile bricks 

strength 𝑓𝑏𝑡𝑑, according to Equation 3.28:  

𝑉𝑡,𝑙𝑖𝑚 =
𝑙𝑡

𝑏

𝑓𝑏𝑡𝑑

2.3
√1 +

𝜎0

𝑓𝑏𝑡𝑑

(3.28) 

The ultimate displacement at Collapse Limit State (CLS) corresponding to the diagonal 

cracking shear failure is assumed as 0.005. In the case of static non-linear analysis, the 

ultimate displacement at Ultimate Limit State (ULS) can be assumed as ¾ of the 

displacement at CLS. 



Chapter 3. Seismic performance of existing URM structures 

 

57 

 

3.3.2.2.2 Bed-joint sliding failure 

The bed-joint sliding mode is a typical brittle failure of squat piers with a low vertical 

compression stress and it appears as a horizontal crack along the bed-joints, see Figure 

3.10.  

 

Figure 3.10.   Sliding shear mode of failure. 

Some formulations to describe this mechanism are shown in the following.  

Magenes and Calvi (1997), Tomaževič (1999) and Eurocode 8 (EN1998 2005) define the 

bed-joint sliding shear capacity 𝑉𝑠, neglecting the cohesion contribution from assuming the 

joint already cracked in tension due to flexure, as (Equation 3.29): 

𝑉𝑠 = 𝜇𝑃 (3.29) 

where 𝜇 is the sliding coefficient of the masonry joint and 𝑃 is the vertical compressive force. 

A different formulation for the bed-joint sliding strength is defined by Abrams (2001), that, 

according to the FEMA 273, adopts the following expression (Equation 3.30): 

𝑉𝑏𝑗𝑠 = 𝜈𝑚𝑒𝐴𝑛 (3.30) 

where 𝜈𝑚𝑒 is the expected bed joint sliding shear strength and 𝐴𝑛 is the net area of the 

section. 

Regarding the International codes (EN1998 2005; ASCE 41; NZSEE 2017b; NTC 2018) 

the following formulations are adopted for the piers sliding shear strength. 

Eurocode 8 (EN1998 2005) considers a shear sliding strength 𝑉𝑓 as (Equation 3.31): 

𝑉𝑓 = 𝐷′𝑡𝑓𝑣𝑑 (3.31) 
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where 𝑓𝑣𝑑 is the masonry shear strength, defined as 𝑓𝑣𝑑 = 𝑓𝑣𝑚0 + 0.4𝑁/𝐷′𝑡 ≤ 0.065𝑓𝑚, where 

𝑓𝑣𝑚0 is the mean shear strength in absence of vertical load; 𝑁 is the applied axial load; 𝐷′ 

and 𝑡 are the depth of the compressed area and the thickness of the pier, respectively; 𝑓𝑚 is 

the mean compressive strength. The ultimate drift corresponding to the shear is assumed as 

0.004 𝐻0/𝐷 (where 𝐷 and 𝐻0 are the depth of the pier and the distance between the section 

where the flexural capacity is attained and the contra flexure point). 

In ASCE 41 the ultimate bed-joint sliding strength 𝑉𝑏𝑗𝑠 (Equation 3.33) is given by the 

expected bed-joint sliding shear stress 𝜈𝑚𝑒 (Equation 3.32): 

𝜈𝑚𝑒 =
0.75 (0.75𝜈𝑡𝑒 +

𝑃𝐶𝐸
𝐴𝑛

)

1.5
(3.32)

 

𝑉𝑏𝑗𝑠 = 𝜈𝑚𝑒𝐴𝑛 (3.33) 

where 𝜈𝑡𝑒 is the mean shear strength of mortar joints, from the in-place testing, and 𝑃𝐶𝐸 and 

𝐴𝑛 are the expected vertical axial compressive force and the section net area of the pier. The 

piers ultimate horizontal displacement for shear sliding is assumed as 𝛿𝑢 = 0.0075ℎ𝑒𝑓𝑓. 

New Zealand guidelines (NZSEE 2017b) define the maximum probable sliding shear 

strength 𝑉𝑠 as (Equation 3.34): 

𝑉𝑠 = 0.7 (𝑡𝑛𝑜𝑚𝐿𝑤𝑐 + 𝜇𝑓(𝑃 + 𝑃𝑤)) (3.34) 

where 𝑡𝑛𝑜𝑚 and 𝐿𝑤 are the nominal thickness and the length of the pier, respectively; 𝑐 is the 

masonry bed-joint cohesion; 𝜇𝑓 is the masonry coefficient of friction; 𝑃 and 𝑃𝑤 are the 

superimposed and the dead load on the top of the pier and its self-weight on the sliding plane 

considered. It is recommended to limit the lateral drift in case of shear sliding crisis at 0.003.  

Italian code (NTC 2018) and Eurocode 8 (EN1998 2005) consider, for new buildings, a 

friction sliding shear strength 𝑉𝑡 defined by (Equation 3.35):   

𝑉𝑡 = 𝑙′𝑡𝑓𝑣𝑑 (3.35) 

where 𝑙′ and 𝑡 are the depth of the compressed area and the thickness of the pier, 

respectively; 𝑓𝑣𝑑 is the masonry shear strength defined as 𝑓𝑣𝑑 = 𝑓𝑣𝑚0 + 0.4𝜎𝑛, where 𝑓𝑣𝑚0 is 

the mean shear strength in absence of vertical load and 𝜎𝑛 is the axial compressive stress. 
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The ultimate displacement at Collapse Limit State (CLS) corresponding to the sliding shear 

failure is assumed as 0.005. In the case of static non-linear analysis, the ultimate 

displacement at Ultimate Limit State (ULS) can be assumed as ¾ of the displacement at 

CLS. 

3.3.3 Spandrel behaviour 

With respect to the several theories and experimental investigations developed for the 

masonry piers, for URM spandrels there is a lack of knowledge and the experimental studies 

are rather few and recent (Gattesco et al., 2008; Dazio and Beyer, 2010; Augenti et al., 2011; 

Beyer and Dazio, 2012; Graziotti et al., 2012; Parisi et al., 2014; Knox et al., 2017). Despite 

the recognized fundamental importance of the spandrel region in the global response of 

URM structures, as evidenced by the earthquakes damage, little has been done to 

investigate and understand their non-linear behaviour under lateral actions (Augenti, 2007; 

Cattari and Lagomarsino, 2008).  

Nonetheless, given that the URM existing buildings are typically characterized by a lack 

of coupled tensile resistant elements (as floor tie beam/rods and lintels) and that if present, 

the coupling action is difficult to include in simplified structural models, it was common 

practice to neglect masonry spandrels while modelling the structure. It leads to a severe 

underestimation of the global strength thus highlighting a rocking failure mode, that results in 

an unrealistic condition, based on earthquake damage evidences. 

Until about a decade ago, it was considered satisfactory to define the capacity of URM 

structures with reference to simplified approaches that allowed to define an upper and lower 

bound of global strength, without spandrel modelling (i.e. in NZSEE 2006 and in FEMA 356). 

More in detail, it was referred to the two following approaches: the “strong spandrel-weak 

pier” approach, in which the spandrels are assumed as elements with infinite stiffness and 

strength and the collapse is reached for piers failure and the “weak spandrel-strong pier” 

approach, where the contribution of the spandrels, in terms of stiffness and strength, is 

completely neglected, and the piers are considered completely uncoupled. The first approach 

can be assumed acceptable when resistant elements, as reinforced concrete lintels, tie-

beams or reinforced concrete slab, are coupled with spandrels (i.e. in new buildings), 

guaranteeing a coupling effect between piers. Instead, the second one refers to historical 
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buildings, typically characterized by flexible (timber) diaphragms, by masonry or timber 

lintels, hence without any resistant elements coupled to the spandrel. 

Furthermore, based on the selected approach (“strong spandrel-weak pier” or weak 

spandrel-strong pier” one), different boundary conditions on the piers have to be considered, 

and therefore different strength of the structure will be obtained. In the case of “strong 

spandrel-weak pier” approach the piers are assumed with fixed-fixed boundary conditions 

(i.e. their height is the height of the adjacent opening) and the structural strength increases 

(Cattari and Lagomarsino, 2009); on the contrary, in the “weak spandrel-strong pier” 

approach the piers assumed the cantilevered condition (i.e. their height is the entire wall 

height) and the structural strength results as an overestimation of the actual wall strength 

(Bruneau, 1994).  

Both these approaches, although easy to apply, are inappropriate to represent the 

behaviour of existing URM structures, because the actual response is usually positioned in 

an intermediate condition between them. 

In Figure 3.11, a schematization of the responses of a URM structure subjected to lateral 

loads, considering different levels of coupling provided by spandrels, is shown. 

 

Figure 3.11.   Effect of the different degree of coupling provided on moment distribution by the: (a) 

weak spandrels; (b) intermediate spandrels; (c) strong spandrels (adapted from Tomaževič, 1999). 

Other inconsistent approach consists in considering the experimental results of piers to 

model spandrels as piers rotated to 90 degrees, with the same failure criteria. This 

assumption was for example adopted by the previous Italian code (NTC 08), in which the 

spandrels contribution to the global response depends on the fact that the acting axial load 

was known or not. In detail, if it was known, the spandrel behaviour was assimilated to the 

piers behaviour. If the axial load was unknown, the coupling of the spandrel with any tensile 

resistant element was taken into account. In particular, if the spandrel was coupled with tie-
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rods or reinforced concrete beam, an equivalent strut response can be assumed, if not, the 

strength associated with the rocking mechanism is zero. Considering that generally the 

spandrel axial load is unknown, and when it is known it is typically low, it was stated that the 

rocking failure occurs generally first than the diagonal cracking failure, contrarily to what is 

highlighted by the seismic damage evidences. 

Therefore, to fill this important lack of knowledge, thus understanding the spandrel 

influence on the global response of buildings, analysing their behaviour and their coupling 

role, some recent researches have been developed and some experimental campaigns have 

been carried out (Benedetti and Magenes, 2001; Yi et al., 2006; Gattesco et al., 2008; Dazio 

and Beyer 2010; Dizhur et al., 2010; Augenti et al., 2011; Beyer and Dazio, 2012; Graziotti et 

al., 2012; Parisi et al., 2014; Knox et al., 2017).  

From seismic damage observations and experimental investigations, it has been 

stressed that the possible failure mechanisms of the spandrels are the flexural and the shear 

modes (Figure 3.12). In detail, for the first typology of failure, the rocking mode is the most 

observed (in particular on the top floor in the buildings), instead, the toe-crushing is very rare 

to find. For the second typology of failure, the diagonal cracking mode is expected to occur in 

the spandrels subjected to medium-high axial load (at mid-storeys), instead, the bed-joint 

sliding failure is avoided thanks to the interlocking phenomena at the interface between 

spandrels end-sections and the contiguous masonry (Cattari and Lagomarsino, 2008).  

     

Figure 3.12.   Some examples of earthquake damage in existing unreinforced masonry buildings 

(Cattari and Lagomarsino, 2008). 

As aforementioned, in the common practice, for many years, the capacity strength of the 

spandrels has been defined as the one of the piers, hence the rocking failure was reached 

when the failure at compressed corners was reached and it was defined neglecting the 
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masonry tensile strength. Instead, the diagonal cracking failure was defined according to 

Mann and Müller (1973) or Turnšek and Čačovič (1971).  

Regarding the flexural response, a strength approach finalized to the definition of this 

behaviour has been proposed in the FEMA 306 and then refined in a more recent research 

study (Cattari and Lagomarsino, 2008). It is based on the bricks interlocking phenomena at 

the end-sections with the contiguous masonry, thanks to which a response as “equivalent 

strut” has been shown by the spandrel that results characterized by an “equivalent” tensile 

strength.  

As research studies move forward, national and international building codes are trying to 

accordingly update. In detail, in the Italian code (NTC 2018) and Eurocode 8 (EN1998 2005) 

it is specified that if a spandrel is coupled by an effective lintel or by tie-rods, it can be 

assumed as a pier rotated by 90 degrees. This, in particular, is specified in NTC 2018 in case 

the horizontal axial load is known; otherwise, an equivalent strut is assumed (if a coupled 

tensile resistant element is present), and the shear strength depends on the cohesion. In 

absence of any resistant element coupled to the spandrel, the bricks interlocking phenomena 

at the end-sections with the contiguous masonry can be considered (FEMA 306; Cattari and 

Lagomarsino, 2008) to avoid an excessive underestimation of the flexural capacity.  

In the following Sections 3.3.3.1 and 3.3.3.2 are outlined the main formulations of flexural 

(rocking) and shear (diagonal cracking) strength of the spandrel, derived by research studies 

and adopted by international codes. 

3.3.3.1 Flexural (rocking) failure  

The flexural behaviour of the spandrels, due to the generally low values of axial load 

which usually characterize these elements (in absence of resistant elements), can be 

described only by the rocking mechanism, considering a very rare occurrence of the crushing 

one.   

FEMA 306, departing from the common practice of assimilating the spandrel to a rotated 

pier, proposes an evaluation procedure for the analytical definition of the expected moment 

capacity of the spandrel, assuming the interlocking between the bed joints and the collar 

joints at the pier-spandrel interface. Adopting an elastic stress distribution across the end of 

the spandrel and considering the neutral axis located at the mid-height of the spandrel, the 
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moment capacity is defined from the tension and the compression resultants derived from 

the mortar shear strength (see Figure 3.13).  

 

Figure 3.13.   Spandrel joint sliding (adapted from FEMA 306). 

More in detail, the tensile resulting force 𝑇 (Equation 3.37) (as well as the corresponding 

moment 𝑀𝑠𝑝𝑢𝑛, see Equation 3.38) is derived from the bed-joint 𝜈𝑏𝑗𝑢𝑛 and the collar joint 

shear stresses 𝜈𝑐𝑢𝑛, obtained by the shear stress 𝜈𝑢𝑛, reported in Equation 3.36: 

𝜈𝑢𝑛 =
0.75 (0.75𝜈𝑡𝑒 +

𝛾𝑃𝐶𝐸
𝐴𝑛

)

1.5
(3.36)

 

where 𝜈𝑡𝑒 is the mean shear strength of the mortar joints, from in-place testing; 𝑃𝐶𝐸 and 𝐴𝑛 

are the expected vertical axial compressive force and the section net area of the adjacent 

pier, respectively; 𝛾 is a coefficient assumed equal to 0.5, if the vertical axial stress on the 

spandrel is assumed as half of that of adjacent piers, or equal to 0 (if the axial stress on the 

spandrel collar joints at the end of the spandrel can be neglected). 

𝑇 = [𝜈𝑏𝑗𝑢𝑛𝑏𝑤𝑏𝑒𝑓𝑓𝑢𝑛 + 𝜈𝑐𝑢𝑛𝑏ℎ𝑏𝑒𝑓𝑓𝑢𝑛(𝑁𝐵 − 1)]𝜂 (3.37) 

𝑀𝑠𝑝𝑢𝑛 = 𝑑𝑒𝑓𝑓𝑢𝑛𝑇 (3.38) 
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where 𝑏𝑤 and 𝑏ℎ are the width and the height of the brick unit plus the bed joint thickness, 

respectively; 𝑏𝑒𝑓𝑓𝑢𝑛 is the effective length of the interface defined as the half-length of the 

brick unit (𝑏𝑙/2); 𝑁𝐵 is the number of brick wythes; 𝜂 is defined as 𝑁𝑅/2, where 𝑁𝑅 is the 

number of bed-joints rows assumed as 0.5 𝑑𝑠𝑝/𝑏ℎ, with 𝑑𝑠𝑝 is the depth of the spandrel; 

𝑑𝑒𝑓𝑓𝑢𝑛 is the distance between the tensile and compressive resultant forces assumed as 2/3 

𝑑𝑠𝑝.  

Although the approach used by FEMA 306 is an innovative approach with respect to the 

practice of the time, also in this case, the use of simplified models as “strong spandrel-weak 

pier” type or “weak spandrel-strong pier” type is suggested.  

Successively, in Cattari and Lagomarsino (2008) are given the first important indications 

on the definition of spandrel flexural behaviour. A strength criterion based on the blocks (or 

bricks) interlocking phenomena at the end-sections with the contiguous masonry is 

proposed, assuming the development of an “equivalent strut” response by the spandrel and 

consequently the presence of an “equivalent” tensile strength, that characterized the 

spandrel element and not the masonry material. Considering a uniform distribution of the 

tensile and shear stresses (respectively perpendicular to the head joints and on the bed 

joints) and neglecting the head joints mechanical properties, the “equivalent” tensile strength 

𝑓𝑡𝑢 can be obtained by the minimum values of the strength obtained from the two failure 

mechanisms described in Figure 3.14: 

a') the (brittle) tensile failure of the block. It occurs when, in a reference volume at the 

end-sections interface, the horizontal stress 𝜎𝑥 reaches the tensile strength of the 

block 𝑓𝑏𝑡 (Equation 3.39): 

𝑓𝑡𝑢,𝑎′ = 𝜎𝑥 =
𝑓𝑏𝑡

2
(3.39) 

b') the (ductile) shear failure of the horizontal mortar joints. Assuming no-stresses  

developed in the head joints and a Mohr-Coulomb approach, in which the cohesion 

of the bed joints is neglected, the shear strength (see Equation 3.40) is strongly 

dependent on: the compressive stress 𝜎𝑦 acting at the spandrel end-section 

(assumed as 65% of the mean compression stress acting on the adjacent pier 

section), the friction coefficient 𝜇 and the interlocking parameter 𝜑 = 𝛥𝑥/2𝛥𝑦 (where 

𝛥𝑥 and 𝛥𝑦 are the width and the height of the block): 
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𝑓𝑡𝑢,𝑏′ =
𝛥𝑥

2𝛥𝑦
𝜇𝜎𝑦 (3.40) 

 

Figure 3.14.   Spandrel failure mechanism: (a) tensile failure of the block and (b) shear failure of the 

horizontal mortar joints (adapted from Cattari and Lagomarsino, 2008). 

As highlighted in Cattari and Lagomarsino (2008), the failure of the joints is generally the 

first failure to occur, principally due to the higher strength of the blocks.  

Adopting the aforementioned equivalent tensile strength and the compressive strength of 

the masonry, and assuming an elastic-perfectly plastic (with limited ductility in tension and 

compression) constitutive law, the flexural behaviour can be obtained (Cattari, 2007).  

To confirm the theoretical basis of the proposed formulation, in Cattari and Lagomarsino 

(2008) some numerical FE models were performed. It was found that in spandrels with an 

aspect ratio of 𝜆 = 1.35, at first, the head joints open in tense corners and the damage 

mechanism activates; only subsequently the “equivalent strut” behaviour, with its typical 

diagonal cracks from the centre to the corners of the element, has developed. Contrarily, in 

spandrels with an aspect ratio of 𝜆 = 2,  the rocking behaviour occurs, without the formation 

of any diagonal crack. Furthermore, from parametric analyses, it was found that the adoption 

of low values of tension ductility or, vice versa, of infinite tension ductility, does not affect 

significantly the results in terms of the failure domains. For more details refer to Cattari 

(2007). 

Calderoni et al. (2011) carried out an experimental campaign to investigate the seismic 

URM spandrels capacity and studied the failure mechanism for different geometrical aspect 

ratios. The authors also developed (and validated) an analytical model to define the spandrel 

capacity, assuming the formation of an “arched strut” along the spandrel diagonal, when it is 

subjected to lateral loads. Two typologies of spandrel failure are distinguished: i) crushing of 
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the edges of the panel and ii) tension cracking at the centre of the strut. The corresponding 

strength (𝑉𝑐𝑜𝑚𝑝 and 𝑉𝑡𝑒𝑛𝑠) are reported in Equations 3.41 and 3.42: 

𝑉𝑐𝑜𝑚𝑝 =
𝑓′

𝑚𝑥
𝑏𝑠𝑐2𝑒

𝐿𝑠

(3.41) 

𝑉𝑡𝑒𝑛𝑠 =
𝑓𝑡𝑑𝑏𝑠𝑠𝑖𝑛𝛼2𝐿𝑠

2

8𝑓𝑐𝑜𝑠2𝛼
(3.42) 

where 𝑓′
𝑚𝑥

 is the compressive strength of the masonry in the horizontal direction; 𝑐 is the 

effective zone; 𝑒 is the eccentricity of the axial compressive force; 𝑓𝑡𝑑 is the tensile strength 

of the masonry along the diagonal direction; 𝛼 is the angle of inclination of the strut; 𝑓 is the 

height of the arched strut. It should be noticed that the spandrel shear capacity adopted in 

this study is independent of the external forces applied, but is only a function of the geometry 

of the strut.  

Beyer (2012) developed simple analytical mechanical models to estimate the peak and 

the residual strength of the brick masonry spandrels (supported by a timber lintel or a shallow 

arch), and then validated them against experimental tests. The flexural peak moment 

strength 𝑀𝑝,𝑓𝑙 is estimated from the tensile strength of the head joints (following the Mohr-

Coulomb relationship) and from the interlock of the bed joints, assuming a linear stress 

distribution over the height of the spandrel, see Equation 3.43. 

𝑀𝑝,𝑓𝑙 = (𝑓𝑡 + 𝑝𝑠𝑝)
ℎ𝑠𝑝

2 𝑡𝑠𝑝

6
(3.43) 

where 𝑓𝑡 is the total equivalent tensile strength of the uncracked masonry spandrel; 𝑝𝑠𝑝 is the 

horizontal mean axial stress; ℎ𝑠𝑝 and 𝑡𝑠𝑝 are the height and the thickness of the spandrel. 

The peak shear strength associated with the formation of cracks through joints 𝑉𝑝,𝑠1 or 

through the bricks 𝑉𝑝,𝑠2 are given respectively by Equations 3.44 and 3.45:  

𝑉𝑝,𝑠1 =
2

3
(𝑐𝑝 + 𝜇𝑝𝑝𝑠𝑝)ℎ𝑠𝑝𝑡𝑠𝑝 (3.44) 

𝑉𝑝,𝑠2 = ℎ𝑠𝑝𝑡𝑠𝑝

𝑓′
𝑏𝑡

2.3(1 + 𝛼𝑣) √1 +
𝑝𝑠𝑝

𝑓′
𝑏𝑡

(3.45) 



Chapter 3. Seismic performance of existing URM structures 

 

67 

 

where 𝑐𝑝 is the cohesion; 𝜇𝑝 is the friction coefficient; 𝑓′
𝑏𝑡

 is the tensile strength of the bricks; 

𝛼𝑣 is the spandrel shear ratio defined as 𝑙𝑠𝑝/2ℎ𝑠𝑝, where 𝑙𝑠𝑝 is the length of the spandrel.  

The residual strength 𝑉𝑝,𝑠2 after flexural cracking is considered governed by a diagonal 

compressed strut in the masonry spandrel, and it is given by Equation 3.46, in which a 

compressive stress-block distribution is assumed (with a constant stress of 0.85 𝑓ℎ𝑚, where 

𝑓ℎ𝑚 is the horizontal masonry compressive strength). 

𝑉𝑝,𝑠2 =
𝑃𝑠𝑝ℎ𝑠𝑝

𝑙𝑠𝑝
(1 −

𝑝𝑠𝑝

0.85𝑓ℎ𝑚
) (3.46) 

The residual strength after shear cracking was not considered when the contribution of a 

timber lintel or masonry arch is neglected. In this work a FE numerical parametric study for 

spandrels with different aspect ratios was developed and from this it was stated that the 

assumptions made by FEMA 306 and Cattari and Lagomarsino (2008) on the mean axial 

stress at the end of the spandrel as 50% and 65%, respectively, of the vertical compressive 

stress of the adjacent pier, are consistent with the obtained numerical stress. 

Italian code (NTC 2018) defines the maximum spandrel moment 𝑀𝑢, and the 

corresponding shear strength 𝑉𝑝, associated to the rocking mechanism, in presence of 

resistant tensile elements coupled to the spandrel, as (Equations 3.47 and 3.48): 

𝑀𝑢 = 𝐻𝑝

ℎ

2
(1 −

𝐻𝑝

0.85𝑓ℎ𝑑ℎ𝑡
) (3.47) 

𝑉𝑝 =
2𝑀𝑢

𝑙
(3.48) 

where ℎ and 𝑡 are the height and the thickness of the spandrel, respectively; 𝑓ℎ𝑑 is the design 

horizontal compressive strength; 𝐻𝑝 is the minimum of the tension strength between the 

tensile resistant element and 0.4𝑓ℎ𝑑ℎ𝑡; 𝑙 is the length of the spandrel. In absence of any 

resistant element coupled to the spandrel, the bricks interlocking phenomena at the end-

sections with the contiguous masonry can be considered (FEMA 306; Cattari and 

Lagomarsino, 2008). 
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3.3.3.2 Shear (diagonal cracking) failure 

Regarding the shear behaviour of the spandrel, the only mechanism that can occur is the 

diagonal cracking mechanism, as bed-joint sliding mechanism is prevented by the 

interlocking phenomena that originated at the spandrel end-sections-contiguous masonry 

interface. 

FEMA 306 identified shear capacity formulation for the spandrel as the diagonal tensile 

capacity expression for the piers. According to this, the expression for the adopted diagonal 

tension strength of the spandrel is (Equations 3.49): 

𝑉𝑠𝑝𝑠 = 𝑓′
𝑑𝑡

𝑑𝑠𝑝𝑏𝑠𝑝𝛽√1 +
𝑓𝑎𝑒

𝑓′
𝑑𝑡

(3.49) 

where 𝑓′
𝑑𝑡

 is the diagonal tension strength; 𝑑𝑠𝑝 and 𝑏𝑠𝑝 are the depth and the width of the 

spandrel, respectively; 𝑓𝑎𝑒 is the horizontal axial stress in the pier (assumed as 0 if it is 

unknown); 𝛽 is a coefficient dependent by the spandrel aspect ratio and in detail it is 

assumed 𝛽 = 0.67 for 𝐿𝑠𝑝/𝑑𝑠𝑝 ≤ 0.67; 𝛽 = 𝐿𝑠𝑝/𝑑𝑠𝑝 for 0.67 ≤ 𝐿𝑠𝑝/𝑑𝑠𝑝 ≤ 1.0 and 𝛽 = 1.0 for 

𝐿𝑠𝑝/𝑑𝑠𝑝 > 1.0, where 𝐿𝑠𝑝 is the length of the spandrel.  

In Italian code (NTC 2018) the spandrel shear strength in absence of any resistant 

element can be calculated according to Equation 3.50: 

𝑉𝑡 = ℎ𝑡𝑓𝑣𝑑0 (3.50) 

where 𝑓𝑣𝑑0 is the design masonry shear strength in absence of vertical load. 

Parisi et al. (2011) investigate the in-plane response of URM walls with openings, before 

and after the strengthening of the spandrels with an inorganic matrix-grid. In this study, the 

numerical results were compared with the experimental ones and an analytical model was 

presented. More in detail, for analysing the strengthened walls, the study started from the 

unreinforced configurations, and the nominal lateral strength corresponding to the toe-

crushing mode 𝑉𝑝 was evaluated, according to the stress-block criterion, according to 

Equation 3.51: 

𝑉𝑝 =
ℎ

𝑙
(1 − 𝑁𝑑

̅̅ ̅̅ )𝑁𝑑 (3.51) 
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where ℎ and 𝑙 are the length and the height of the spandrel, respectively; 𝑁𝑑 is the applied 

axial force; 𝑁𝑑
̅̅ ̅̅  is the same value normalized to the ultimate axial force 𝑁𝑢 (assumed as 𝑁𝑢 =

𝑓𝑑,𝑚ℎ𝑡𝑚, where 𝑓𝑑,𝑚 is the masonry compressive strength and 𝑡𝑚 is the spandrel thickness). 

The nominal lateral strength corresponding to the diagonal tension cracking mode 𝑉𝑡 was 

evaluated according to the Turnšek and Čačovič (1971) yield criterion, as (Equation 3.52): 

𝑉𝑡 = 𝛽𝑁𝑢√1 +
𝑁𝑑
̅̅ ̅̅

𝑝𝛽
(3.52) 

where 𝛽 is the ratio between the diagonal tensile strength at zero compression and the 

masonry uniaxial compressive strength; 𝑝 is the shear stress distribution factor related to the 

aspect ratio of the panel. The nominal lateral strength corresponding to the stair-stepped 

diagonal sliding mode 𝑉𝑠𝑑 was evaluated according to the Mohr-Coulomb friction law, 

following Equation 3.53: 

𝑉𝑠𝑑 =
1

𝑝
(𝛾 + 𝜇𝑎𝑁𝑑

̅̅ ̅̅ )𝑁𝑢 (3.53) 

where 𝛾 is the ratio between the shear sliding strength at zero confining stress and the 

masonry uniaxial compressive strength; 𝜇𝑎 is the masonry fictitious friction coefficient 

(assumed as 0.4 in Eurocode 6 (EN1996 2006) and NTC 2008). 
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4. Performance assessment and seismic retrofit of 

URM structures 

4.1 Introduction 

In recent decades, in the field of earthquake engineering, the characterization of the 

behaviour of a structure has become increasingly important. More in detail, from prescriptive 

design approaches we have progressively moved towards performance approaches. The 

former are based mainly on the structure safety check against the design actions while the 

latter aim to a broader and articulated estimate not only of the structure demand but also of 

its capacity, in order to consider all the critical situations that may affect it. Furthermore, in 

these new strategies, an additional criterion has become increasingly important in recent 

years, i.e. the economic evaluation of the structure expected performance. More in detail, the 

characterization of the structural behaviour towards the various considered seismic 

intensities, allows to correlate from an economic point of view the performance of the building 

to the expected seismic events and to the expected level of damage. 

The same criteria can be adopted in the decision-making process to establish the more 

suitable and effective retrofit preventive intervention. Indeed, damage evidence after past 

earthquakes, showed that many existing buildings do not withstand seismic load without 

collapse or with moderate damage and hence most of them need preventive intervention. 

When dealing with the retrofitting of structures, the choice of the best solution is crucial, and 

several criteria have to be considered. 

In the following Sections, after a brief discussion of the performance design evolution of 

the structures (Section 4.2), the main methods to define the seismic performance in terms of 

ultimate strength are reported (Section 4.3). Then, the fundamental concepts underlying the 

estimate of the expected economic losses for constructions are discussed (Section 4.4). 

Finally, the main retrofit intervention strategies and techniques that can be adopted in the 

existing URM structures are described (Section 4.5).  
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4.2 Seismic risk assessment of existing structures 

Seismicity indicates the frequency and strength with which earthquakes occur, and it 

represents a physical feature of the site. By knowing the frequency and energy associated 

with the earthquakes that characterize a site, and by attributing a value of probability to the 

occurrence of a seismic event of a given magnitude in a certain time interval, it is possible to 

define the seismic hazard. The higher this value is, the more likely it is that an earthquake of 

that magnitude will occur in the same time interval. The consequences of an earthquake 

depend on the characteristics of a building in terms of resistance to the actions of a seismic 

shock. The predisposition of a building to be damaged is defined as vulnerability. The more a 

building is vulnerable (by type, inadequate design, poor quality of materials and methods of 

construction, poor maintenance), the greater the consequences. At last, another important 

definition is the exposure and it regards the greater or lesser presence of assets exposed to 

risk, the possibility to suffer economic damage, to cultural assets, the loss of human life. 

The seismic risk is determined by the combination of these three components: hazard, 

vulnerability and exposure. It is a measure of the expected damage in a given time interval, 

according to the type of seismicity, of buildings resistance and of nature, quality and quantity 

of the involved assets. 

After the strong and important earthquakes of the past, the need for an effective method 

of estimating and predicting the response of the buildings, when subjected to seismic force, 

has become evident under the essential requirements of life safety. An important support 

was given by research studies developed in earthquake-risk areas in the world, like USA, 

New Zealand, Japan and Europe. Hence, the best seismic assessment standards or 

guidelines, like FEMA 356, ATC 40, ASCE/SEI 41-06, EN 1998 (2005), NZSEE 2017 and 

NTC 2018 have been written in that high seismic risk regions.  

From that moment, the importance to evaluate the seismic risk of the existing building 

heritage, mostly designed with codes prior to the seismic ones, played a fundamental role, 

aiming especially to obtain a territorial-scale seismic prevention plan. 

The development of innovative design techniques was starting by the American FEMA 

273 and FEMA 356 and within the Vision 2000 project (SEAOC, 1995). Generally speaking, 

these new strategies have introduced the evaluation of a building behavior through the 
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analysis of its performance by varying the considered input, in such a way to be able to 

design the structure according to the level of needed global performance. 

In order to characterize these aspects in a more synthetic and meaningful way, levels of 

significant damage of the structure have been defined, i.e. the Limit States. In particular have 

been identified Exercise Limit States (ELS), which refer to the most frequent conditions for 

the structure, both in terms of seismic action and of allowed damage, and Ultimate Limit 

States (ULS), which instead concern the performance of the structure near the collapse. 

In the context of seismic design, for example, in Italian Code (NTC 2018) among the ELS 

are identified the Operation Limit State (OLS) and the Damage Limit State (DLS), while the 

Ultimate Limit States are divided into Life Safety Limit State (VLS) and Collapse Prevention 

Limit State (CLS). Similarly in other codes, for example in FEMA 274, are set states of 

Immediate Occupancy (IO), Life Safety (LS) and Collapse Prevention (CP). Even if the DLS 

is not considered in FEMA 274, it is specified that in the initial part of a structural behavior 

the design must be carried out under damage control conditions. While starting from LS 

state, the construction must be designed within the view of human life safety.  

Practically, design becomes an iterative process that needs to verify that the 

performance associated with the aforementioned Limit States are achieved after seismic 

events with a fixed occurrence frequency, thus relating the probability of reaching a Limit 

State by the structure with the probability exceeding the corresponding intensity of the 

considered seismic action. 

This methodology is defined Performance-Based Earthquake Engineering (PBEE). The 

Vision 2000 document (SEAOC, 1995) identifies and schematizes in a simple matrix the 

performance objectives (Figure 4.1). More in detail, the fully operational, operational, life 

safety and near collapse performance states, are expressed in terms of expected structural 

and non-structural damage as well as post-event effects in terms of operability and repairs as 

well as four intensity levels defined in terms of their return period: frequent (50% in 30 years), 

occasional (50% in 50 years), rare (10% in 50 years), and very rare (10% in 100 years). It is 

observed that the different performance levels are coupled with earthquake intensities with 

respect to the building occupancy. Indeed, improved performance is required for facilities that 

have a critical function for the community, while the level of acceptable damage increases (or 

performance reduces) as the seismic intensity increases. 



Chapter 4. Performance assessment and seismic retrofit of URM structures 

 

77 

 

 

Figure 4.1.   Vision 2000 recommended seismic performance objectives (adapted from SEAOC, 

1995). 

After the Vision 2000 document (SEAOC, 1995), the Federal Emergency Management 

Agency (FEMA) published the FEMA 273 (1997), FEMA 274 (1997) and FEMA 356 (2000) in 

which a similar matrix was proposed, but with the focus on the rehabilitation of existing 

structures rather than on new constructions. Finally, the ASCE/SEI 41-06 was published with 

quantitative rules and more comprehensive acceptance criteria for both structural and non-

structural components. Later, a global performance matrix was proposed by Kam et al. 

(2010). With respect to the original one, this matrix incorporates three measures of 

performance with both structural and non-structural damage, namely peak inter-storey drift 

ratio, residual inter-storey drift ratio and peak floor acceleration. 

Once recognized the importance of evaluating the seismic risk of existing building 

heritage, the essential task became to “quantify” the problem, in order to enable owners of 

earthquake-prone buildings and other stakeholders to decide if a retrofit intervention is 

required and then to select the most appropriate solution to reduce the seismic vulnerability 

and consequently the seismic risk to an explicit acceptable level.  

To this aim, in New Zealand the seismic performance of existing buildings is assessed 

using a performance measure that indicates the level of shaking intensity, relative to the 

design level of a new structure, that would cause the building to reach its Ultimate Limit State 

(i.e. Life Safety). This measure is termed %NBS, or ‘‘Percentage of New Building Standard’’, 
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in accordance to NZSEE 2017 and represents the performance indicator to establish whether 

or not an existing structure has to be retrofitted.  

This approach has recently been incorporated into the Italian Code (Ministry Decree n.65 

7/03/2017). More in detail, as for the %NBS, the ISV is defined as an indicator of seismic 

performance and it is given by the relationship between the capacity and the demand, i.e. the 

performance of an existing building against the standard required for a new one. 

According to the %NBS, buildings can be classified as ‘‘earthquake prone’’ (EPB) or high 

risk (%NBS lower than 33%), moderate risk (%NBS in the range 34-67%) or low risk (%NBS 

higher than 67%). Hence, on the buildings that cannot withstand (at ULS level) a seismic 

intensity of one-third of the design one (referred to as ‘‘moderate’’ earthquake, i.e. %NBS < 

33%) owners have to intervene. On the contrary, if the %NBS is greater than 33%, no 

building upgrade is mandatory. 

This approach is a simple and clear way to quantify and classify existing building 

heritage with respect to the seismic vulnerability, however, it could be misleading, as well 

described in Ligabue et al. (2018). Indeed, due to the fact that the %NBS indicator addresses 

only the shaking intensity associated with the reaching of the Ultimate Limit State (ULS) or 

Life Safety (LS) Limit State, with the same %NBS can be associated structures with different 

probabilities of collapse that might undergo different levels of damage, thus leading to 

different repairing costs when subjected to the same seismic event. Moreover, it is 

recognized that the level of safety of an existing building retrofitted up to 100%NBS is 

different from that of a new construction designed according to the current code. This is due 

to the partial safety coefficients that have to be used in the new building design, to increase 

the external loads and reduce the mechanical strength.  

Another important evidence regards the correlation between the seismic risk and the 

%NBS. As suggested by NZSEE 2006, this indicator is not linearly correlated to the seismic 

risk of the building, but an increase of the targeted %NBS would result in a more than 

proportional reduction of risk (see Figure 4.2a). More in detail, it can be deduced that 

33%NBS corresponds to approximately twenty times the risk of the building reaching a 

similar condition to which a new building would reach in a full design earthquake, and 

67%NBS corresponds to a risk of three times.  

A peculiar relationship correlates the cost of the retrofit intervention with the performance 

(%NBS), as shown in Figure 4.2b.  More in detail, the cost of the retrofit interventions follows 
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a step function with the targeted %NBS, so that alternative retrofit techniques can be 

combined and integrated in order to reach the next level of performance.  

 

Figure 4.2.   (a) Performance (as %NBS) and risk correlation (adapted from NZSEE 2006) and (b) 

expected retrofit intervention cost as performance function (adapted from Beetham, 2013). 

According to the aforementioned reasons, an evaluation of the building performance that 

relies only on the %NBS is not widely recommended. For more reliable results in terms of the 

entire seismic performance of existing structures and informed decisions on whether apply 

an appropriate retrofit solution, another important parameter needs to be considered. The 

expected direct and indirect losses, hence the expected annual loss (EAL), can be 

considered an effective addictive parameter of structural performance and could be explicitly 

included to support the decision-making process of the retrofit intervention. For more details 

refer to Section 4.4. 

4.3 Seismic performance of existing structures 

Among the various analysis techniques that can be used to investigate the response of 

existing structures, such as the linear static, the linear dynamic, the non-linear static and the 

non-linear dynamic methods, herein the pushover, or non-linear static, analysis is treated. In 

this method, two different loads are simultaneously applied to the structure: a vertical 

constant one (due to the gravity) and a varying horizontal one (that defines the seismic 
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action), which is applied by monotonically increasing the displacement of a specific node 

(called control node) of the structure. The horizontal forces are modelled as acting on the 

centre of mass of each floor and their distribution does not change while the displacement 

increases (Figure 4.3). The application of the lateral forces induces inelastic deformation in 

the building components and this non-linear response needs to be taken into account while 

mathematically modelling the Pushover analysis. As a result, the Pushover analysis is 

translated in the capacity curve which combines the total base shear experienced by the 

structure with the displacement of the control node. 

 

Figure 4.3.   Non-linear static (or Pushover) analysis. 

The main limitations of the Pushover analysis are summarized in the following: 

• the distribution of the lateral forces often depends only on the first mode of the 

building, thus it is improbable to correctly identify the collapse mechanism due to  

higher modes; 

• the distribution of the lateral forces applied does not vary with the displacement, 

hence the changes in inertial forces cannot be considered. These changes arise from 

damages in the structural elements that induce modification in the local stiffness. 

This first limitation can be faced in two different ways: by implementing the Modal 

Response Spectrum Analysis of the building as a force that is proportional to the storey 

shear distribution, or by using a sequential Pushover analysis for the different modes of the 

building and then combining the results as suggested by Goel and Chopra (2004). Both 

these methods, however, are based on elastic modal properties and do not allow to evaluate 

in a proper way the effects of the higher modes. As a consequence, they give misleading 

results in the non-linear range of building response. The second limitation can be overcome 



Chapter 4. Performance assessment and seismic retrofit of URM structures 

 

81 

 

by using modified procedures available in literature, such as the one proposed by Antoniou 

and Pinho (2004), that allows changing the force vector, in an adaptive way, with respect to 

the damage-induced redistribution of loadings in the structure. 

Following the nonlinear static procedures, once the nonlinear static pushover analysis of 

the multiple-degree-of-freedom (MDOF) structural system has been performed, the pushover 

curve is transformed into the capacity curve of an equivalent single-degree-of-freedom 

(SDOF) oscillator. Then, the seismic performance of the building can be defined within an 

ADRS (Acceleration-Displacement Response Spectrum) diagram. These steps are generally 

done with specific methods and among them, the most commonly used are: the Capacity 

Spectrum method (proposed in ASCE 41-13), the N2 method (presented in EN1998 2005) 

and the Displacement-Based method (proposed in NZSEE 2017). In the following is reported 

a brief comparison between them. For more details on these methods refer to Gentile (2017).  

Capacity Spectrum Method (CSM) – ASCE 41-13 

The capacity spectrum obtained through this method consists of a bi-linear curve with an 

initial linear part that is inelastic and with stiffness ratio, followed by an elastic linear part that 

is tangent to the refined curve at the origin. By imposing the equality between the area 

beneath the obtained curve and the refined one, an equivalent yield displacement can be 

obtained. This idealization, however, can lead to an under-prediction of the real equivalent 

yield displacement if the first cracking of the element is explicitly inserted in the 

characterization. For this reason the main concept on which the CSM relies on is that the 

SDOF oscillator is characterized starting from the secant stiffness through the performance 

point in place of the tangent one. Moreover this procedure is capable to deal with three 

different hysteretic behaviours that refer to: structures which have full hysteresis cycles, 

structures with pronounced degradation in strength and stiffness or an intermediate 

condition.  

N2 method – EN 1998 (2005) 

The N2 method was developed by Fajfar and Fischinger (1988). It starts by defining the 

SDOF system response with respect to the first modal shape in the chosen direction of the 

analysis. The basic requirement of this procedure is an elastic-perfectly plastic bi-linear 

idealization of the capacity curve. The procedure considers the two possible responses of the 

system: elastic and inelastic. This latter is solved by means of equal-displacement or equal-

energy rule, with respect to the period of the structure. Safety verifications can be conducted 
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by using the local deformation demand of the structural elements which corresponds to the 

global displacement. 

Displacement-Based Assessment - NZSEE 2017 

The Displacement-Based Assessment (Priestley, 1997) is the Pushover analysis method 

implemented in NZSEE 2017. This procedure deals with the characterization of the secant 

properties of the equivalent SDOF system by giving a certain global displacement. The final 

result of the procedure is the evaluation of the Percentage of New Building Standard 

(%NBS): a value that compares the expected building capacity with the minimum required for 

a new structure according to the Building Code. In this procedure, the Pushover analysis is 

carried out and the capacity curve is cut off at the Ultimate Limit State (ULS) point that is 

reached when some structural elements collapse, thus provoking a life safety issue.  

In Figure 4.4 a qualitative comparison among the seismic assessment results with the 

three methods discussed so far (CSM, N2 and DBA) is reported. Generally speaking, the 

outcome may considerably vary with respect to the adopted procedure.  

 

 Figure 4.4.   Characterization of the SDOF response in the (a) CSM, (b) N2 and (c) DBA methods 

(adapted from Gentile, 2017). 

The CSM and the DBA methods suggest the same methodology: to define an elastic 

curve with hardening that ends at the ULS point. On the contrary, the N2 method uses a bi-

linearization methodology that yields an elastic-perfectly plastic curve more focused on the 

base shear plastic mechanism, i.e. the initial stiffness. Moreover, the N2 method is the only 

one that really needs a bi-linearization procedure, while the others can be applied also to the 

original refined curve. 



Chapter 4. Performance assessment and seismic retrofit of URM structures 

 

83 

 

More in detail, in the CSM and the DBA methods the equivalent SDOF system is 

generated with respect to the secant to the ULS stiffness and the equivalent viscous 

damping (EVD) which is related to the actual ductility demand. Therefore the seismic 

demand, with respect to the elastic one, is proportionally reduced through the EVD of the 

system. A difference among CSM and DBA methods resides in the adopted parameters 

which are calibrated in different ways. In the N2 method, instead, the same SDOF system is 

characterized starting from the initial elastic stiffness and the displacement demand is 

calculated from the 5%-damped spectrum. Therefore an equal-displacement rule (that 

depends on the assumed behaviour factor) is used to obtain the expected inelastic demand. 

In the choice among the equal-displacement or equal-energy rules resides the major 

weakness of the N2 method since these approximations are valid only for a limited number of 

hysteresis cycles. As a consequence, the CSM and DBA methods are more rational with 

respect to the N2 method, since the use of the secant properties to characterize the SDOF 

system allows to better capture the overall structural behaviour. In Guerrini et al. (2017) are 

highlighted the limits of the aforementioned methods (N2 in particular) for structures with a 

low vibration period and some possible corrections are provided. 

4.4 Losses assessment 

Among the performance-based earthquake engineering (PBEE) methodologies, a risk 

assessment framework was proposed by the Pacific Earthquake Engineering Research 

(PEER) Centre and it is summarized in Porter (2003). In this approach, it is suggested to 

consider some aspects correlated with economic losses, that were never considered before 

in the analysis of a structure subjected to an earthquake event. Among them, three broad 

categories can be identified: i) the losses of human lives (“Deaths”), ii) direct economic 

losses (“Dollars”) due to building damage and any repairs/demolitions needed afterword, and 

iii) the losses due to periods of inactivity, and therefore to lost earnings, that follow seismic 

events (“Downtime”). 

Briefly, the procedure consists of four steps (Figure 4.5): 1) the definition of the seismic 

hazard of the construction site, 2) the identification of the structure response to the seismic 

demand, 3) the correlation between the response of the structure and the consequent 

damage and finally 4) the analysis of the expected economic losses for the estimated 
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damage level. The aim is to obtain an economic evaluation of the expected performance of 

the structure, to facilitate the decision-making process during the design phase.  

 

Figure 4.5.   PEER PBEE methodology (adapted from Goulet et al., 2007). 

Due to the fact that the PEER framework is comprehensive and based on fully 

probabilistic analysis, it is generally considered too onerous for implementation by design 

professionals. For this reason, numerous research studies proposed simplified procedure for 

the loss evaluation of buildings, facilitating the use of this methodology in the context of daily 

professional practice (Porter et al., 2004; Solberg et al., 2008; Sullivan and Calvi, 2011; 

Zareian and Krawinkler, 2012; Welch et al., 2012). These procedures maintain the 

probabilistic nature of the seismic input (modelled using design spectra provided by the 

return time variation, according to the associated construction site), but use simplified cost 

models or otherwise known relationships between the damage of the structure and the 

expected economic losses.  

Among the simplified procedures, the Welch et al. (2012)’s one is herein considered. 

This started from the proposal of Sullivan and Calvi (2011) to incorporate the direct loss 

estimation in the Direct DBA procedure, to provide simplified probabilistic loss estimation.  

At first, it is important to highlight that the most significant parameter for decision-makers 

is the Expected Annual Loss (EAL), as it quantifies losses on the basis of a time period 

rather than an assumed intensity scenario. It is the average annual value of the expected 

economic losses expressed as a percentage of the rebuilding cost of the structure and hence 
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it is a representative measure of the earthquake performance of the building. As outlined in 

Welch et al. (2012), the calculation of the EAL is typically carried out by performing single 

intensity-based loss estimates over an intensities interval that ranges from the initial 

accumulation of loss to an intensity that captures the upper bound of probabilistically 

significant events. Generally speaking, the EAL parameter can be calculated by integrating 

the total loss curve, in the mean annual frequency versus expected loss diagram.  

In Welch et al. (2012) a simplified tri-linear loss model is defined (see Figure 4.6). More 

in detail, the total loss curve is approximated by defining four limit states: zero loss, 

operational, damage control, and near collapse. The substantial difference with the refined 

EAL curve (obtained through the more complex PEER methodology) is, as can be seen from 

Figure 4.6, that the relation frequency-cost is built in a discrete way, through an analysis by 

scenario and the points of this curve correspond to the Limit States identified by the modern 

performance design. For each of these remarkable points, a seismic demand is set, 

depending on pre-established probabilities of exceedance in the reference period. Moreover, 

these inputs are compared with the corresponding levels of structure capacity, evaluated 

differently according to the considered Limit State, and hence in relation to the type of 

damage that is desired, associated with the specific seismic intensity. Typically, the capacity 

levels at ELS are evaluated on the performance of non-structural components and therefore 

related to the functional characteristics of the building. While at the ULS the behaviour of the 

structural systems near the collapse and consequently to the life-safety is considered.  

 

Figure 4.6.   Approximated Expected Annual Loss (EAL) obtained by the proposed Direct DBA loss 

model in Welch et al. (2012) and the refined one (adapted from Beetham, 2013). 
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In the Italian guidelines (Ministry Decree n.65 7/03/2017) a very useful procedure for the 

classification of buildings is presented. More in detail, it introduces operational tools for the 

seismic risk classification of existing buildings based on two parameters: an economic one, 

called Expected Annual Loss (EAL, or PAM in Italian), and a structural one, associated with 

the seismic safety index (%NBS, or ISV). The first parameter takes into account economic 

losses due to structural and non-structural damage and refers to the cost of reconstruction 

(RC) of the building. While the second parameter is defined as the ratio between the 

capacity, expressed in terms of maximum peak ground acceleration (PGA) compatible with 

the achievement of the Life Safety Limit State (VLS), and the expected demand (i.e. the 

design PGA at the VLS, indicated in NTC 2018 based on the construction site).  

Regarding the EAL parameter, it is considered as the cost of repairing the damages 

produced by seismic events during the life of the construction, broken down annually and 

expressed as a percentage of the reconstruction cost. The area under the curve represents 

the direct economic losses, function of the mean annual frequency of exceedance of the 

seismic action for various intensities (equal to the inverse of the average return period) and 

the losses associated with such actions (in terms of RC %). The simplification of that curve is 

made through the assumption of the mean annual frequency of exceedance of the limit 

states for the structure and the losses associated with them. In particular, it is proposed a 

relationship between the various Limit States and the associated economic losses (Figure 

4.7), expressed as a percentage of the reconstruction cost (RC %), starting from the real 

costs incurred for the repair of buildings in L'Aquila city after the earthquake of 2009 (Dolce 

and Manfredi, 2015).  

To define this curve, in addition to the known ultimate (CLS and VLS) and operational 

(DLS and OLS) limit states, two border limit states are identified:  

• Start Damage Limit State (SDLS). No economic loss and a conventional period 

return equal to 𝑇𝑅 = 10 years (i.e. 𝜆 =  0.1) is associated to this LS; 

• Reconstruction Limit State (RLS). An economic loss of 100% and a conventional 

period return equal to that of the CLS are assumed. More in detail, this LS 

suggests the complete demolition and reconstruction of the structure rather than 

any retrofit interventions. 
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Figure 4.7.   Expected Annual Loss (EAL) curve (adapted from Ministry Decree n.65 7/03/2017). 

To define the Risk Class, the EAL class and the ISV class (or %NBS) of the building 

(Table 4.1) are evaluated and consequently the minimum of these classes identified the Risk 

Class. 

Table 4.1.   EAL and IS-V (or %NBS) classes attribution (adapted from Ministry Decree n.65 

7/3/2017). 

 

Ottonelli et al. (2020) presented an important work on the evaluation of the EAL, focused 

on existing masonry buildings. In that study, it was proposed an analytical approach based 

on a cost function that is directly dependent on the damage level associated with different 

structural elements and identified by specific engineering demand parameters. Starting from 

O’Reilly and Calvi (2019), this study aims to highlight the importance of the cost-benefit 

evaluations in order to move towards the EAL design from the Performance-Based Design 
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(i.e. the approach currently adopted in almost all national and international codes) that is 

essentially based on the correlation of the structural response, to specific Performance 

Levels (or the Limit States - LS). To this aim, the criterion for the attainment of the severe 

damage Performance Level is explicitly based on a cost function, aimed to quantify the 

economic losses. More in detail, assuming that the most advisable approach to define loss 

estimations is the analytical one, the paper proposes a loss estimation analytical model, that 

can be applied to any building, according to the component-based approach (Mitrani-Reiser 

and Beck, 2007) and then the direct loss is calculated by summing the losses overall 

damageable components in the building. An explicit use of nonlinear dynamic analyzes on a 

detailed 3D model of the structure is requested.  

This proposed procedure is an important and complete tool to describe the seismic 

response of masonry buildings, in terms of direct economic losses. Its importance resides in 

the literature gap on the quantification of this aspect. Indeed, this topic is less detailed in 

literature with respect to the other two risk analysis components (hazard and vulnerability), 

since the main studies in this field come from the American environment (as the FEMA P-58-

1) where the URM is not widespread as in Europe.  

As a result, from Ottonelli et al. (2020) emerged that, in masonry structures, the 

structural losses represent the main contribution in the global EAL. But among these, the 

disaggregation between the in-plane and the out-of-plane contributions cannot be inferred, 

because the paper refers to a specific case study. More information should be investigated to 

this aim. Defining the EAL (together with the %NBS) makes it possible to highlight the critical 

conditions of the structure and then choose the best retrofit solution.  

4.5 Seismic retrofit strategies and techniques 

In the recent past, the catastrophic effects due to the seismic events that occurred in the 

various countries of the world have made it necessary to focus the attention on the seismic 

vulnerability assessment of the buildings heritage as well as on the retrofitting of it, to 

safeguard in case of a new seismic event. Many existing buildings have been designed with 

inadequate construction details, and to ensure that they withstand seismic load without 

collapse or with moderate damage a preventive intervention is needed.   
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In a strengthening or repair intervention, two concepts are important: techniques and 

strategies. The techniques refer to the practical way to apply the retrofit solution, while the 

strategy is the effect that the intervention is expected to have. Another important concept to 

clarify regards the strengthening and repair meanings. Strengthening means the intervention 

that is required when the available geometry or section, even after strengthening, cannot 

offer the required strength. In all other cases, the repair interventions are considered.  

When dealing with the retrofitting of structures, the choice of the best solution represents 

a key point. The best solution means designing both efficient and respectful interventions 

consistent with conservation principles. Several criteria can be outlined to help this choice by 

recognizing that the engineering judgement plays a fundamental role in the definition of the 

priority interventions and needed strengthening.   

For defining the retrofit interventions to apply to existing buildings it is needed at first to 

investigate the capacity of the structure and its seismic vulnerability. To this aim, several 

assessment methods, analytical or numerical, can be adopted. Once the expected failure 

mechanisms of the structure are identified, it is possible to develop a strategy of retrofit 

interventions based on a priorities scale (i.e. the expected brittle failures are resolved before 

those ductile). When the strategy is clear, it is possible to identify the best techniques to 

apply, in order to achieve the intended purpose. 

In Section 4.5.1 the main seismic retrofit strategies are described and in Section 4.5.2 

the main traditional techniques to strengthen or repair existing structures are reported.  

4.5.1 Retrofit strategies 

In literature, the main strategies for strengthening an existing structure can be 

summarized and schematized as in Sugano (1996). In detail, with reference to Figure 4.8, 

the performance of an existing building can be improved, in order to reach the required one, 

by increasing the strength (a) or the ductility (c) or, alternatively, by increasing 

simultaneously both of them (b).  



C. Sansoni. Seismic Vulnerability Assessment of Existing URM Structures through a Simplified Analytical Method     

 

90 

 

 

Figure 4.8.   Possible seismic retrofit strategies (adapted from Sugano, 1996). 

To reach the required seismic performance it is possible to intervene on several aspects 

at the local and/or at the global structural level, at first in a qualitative way, identifying the 

best retrofit strategy and then in a quantitative way, adopting the best reliable strengthening 

or repair technique.  

More in detail, the possible strategies that can be adopted in the strengthening of 

existing structures aim to act on the following aspects: 

• Confinement. This condition, which refers to the limitation of the deformation, can 

be related to a local or global condition. When acting locally, a structural element 

can be strengthened increasing the mechanical properties while at the global 

level the confinement effect can be modified aiming to the generation of a box-

behavior, thus avoiding out-of-plane mechanisms. 

• Reinforcement. New material, with higher mechanical properties, can be added 

to the element resisting section. This added part has to be well connected to the 

element to guaranteed its increase of strength and stiffness.  

• Enlargement. The section of structural elements can be increased with new 

material, with mechanical properties similar to the existing one. An increase of 

strength can be reached thanks to the higher resisting area. An adequate 

connection or interlocking between the existing element and the new material 

has to be provided in order to get the expected improvements.  

• Material substitution. The damaged parts of the structure can be removed and 

replaced with new materials, similar to the existing ones, or better.  

• Structural substitution. Creation of new load-bearing structure with modern 

materials, without the dismantling of the old one. It is used to maintain the 
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external features of an existing building with insufficient capacity, and improve 

the behaviour and mechanical properties of the structural element. 

• Tying. Steel bars anchored to the structure with plates (or other devices) can be 

adopted to adequately connect structural elements or parts of the existing 

structures. Tie bars are non-invasive and can be easily removed. This solution 

has been widely used in Italy and in Northern Europe since after earthquakes it 

showed a great improvement in building seismic performance, due to their 

mechanical compliance and compatibility with masonry structures.  

• Propping. It consists of supporting/sustaining a structural part by adding 

elements. It can be applied to damaged or intact structures in order to increase 

their strength or stiffness. It is commonly divided into lateral (strutting) and 

vertical propping. 

• Anchoring or fastening. To improve the stability of a structure, it can be fastened 

to rock and soil. Moreover, to tie together parts with poor connection or 

interlocking, avoiding local failures, it is possible to use stiff devices (pins, cramps 

or short ties) and guarantee micro-continuity in the structure and hence increase 

its strength.  

• Buttressing. To laterally prop a structure the addition of concrete or masonry 

massive elements can be used. Through their self-weight, the buttresses can 

resist lateral forces and deformations. 

• Prestressing. External loads or pre-compression can be used in a structural 

element to change the stress field.  

• Isolation. External devices can be placed at the foundation- structure interface to 

absorb the seismic force and vibrations. 

As aforementioned, the decision of the retrofit strategy to adopt derives from a particular 

process that consists of: i) identifying the expected failure mechanisms, ii) adopting an 

adequate interventions strategy to improve the response with respect to the failure mode 

defined before, iii) defining the practical way to perform the chosen retrofit strategy. The first 

step of the procedure is carried out by an assessment vulnerability method, that aims to 

define the capacity of the existing structure. Regarding the second step, a strategy to 

improve the local and/or global behaviour of the structure is defined. In detail, it is possible to 

hypothesize to improve the mechanical performance of masonry or the capacity of the 
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elements to prevent brittle mechanisms. Otherwise, a “box-behaviour” could be desired. 

Alternatively, an increase of the dissipative capacity of the structure is recommended. Finally, 

the third step (discussed in detail in Section 4.5.2) consists of defining the practical actions to 

do for realizing the defined strengthening strategy, by identifying also the more suitable 

technique. For example to improve the ductility grout injection can be used; to guarantee 

effective wall-to-wall connections steel ties can be inserted; to enhance the energy 

dissipation of the structure anchors or anchor plates can be adopted. 

In Table 4.2 are resumed some practical actions corresponding to the main possible 

intervention strategies. 

Table 4.2.   Practical intervention actions to be performed according to selected strategy (adapted 

from NIKER 2012). 

 

When selecting the repair or strengthening solutions, with the aim to support end-users 

in the decision process, it is also essential to consider the following criteria: 

• Minimal intervention. A reduced impact (or minimal alteration) of the intervention 

on the existing structure is favored if the same required safety level is reached.  

• Compatibility. If new materials or technical devices are used for strengthening, 

they have to be compatible with the existing ones, not leading to undesirable 

side-effects such as chemical, physical, mechanical, thermal and rheological 

incompatibility phenomena.   
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• Durability. The designed strengthening intervention should be durable as well as 

the new materials and devices used. 

• Non-invasiveness. The least invasive techniques should be selected in the 

strengthening of structures if alternative solutions are possible.  

• Non-obtrusiveness. The strengthening of existing structures should be 

harmonious with the entire system and also recognizable from the existing part to 

avoid distortion in historical evidence. 

• Removability. The strengthening intervention should be, if possible, reversible or 

removable to be replaced with other solutions if requested. It represents a severe 

criterion, usually too demanding and unrealistic. 

The easy-to-implement criterion, as well as the low cost, should be considered also if 

they are not within the criteria. By considering these criteria, the best strengthening solution 

is found, among a set of alternative possibilities and combinations of different techniques. 

4.5.2 Retrofit techniques for URM buildings 

The purpose of this Section is to give a general understanding of the principal techniques 

to employ to enhance the seismic behavior of UnReinforced Masonry (URM) buildings.  

In Table 4.3 some possible techniques that can be applied according to the practical 

action, and consequently to the established intervention strategy (see also Table 4.2), are 

summarised and classified.  

In the following, a brief description of the main traditional retrofit techniques is reported. 

For the purpose of this Thesis, attention was given to those aiming at an improvement of the 

in-plane and out-of-plane behaviour of structural elements and of the structure in its 

complexity. For this reason, the techniques to improve the seismic behaviour of horizontal 

elements, such as the floors and the roofs are not reported.  

The techniques described below are: tie-rods, jacketing by R.C. plaster, grout injections, 

reinforced injections (or stitching), repointing and reinforced repointing, FRP, discrete 

confinement, “scuci-cuci” (i.e. “unstitch-stitch”), enlargement and buttresses.  
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Table 4.3.   Intervention techniques corresponding to practical intervention actions (adapted from 

NIKER 2012). 

 

Tie-Rods 

One of the most efficient and widely used retrofit techniques in existing buildings is the 

application of tie rods. This strategy brings important improvements to the structures, as the 

strong increase of the wall-to-wall and wall-to-floor connections. Consequently, it leads to a 

reduction of the out-of-plane mechanism of walls and to an increase in the in-plane strength.  

It is also adopted to bear the static thrust of arches, vaults and roofs. It is a technique 

characterized by low cost and easy application. Its use was known since Byzantine times 

and continued up to our days, especially for the seismic areas (Milizia, 1785; Rondelet, 1832; 

Archivio Storico, 1861; Giuffrè and Carocci, 1999; Carocci, 2001). Since the beginning, they 

were adopted as a seismic protection and their usual position in the buildings was at the 

roof/floor level, to improve the connections between orthogonal walls and between walls and 

diaphragms. With respect to the tie tension and the masonry quality, it is possible to identify 

the more effective anchoring system. It should be noted that if not correctly designed, this 

technique could lead to unexpected and irreversible consequences. More in detail, in case of 
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excessive high tension in the ties, during an earthquake, severe damages can be caused to 

the masonry at the anchoring level, due to the high generated stiffness.  

Practically speaking, the rods are commonly composed of three elements: a metal tie, an 

external anchor and link plates; their characteristics are briefly described below (Figure 4.9).  

 

Figure 4.9.   Schematic representation of a tie rod. 

The metal tie can be realized in several ways and among them, the most commonly used 

are with a reinforcement bar, with rectangular section plates or with strands of harmonic 

steel. As a common rule, the cylindrical shaped rods are inserted directly in the masonry 

while the ones with the rectangular section plates are used at the floor extrados or beneath 

the flooring. The rods are generally made of steel and, in order to protect them from 

atmospheric degradation, are embedded in a sheath filled with cement mortar.  

In literature, several different types of external anchor, with changing shapes and usages 

are described and reported. A brief overview of the most commonly used is summarized as 

follows:  

- Round-shaped. It is essentially a round-shaped steel plate (see Figure 4.10a), with a 

diameter that generally varies in the range of 20-50 cm. Frequently the plate is reinforced by 

a diagonal rib design that enhances the strength. This kind of anchor can be fixed by means 

of a single or several bolts or by the insertion of wedges at the interface between the rod and 

the anchor; 

- Rectangular-shaped with a single or double rod. It is a rectangular or squared steel 

plate (see Figure 4.10b), with dimensions that range from 20 up to 50 cm and, as for the 

round-shaped ones, also these plates are frequently reinforced by ribs and can be fixed by 

bolts or by wedges at the rod-anchor interface. This geometrical shape can be adopted also 

in the case of a double tie rod inside the wall. In this case, it is referred to as double rod 

configuration;  
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- Bar-shaped simple or Y-shaped. It is composed of one (see Figure 4.10c) or more 

bars that can have a simple cylindrical shape or different shape according to the esthetics 

requirements of the building (i.e. S-shape, symbols, star). The length of each bar generally 

varies in the range 60-120 cm and with different heights. In the case of a single anchor, it has 

to be inserted with an angle of 45° with respect to the flooring, in such a way that the bottom 

part interacts with the orthogonal wall while the upper part interacts with the floor. In case the 

45° positioning is not feasible, it is commonly used a Y-shaped anchor. The closing of the 

rod-end can be done with a single bolt, but more frequently it is used an eyelet; 

- With two UNP channels. It consists of two UNP profiles connected through rigid metal 

plates, with respect to the single bar configuration. This option grants a higher strength and a 

higher area of contact. The tensioning of the rod, also in this case, is done with a bolt at the 

end of the rod;  

- L-shaped. It is used when the rods are inserted into two orthogonal walls. In this way, 

a single L-shaped metal plate with reinforced ribs at the extremities is positioned at the edge. 

The tensioning of the rods, also in this case, is made through bolts. 

 

Figure 4.10.   Schematization of the main typologies of external anchor: (a) round-shaped, (b) 

rectangular-shaped and (c) simple bar-shaped. 

The link plates are the third component of a tie rod and are used in two cases: if the rods 

are not long enough or when the rods have to be pre-tensioned from the inside (in absence 

of any tensioning external bolt). The three link plates most used, available in literature, are: 

the fork connector, the tensioning sleeves and the hinge with bolt and nut. 

Jacketing by Reinforced Concrete plaster 

This consolidation technique acts by adding concrete layers on both sides of a masonry 

wall. These layers have a typical thickness of 3-5 cm, are armed through a metallic net and 

are fixed to the wall through transversal connectors. With this procedure, both the strength 
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and stiffness of the wall are enhanced. Recently it was demonstrated that this result can be 

assumed true only if the layers are used on both sides of the wall, and are well connected to 

it by transversal connectors (Baloević et al., 2016). In detail, a thicker section of the wall can 

be obtained and an appreciated increase of compressive, tensile and shear strength of it as 

well as the ductility can be observed (Binda et al., 1994). 

This approach is strongly recommended in case of masonry strongly damaged, 

incoherently assembled, on which other techniques cannot be applied. Moreover, it is 

effective also for walls constructed with solid bricks or made by stones and can be useful in 

the case of strongly compressed walls in which the double layer of concrete performs high 

confinement. Nevertheless, the execution on site of this intervention on inhomogeneous 

walls could lead to some problems in connecting the two sides of the wall (Figure 4.11). 

 

Figure 4.11.   Schematization of the application of the R.C. plaster (Binda et al., 2003a). 

Practically speaking this technique presents several advantages such as: it is easy and 

cheap; it grants an increase of strength for both in-plane and out-of-plane mechanisms; it can 

remove the effect arising from localized lesions and does not alter the masonry tensional 

state. The main disadvantage is its invasiveness from the architectonical point of view, since 

it practically covers the wall, for this reason, it cannot be used for historically relevant 

building. Moreover, some technical issues need to be taken into account. From simple ones, 

such as changes induced in the thermal behavior of the masonry and its breathability, to 

more dangerous such as a consistent increment in the weight of the structure that can alter 

the building mass center and creates uneven distribution of loads, in case of seismic action. 

It is important to highlight that this latter can be avoided by performing interventions in a 

symmetrical manner. Another issue refers to the great increase in stiffness of the wall that 

thus reducing its capability to deform under lateral load. Furthermore, steel corrosion can be 
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developed in case the steel cover thickness is insufficient, leading to low durability of the 

intervention.  

As a safety rule, in case the intervention needs to be done on the intermediate floor, it is 

suggested to perform the intervention also at the levels below, down to the ground level. This 

suggestion aims to avoid any discontinuity or irregularity in terms of stiffness and/or strength 

on the overall behaviour of the building (Figure 4.12). 

From a technical point of view the reinforced plaster is applied as follows: 

1) the original plaster is removed and each hole or lesion in the naked masonry is 

filled with grout injection, in order to obtain a perfectly smooth surface (see Figure 

4.12a); 

2) the wall is drilled to create the holes necessary for the transversal connectors 

(see Figure 4.12b). These holes need to be uniformly distributed; 

3) standard deformed steel bars with a diameter of 4-8 mm are generally used as 

connectors. They are inserted into the holes and blocked in place by grout 

injections (see Figure 4.12c). It is recommended to use at least 4 bars per m2; 

4) the steel net is inserted on both sides of the wall and, with a distance of around 2 

cm from the wall, linked to the bars (see Figure 4.12d). The most common steel 

net used is the electro-welded mesh panel (with a diameter in the range of 4-8 

mm and mesh size of 10x10 cm or 15x15 cm);  

5) the concrete is sprayed directly on the wall in order to obtain a final wall thickness 

of 3-5 cm (see Figure 4.12e). 

 

Figure 4.12.   Practical procedure to apply the reinforced plaster: (a) remove the original plaster, (b) 

create the holes, (c) insert deformed steel bars in the holes, (d) apply the steel net on wall sides and 

(e) spray the concrete on the wall (Vinci, 2019). 
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Some typical failures (see Figure 4.13) can occur in case of wrong execution of this 

intervention, such as: the insufficient steel mesh overlapping; the insufficient transversal ties 

confining action (Modena and Bettio, 1994; Modena et al., 1997b); the lack of connection 

between the nets in orthogonal walls and in correspondence to the floors; the absence of 

steel transversal connectors; the use of too short connectors; the lack of uniformity of 

distribution of the repaired areas in the structure (can cause torsion stresses due to non-

uniform distribution of the stiffness). 

 

Figure 4.13.   Some possible failure due to: (a) insufficient steel mesh overlapping, (b) insufficient 

transversal ties confining action, (c) lack of connection between nets and (d) absence of connectors 

(adapted from Binda et al., 2003a). 

Grout injection 

This consolidation technique consists of injecting a grout material inside the void in the 

masonry that can be native (such as in the case of walls made by stones with a high ratio of 

voids) or due to lesions. Through this intervention, the mechanical parameters (strength and 

stiffness) of the masonry are increased. The grout may be of different composition, i.e. 

cement, resinous or chemical mixtures and the rationale is not only to fulfill the voids but also 

to tightly bound the different parts of the masonry.  

Strengthening by grout injections of masonry walls has been largely applied in Italy, after 

the past earthquakes, nevertheless, only few research focused and investigated the 

effectiveness of this technique (Tomaževič and Turnšek, 1982; Tomaževič, 1992; Binda et 

al., 1993a,b; Binda et al., 1994; Modena and Bettio, 1994; Bettio et al., 1996; Laefer et al., 

1996; Valluzzi et al., 2004). Past researches focused especially on the response to this 

strengthening intervention in terms of strength increase rather than on chemical, physical 

and mechanical compatibility with the original masonry (Modena et al., 1997a,b,c; Binda et 
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al., 1997). Due to the scarce knowledge about the effectiveness of this intervention, 

important attention has to be given to the masonry characteristics, since some types of walls 

could be not injectable and ineffectiveness of the consolidations can be observed. 

The grout can be injected into the wall in two different modalities: by gravity or by 

pressure. The grout injection with high pressure is by far the best way to execute this 

intervention because the grout can rapidly and efficiently seal the voids. It is important to 

highlight that applying high pressure to a strongly damaged wall, will further damage the wall 

itself.  

It is a low cost intervention that adds strength to the masonry without altering its 

tensional state and can remove effects due to diffuse lesions. The major advantage of this 

technique is that it does not alter the original external appearance of the structures, so it has 

been widely used to strengthen historically relevant buildings. On the other side, this 

intervention presents two major issues that need to be considered while choosing the best 

consolidation strategy: induces an increase in the structural stiffness and does not improve 

the connection between orthogonal walls.  

The major issues of the grout injections intervention are: (i) the lack of information on the 

real size distribution of the voids in the wall, (ii) the grout difficulty in filling thin cracks (2-3 

mm); (iii) segregation phenomena that can be induced by a high rate of absorption of the 

material inside the wall to be consolidated; (iv) the presence of silty or clayey materials that 

makes difficult an optimal grout penetration; (v) the need for sufficiently low injection 

pressure to avoid not only air trapping within the cracks but also fine voids or even wall 

disruption.  

From a technical point of view, the procedure requires trained workers since all the 

procedure is quite complex. Prior to the injection phase, there is a preparation procedure that 

is described as follows: 

1) At first the plaster is removed and the surface is well cleaned in such a way to 

highlight the presence of lesions; 

2) Then the lesions and the voids are sealed off, using the mortar most possible 

similar to the existing one (in terms of deformation characteristics, i.e. Elastic 

Modulus and Poisson’s Ratio); 

3) To select the density of the holes (i.e. the mean distance that the grout can travel 

inside the masonry), it is performed a first hole at the top of the wall and a series 
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of holes beneath it. The grout is pumped in the first hole and it is checked what is 

the last hole in which the grout arrives. Twice the distance between this hole and 

the initial one is taken as holes distance (2-3 injections point per m2 could be 

effective), see Figure 4.14; 

 

Figure 4.14.   Optimal selection of holes density (adapted from Vinci, 2019). 

4) The holes are realized on a triangular mesh according to the distance previously 

evaluated. Each hole reaches a depth that ranges from 2/3 to 4/5 of the wall 

thickness and is drilled not perfectly horizontal, but with a slight downslope in 

order to favor the grout intercalation; 

5) In these holes are inserted the pipes that will deliver the grout. The interface 

between the pipe and the holes is then sealed off with mortar in such a way to 

prevent grout leaking; 

6) Then through the pipes, the masonry is washed, in order to remove the drilling 

debris and to highlight the presence of un-noticed lesions; 

7) At this stage the wall is ready for the injections that, according to the masonry 

degradations state and to the type of selected grout, can be done in three 

different ways: by positive pressure, by negative pressure or by gravity. 

The injection by positive pressure (see Figure 4.15a) consists of injecting the grout 

mixture by means of a hydraulic pump. The choice of the correct pressure level has to be 

calibrated with respect to the degree of damage in the structure and it is reached by starting 

with 1 atm and growing further up to 4-5 atm. The injections are performed from bottom to 

top, and for each level are performed from the edges toward the center of the structure.  
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The injection by negative pressure (see Figure 4.15b) can be used only in presence of 

particularly liquid grout, such as the synthetic one. In this method, the intervention is made 

on two lines of pipes each time, from bottom to top. For each line, the bottom pipes are 

connected to the grout reservoir while at the upper pipes it is applied negative pressure. The 

intervention proceeds until the grout reaches the upper pipes and until the wall is fully 

injected.  

The injection by gravity (see Figure 4.15c) is the only choice in the case of heavily 

damaged masonry. It consists of inserting the grout in each pipe and let it flow inside the 

masonry under the action of gravity. This method is not capable of completely fill the voids in 

the structure but only covering the bigger ones.  

 

Figure 4.15.   Injection grout by: (a) positive pressure, (b) negative pressure and (c) gravity (adapted 

from Vinci, 2019). 

A practical example of the grout injection application is shown in Figure 4.16. 

 

Figure 4.16.   Injection grout procedure: (a) holes drilling, (b) plastic pipes sealing and (c) grout 

injection (adapted from NIKER 2012). 
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The material to be injected needs to comply with some requirements in terms of 

mechanical properties (strength and elastic modulus must be the most possible similar to the 

masonry ones), penetration capacity (homogeneous and composed of small grains), 

hardening time (not too short in order to avoid the hardening during the intervention), 

chemical characteristics (stable over time and tightly bonding with the masonry). The two 

more commonly used materials for the grout injection are: (i) cement-based (in case it is 

necessary to achieve a high compression strength) and (ii) mortar-based (its mechanical 

properties are very close to the masonry one even if does not allow to achieve a high 

increase in strength). 

Reinforced injection (or stitching) 

This technique is similar to the previous one (grout injections), but it consists of inserting 

a reinforced bar in the injections. The holes are drilled and filled with bars and mortar to 

guarantee a higher cohesion and mechanical properties of the strengthened structural 

element. It is able to increase also ductility and sometimes also to tie different parts together. 

The bars can be made of steel or FRP. The holes are then injected with fluid mortar or 

grout. It should be highlighted that epoxy resin can generate some severe compatibility 

problems. 

In Figure 4.17a a schematization of the intervention technique is shown. 

If it could represent a valid solution for strengthening structural elements, from 

experience it was observed that this technique is ineffective in stone masonry because the 

perfect anchoring of the metal tie inserted into the holes cannot be guaranteed (Figure 

4.17b). Due to the fact that the reinforced injections cannot be removed, it constitutes an 

invasive and irreversible technique. 

 

Figure 4.17.   Reinforced injection: (a), schematization of the intervention technique (adapted from 

Vinci, 2019) and (b) ineffective stitching (adapted from NIKER 2012). 
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Repointing and reinforced repointing 

This technique consists of the partial but deep removal of original deteriorate mortar in 

joints and subsequent substitution with new mortar. It is used when the masonry walls are 

visibly deteriorated at joints or mortar level. To observe an appreciable increase in structural 

behaviour, the new mortar needs to have better mechanical properties and durability. Due to 

the fact that the new mortar can be still removed, the technique is considered reversible. A 

practical example of the application is shown in Figure 4.18. 

 

Figure 4.18.   Structural repointing: (a) cleaning the joints, (b) first layer of repointing and (c) final result 

(adapted from Binda et al., 2005). 

If the joints are regularly horizontal, then reinforced repointing can be provided. It 

consists of combining the aforementioned repointing with the inclusion and the laying of 

reinforced bars (steel or FRP) in the mortar matrix. This technique increases the 

compressive and shear strength in small thickness masonry. Moreover, it is able to provide 

additional ductility and to improve the connection between different parts of the structure.  

In Figure 4.19 it is shown the procedure of this intervention technique.  

 

Figure 4.19.   Reinforced repointing: (a) make holes drilling, (b) positioning of the transversal steel tie, 

(c) detail of the transversal steel tie (d) finishing of the intervention (adapted from Valluzzi et al., 2004). 
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FRP 

This consolidation technique consists of the application of strips, sheets or plates of 

composite materials to vertical or horizontal structural elements. The FRP materials are 

constituted by fiber-reinforced polymeric matrix, hence they are inhomogeneous and 

anisotropic materials. The anisotropy of the FRP arises from the structure of the fibers 

themselves since they are parallel to one another thus creating a preferential direction in 

which there is an increase in the tensile strength (Figure 4.20). At the same time, the FRP 

does not alter the compression and flexural behavior of the structure, with the advantages of 

adding a really reduced mass, which is fundamental in presence of a mass issue.  

 

Figure 4.20.   Unidirectional FRP material (CNR-DT 200/2004). 

The typical behaviour of FRP materials is linear-elastic up to the failure. For this reason, 

these materials are considered brittle ones. The ultimate deformation (failure) of the material 

depends on the debonding of FRP, which can occur for: 

- tearing of the fiber to reach the ultimate strength; 

- laceration of the fibers due to cracking of the element material; 

- delamination at the interface between the FRP and the element.  

This intervention grants several advantages, such as the reduced weight, the great 

resistance capacities and the high resistance to the corrosion and to the fatigue. The FRP 

materials can be applied also in the historical relevance buildings since they do not alter the 

external appearance. Moreover, they can increase both the in-plane and the out-of-plane 

strength. Their flexibility and easy application allow a wide range of interventions for existing 

structures.  

Among the different shapes, the FRP sheets represent the most commonly adopted 

solution in the case of building reinforcement. The FRP is composed during the intervention, 

i.e. at first the adhesive matrix adheres to the element and then, during the gluing stage, the 

fibers are applied to the matrix. Generally speaking, the FRP materials are made of two 

different “phases” that are macroscopically distinguishable, such as fibers and the polymeric 
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matrix. These two different materials bring different mechanical characteristics to the 

structure: if the polymeric matrix binds the fibers to the structural elements on which they are 

applied, the fibers give higher strength and stiffness to the element. This fact grants an 

additional tuning factor to the intervention.  

Although the FRP materials for existing masonry buildings are taken into account in daily 

practice, at present, the local mechanisms involved in the failure of these structures 

strengthened by FRP laminates (such as delamination) still need to be experimentally and 

numerically deepened. On the contrary, the contribution of the FRP strengthening on the 

shear behaviour was investigated in Valluzzi et al. (2002), through an experimental campaign 

conducted on brick masonry panels, subjected to diagonal compression tests, considering 

different reinforcement configurations and different kinds of fibers (carbon, glass and 

polyvinyl alcohol), see Figure 4.21. The experimental campaign outlined that FRP 

reinforcement applied only at one side of the panels does not significantly modify the shear 

collapse mechanisms of URM. The double-side configurations, instead, can provide a more 

ductile failure and an increase of the ultimate capacity. Moreover, the diagonal configuration 

results more efficient in terms of shear capacity than the grid set up, although this latter 

offers a better stress redistribution that causes a crack spreading and a less brittle failure. 

Furthermore, less stiff FRP material appeared to be more effective both in terms of ultimate 

strength and stiffness increase of the panels. That was due to the particular design criterion 

used (weaker material has a larger adhesion area), and also to the fact that stiffer material is 

more prone to debonding, especially when the number of layers increases.  

 

Figure 4.21.   Some strengthening solutions: single and double-side strengthening patterns (adapted 

from Valluzzi et al., 2002). 

The execution of this strengthening intervention requires the following steps: 

1) remove the existing plaster; 

2) apply the primer resin, organic or polymeric; 

3) apply an epoxy (or other) mortar layer to smooth and regularize the surface; 
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4) apply the first layer of epoxy resin; 

5) apply the first layer of laminate, the second layer of epoxy resin, and the second 

laminate layer according to the selected layout; 

6) apply the eventual coating. 

Examples of FRP applications on existing buildings are shown in Figure 4.22. 

 

Figure 4.22.   FRP application examples: (a) grid pattern (Sika Limited, 2003) and (b) shear 

strengthening on one side (Motavalli, 2005). 

Discrete confinement 

This technique can be applied both to piers and to walls. Regarding the piers, the 

technique consists of the application of steel rings in critical sections, to give local 

confinement that increases compressive strength where it is needed. This kind of 

intervention can be adopted when the piers are subjected to an excessive compressive 

force, to avoid the crushing of masonry. In Figure 4.23a an example of an application is 

reported. 

 

Figure 4.23.   Discrete confinement of a: (a) pier and (b) multi-layer wall (adapted from EU-India cross 

program, 2006). 
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Regarding the walls, to guarantee adequate connections between different layers of 

multiple leaf masonry, transversal steel bars anchored to plates, or R.C. elements cast in 

transversal holes drilled through the whole thickness of the wall, can be used (Figure 4.23b). 

This intervention, in addition to avoiding the separation of layers, can lead to an increase in 

the mechanical properties of the wall. Nevertheless, it is considered rather invasive and to be 

effective requires the introduction of several different reinforcements. 

“Scuci-Cuci” (i.e. “Unstitch-Stitch”) 

This technique consists of local dismantling and rebuilding to regain the structural 

continuity along cracks and preserve the wall mechanical efficiency. The substitution material 

to be used has to be the most similar to the original one, not only for shape and dimensions 

but also for strength and stiffness, in order to avoid the expulsion of the intervention. Of 

course, the new material has to be adequately connected to the existing structure, to 

guarantee a monolithic behaviour. This technique can be adopted in the case of walls with 

severe but localized cracks or with highly deteriorated parts and particular attention should 

be given to the compatibility of the new portion with the remaining wall structure.  

Practically speaking, the existing masonry pattern is locally removed where major 

deterioration has occurred. By manually “pull” or by hydraulic jacks welded to steel sections 

(in case of high wall thickness), the scrapping of the joints can be done and the removal of 

the units does not have to cause percussion or vibration. Simultaneously the introduction of 

new materials, from the bottom up, is provided. At this step, no coaction states should be 

generated. In the end, the area between the new and old masonry is sealed, using supports 

in order to avoid possible issues related to the inevitable settling of the new masonry due to 

mortar shrinkage. To this aim, small thickness joints are suggested, to limit the reductions in 

the volume of the mortar itself and to gradually load the rebuilt portions of masonry. Figure 

4.24 shows the procedure. 

 

Figure 4.24.   “Scuci-Cuci” procedure: (a) damaged portion of masonry wall, (b) removal of damaged 

stones and (c) filling with new masonry (adapted from EU-India cross program, 2006). 
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Enlargement 

This strengthening technique consists in adding new material (i.e. an additional leaf of 

masonry) compatible with the original one (to respect the mechanical compatibility) to 

enlarge the structural element sections (Figure 4.25). For the effectiveness of the 

intervention, a correct and adequate connection has to be provided. The aims of this 

technique are: an increase of the strength of the element as well as of the overall shear 

capacity of the structure, an increase of the stability and, in the case of a too high stress field, 

a better distribution of load on a larger resisting section.  

 

Figure 4.25.   Schematization of the enlargement of a wall. 

Buttresses 

The introduction of massive concrete or masonry elements to prop a structure on a side 

can represent an effective technique to increase the capacity of the structure against lateral 

loads. Through its weight, a buttress can contrast the lateral deformation of a structure and 

avoid the related failure mechanisms. Originally the buttresses were built as part of the entire 

original construction, resulting in very efficient, thanks to the fact that are characterized by 

the same type of masonry, are part of the same foundation and are adequately connect to 

the rest of the structure. However, different is the usage of the buttresses as a later 

strengthening device. Due to the less interlocking with the structure, their efficiency has to be 

assumed reduced. This fact can be neglected by adopting plying arches in between the 

structure and the new buttresses. It represents a removable and non-invasive solution 

because it is constructed as an external solution.  

In Table 4.4 is provided a summary of the objectives that the techniques described 

above can reach and their range of application.  
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Table 4.4.   Strengthening intervention techniques and their effect, applicability, advantages and limits. 
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5. The SLaMA-URM method 

5.1 Introduction 

In this Chapter, the simplified analytical procedure, based on the EF discretization, is 

proposed for the seismic vulnerability assessment of existing URM buildings. This procedure 

follows an analogy with the SLaMA method reported in the New Zealand guidelines (NZSEE 

2017a), developed for Reinforced Concrete (RC) structures, that is an analytical (performed 

“by hand”) non-linear analysis technique that provides a first estimation of the global capacity 

of buildings, starting from the local behaviour of the structural components. 

Masonry buildings show a different response under seismic actions with respect to the 

RC ones. For these latter typologies, the In-Plane response of the walls parallel to seismic 

forces represents the global capacity of the structure, while URM buildings, according to their 

structural details, can show both In-Plane and Out-Of-Plane mechanisms, with respect to the 

direction of the forces and according to the structural details. Also for this reason, the 

adaptation of the SLaMA method to URM buildings was not that trivial.  

In this Chapter, at first, the main steps of the procedure for RC structures are shown 

(Section 5.2), and then the way to extend and apply it to the case of URM buildings is 

presented (Sections 5.3 and 5.4). The limitations and a summary of the role of the SLaMA-

URM are then discussed (Section 5.5). 

5.2 The SLaMA method for RC structures 

The SLaMA method originates from studies on the assessment of RC buildings, among 

which one of the more important is that proposed by Priestley and Calvi (1991). In this work a 

capacity design-based assessment procedure focused on the global behaviour of buildings 

was proposed. The effect of the detailing of single components was taken into account and 

the global response of the building was measured by the pseudo-spectral acceleration, 

corresponding to the structure natural period. Starting from this research, in Park (1995) a 
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focus was given on the individuation of the probable plastic mechanism of the frame from the 

characteristics of the single components. The flexural and shear behaviours of these 

components were defined and the global response resulted as a ratio between the base 

shear capacity and the demand. An improvement was given by Priestley (1997), that 

changed the general point of view. In order to define the performance of the structure and the 

expected damage level in terms of displacements (more appropriate, as suggested in 

Priestley et al., 2007), the author focused on a displacement-based assessment procedure. 

Consequently, the result was expressed in terms of displacement capacity-demand ratio, 

derived from calculations on an equivalent SDOF system.  

Both the procedures, the force-based proposed by Park (1995) and the displacement-

based proposed by Priestley (1997), were introduced in the New Zealand guidelines NZSEE 

(2006), and named Simple Lateral Mechanism Analysis (SLaMA), as an alternative to the 

non-linear analyses. This procedure was extensively applied to real and ideal cases study 

buildings in New Zealand and through these applications, it was possible to identify the 

procedure gaps and improve it.  

The SLaMA method is now prescribed in the new version of the seismic assessment 

guidelines of the New Zealand Society for Earthquake Engineering (NZSEE 2017a) for 

seismic assessment of existing buildings, and its use is suggested before the implementation 

of a more complex computational model. The SLaMA method is based on an analytical 

nonlinear approach to obtain the capacity curve of a given frame-like RC structure through 

simple “by hand” (i.e. implemented in an electronic spreadsheet) calculations: since 

simplified assumptions are made, no numerical computer model is needed.  

The global seismic behaviour of the building is estimated from the evaluation of the local 

capacity (i.e. of the components) by considering a chain of failure mechanisms among the 

structural subassemblies, and finally estimating the probable capacity curve of the structure 

(base shear vs horizontal displacement). More in detail, the methodology consists of some 

consequential steps (see Figure 5.1): 1) obtain the building data (geometry, material 

properties, and structural details) and the information on the seismic hazard; 2) evaluate the 

flexural and shear capacities at the component level; 3) define the hierarchy of strength 

among column, beam and joint at subassembly level; 4) evaluate the overturning moment 

capacity of the structure and the global force-displacement response (corresponding to 

different types of mechanisms as Beam Sidesway, Mixed Sidesway and Column Sidesway), 

from the equilibrium of the internal moment capacities at global structure level; 5) plot the 
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capacity curves in the “Acceleration-Displacement Response Spectra” (ADRS) domain to 

define the performance point and the %NBS (as suggested in NZSEE 2017a) or the ISV 

index (as suggested in Ministry Decree n.65 7/03/2017) of the building.  

 

Figure 5.1.   Flowchart of the SLaMA method for R.C. structures. 

The SLaMA method can be useful also to define the performance of retrofit alternatives 

in terms of %NBS of the retrofitted structures. 

The procedure has been extensively validated and improved for Reinforced Concrete 

(RC) structures in Gentile et al., 2019. 
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5.3 From SLaMA to SLaMA-URM method 

In this Thesis, the SLaMA method is extended, adapted and applied to the case of URM 

structures, relying on the hypothesis of regular and frame-like buildings. The proposed 

procedure is called the SLaMA-URM method. 

To apply SLaMA method to URM buildings, some specific considerations need to be 

taken into account. Post-earthquake damage observations have shown that the Out-Of-

Plane (OOP) mechanisms generally represent a greater risk than the In-Plane ones. Hence, 

since the SLaMA method considers only the global behaviour of the buildings, some 

additional precautions should be taken in such a way to integrate the analyses on the OOP 

response of the structure in the SLaMA-URM method. 

As stated in Section 3.1, the masonry walls are characterized by a hierarchy of collapse 

mechanisms. The first is the crumbling of the masonry that can occur when the quality of the 

material texture has poor characteristics. In this case, walls collapse before any mechanism 

with higher resistance occurs. This aspect should be considered at first in the analysis of an 

existing structure, hence, in case of probable masonry crumbling, the designer should 

intervene with appropriate techniques (see Section 4.5.2) to satisfy the required monolithic 

behaviour. On this basis, it is possible to approach the analysis of the subsequent possible 

collapse mechanisms. According to the hierarchy of the collapse mechanisms, the following 

possible modes to occur are the Out-Of-Plane ones (or the first mode mechanisms). These 

correspond to the Out-Of-Plane kinematics of single walls or portions of the structure. These 

are phenomena of overturning (rocking) that lead to the collapse of the structure due to loss 

of balance. OOP mechanisms occur in buildings when the absence (or poor effectiveness) of 

the walls-to-walls and/or the walls-to-diaphragms connections do not guarantee the 

establishment of global behaviour of the structure. It is evident that in such cases, the global 

verification of the structure (pushover or other) has no correspondence with its actual seismic 

behavior, if the necessary protections to prevent these mechanisms are not adopted in 

advance. 

Among the OOP mechanisms, the simple overturning of external walls under the action 

of an earthquake represents one of the most frequent and dangerous damage situations. It 

can be developed in various ways, on one or more floors of the building, depending on the 

actual walls to diaphragms connection at the various levels of the structure. In presence of 

ring beams or tie rods, this type of mechanism is unlikely to manifest, as these elements 
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prevent its activation. Another possible OOP mechanism is the vertical bending, which can 

occur when the wall is well connected at the ends, slightly connected at the sides and free in 

the central part. While, if there is a good wall-to-wall connection and the wall is free to rotate 

on the top, or in presence of a pushing roof, the expected mechanism is the horizontal 

bending.  

To obtain a global response that is defined by the In-Plane mechanisms, and hence 

characterized by higher strength and ductility, it is needed to intervene on the building 

structure impairing the OOP mechanisms. The probable In-Plane mechanisms of a masonry 

wall are the flexural and the shear failure crises, widely described in Chapter 3. 

The SLaMA-URM method herein proposed is a seismic assessment procedure of URM 

buildings, which considers both the Out-Of-Plane and the In-Plane behavior within the 

displacement-based approach. More in detail, with reference to Figure 5.2, the procedure 

consists of collecting the seismic hazard of the construction site and the building data and 

then making considerations on the response of the structure. At first, the masonry material 

quality is assessed: if it is poor, the masonry crumbling failure mode is expected to occur. In 

the case of good masonry quality, instead, it is carried out the evaluation of the connections 

between walls, in order to understand if the “box-behaviour” of the structure is guaranteed. If 

this is the case, the eventual OOP mechanisms are prevented and the only IP mechanisms 

of the walls (parallel to the seismic actions) are considered. In this case, the %NBS of the 

structure corresponds directly to the %NBS calculated for the IP mechanisms (Figure 5.3a). 

If the “box-behaviour” is not guaranteed, also the seismic performance of the probable OOP 

mechanisms of the walls orthogonal to the forces has to be calculated. Consequently, the 

%NBS of the structure corresponds to the minimum of the values calculated from the OOP 

and the IP mechanisms (Figure 5.3b). 

It is worth noting that the walls-to-diaphragms connections (poor or adequate), as well as 

the stiffness or flexibility of the existing diaphragms, can influence the OOP mechanisms. 

They lead to different failure modes than the simple overturning of external walls, such as 

vertical and horizontal bending, or can increase the possibility that they appear at earlier 

stages, strongly limiting the global ductility of the structure. In this Thesis, the applications of 

the SLaMA-URM method (see Chapter 7) refer to rigid diaphragms, for sake of simplicity. 

The strength related to the probable OOP mechanisms, with reference to the description 

in Section 3.2, is calculated based on the geometry of the wall and on the strength of the 
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materials. More in detail, due to the negligible tensile strength of the masonry and the 

slenderness of masonry walls they can lose static equilibrium for very low values of Peak 

Ground Acceleration (PGA). According to the displacement-based approach (DBA), the 

assessment of rocking masonry structures can be performed and the static multiplier that 

induces the onset of rocking is obtained by evaluating the work done by the equilibrated 

forces on a set of compatible generalized virtual displacements (through the Theorem of 

Virtual Works). DBA requires evaluating the seismic multiplier under an incremental 

kinematic analysis, i.e. increasing step-by-step the rotation of blocks till loss of static 

equilibrium is reached. The obtained curve (horizontal multiplier versus displacement of a 

control point) is a sort of pushover curve, which can be transformed into a capacity curve 

(spectral acceleration versus displacement) of the substitute structure (nonlinear equivalent 

Single Degree of Freedom System, SDOF). The %NBS can be calculated as the ratio 

between the displacement capacity and demand. Due to the fact that the calculations of the 

OOP performance do not represent the innovation of this Thesis, for more details on it refer 

to Section 3.2, where some literature is reported, or to Section 7, where they are considered 

in the analysed cases study structures. 

On the contrary, due to the fact that the In-Plane seismic performance represents the 

main proposal of this Thesis, a comprehensive view is reported in the following Sections. 

Due to the fact that the SLaMA-URM method can be easily applied to frame-like buildings, it 

is clear that the discretization into an Equivalent Frame idealization (i.e. deformable piers and 

spandrels connected by rigid nodes) of the In-Plane walls is a suitable choice.  



C. Sansoni. Seismic Vulnerability Assessment of Existing URM Structures through a Simplified Analytical Method     

 

122 

 

 

Figure 5.2.   Flowchart of the SLaMA-URM method. 

 

Figure 5.3.   Seismic performance level of: (a) “box-like” structure and (b) structure with probable OOP 

and IP mechanisms. 
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5.4 In-Plane mechanisms performance level 

The key steps to define the In-Plane seismic performance of a wall, according to SLaMA-

URM method, are briefly listed below, summarized in Figure 5.4 and extensively discussed in 

the next subsections: 

• Collection of the building data and identification of the site seismic hazard (see 

Section 5.4.1); 

• Analysis at component level: the strength and deformation of each structural 

component are calculated. The In-Plane flexural and shear capacities are 

defined according to the rules given in literature and/or code provisions and the 

possibility that the shear failure anticipates the flexural failure is investigated. As 

a result, moment-rotation curves and moment-axial load (M-N) interaction 

domains for piers and spandrels are defined. Different considerations can be 

made for pier-spandrel joints, as outlined in Section 5.4.2; 

• Analysis at subassembly level: the interaction and comparison between 

components capacity are assessed in each subassembly, to identify the 

sequence of the failure mechanisms and hence the hierarchy of strength. This 

comparison is expressed in terms of a common parameter, i.e. the Equivalent 

Pier Moment, in the Moment-Axial load (M-N) performance domain. The 

probable inelastic mechanism of the frame-like building is assessed. More details 

are given in Section 5.4.3; 

• Analysis at global structure level: according to the assumptions of deformed 

shape profiles and imposing global equilibrium conditions, a bi-linear global 

capacity curve is calculated. Each lateral resisting system is referred to an 

equivalent SDOF system and, in each principal direction of the building, the 

capacity curves of the parallel systems are summed up and the seismic 

performance of the building is assessed in the Acceleration Displacement 

Response Spectrum (ADRS). For more details refer to Section 5.4.4; 

• Identification of the In-Plane Performance level of the structure through the 

comparison between the capacity and the ADRS curve (Section 5.4.5). 
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Figure 5.4.   Flowchart to define the In-Plane performance level of a wall according to the SLaMA-

URM method. 

5.4.1 Building data and seismic hazard 

The seismic hazard and the collection of the building data are the two fundamental input 

data for the SLaMA-URM method. 

The collection of the building data consists of defining geometry, material properties and 

structural details of the building under examination. They can be found from construction 

drawings and documents, on-site investigation, in situ or laboratory tests, in codes and 

standards.  
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The seismic hazard represents the severity of the earthquakes expected in a specific site 

and following Cornell’s Method (1968) it is possible to construct the hazard curve for a fixed 

period or peak acceleration, correlating the spectral ordinate with an exceeding probability in 

a period of 50 years. From this, the acceleration and displacement spectra, representing the 

demand in the ADRS, has to be compared with the capacity curve of the structure. 

5.4.2 Analysis at component level 

The first analysis of the SLaMA-URM method is at the component level. In this Section, 

the procedure to define the probable strength and deformation capacity of the pier, spandrels 

and (if considered) pier-spandrel joint is described. 

To determine the capacity models for structural components, such as flexural and shear 

strength for piers and spandrels, each seismic code or guideline provides different 

formulations, derived from literature (see Section 3.3).  

In the SLaMA-URM method, although the aforementioned formulations are widely 

recognised and commonly adopted in the professional practice (see Section 3.3.2.1), to 

define the flexural capacity of the URM components a peculiar sectional analysis, named 

Monolithic Beam Analogy (MBA), is adopted (Section 5.4.2.1). It consists of estimating “by 

hand” the moment capacity of piers and spandrels to define the moment-rotation curves and 

the moment-axial load (M-N) domains, adopting simple and more complex stress-strain 

relationships.  

For the shear strength of piers and spandrels the SLaMA-URM method lends itself to 

adopt the main formulations existing in literature, reported in Sections 3.3.2.2 and 3.3.3.2, 

respectively.  

The pier-spandrel joints are assumed as rigid elements, thus neglecting their capacity 

contribution. Nevertheless, in Section 5.4.2.4 a preliminary analytical approach to derive their 

strength capacity is considered, with the aim to assess their effect on the hierarchy of 

strength at the subassembly level.  

In the next Sections the tools to perform analysis at the component level are discussed, 

with regard to the formulations adopted in the SLaMA-URM applications, presented in 

Chapter 6.  
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5.4.2.1 Monolithic Beam Analogy (MBA) 

In order to define the moment capacity of the URM structural components, a peculiar 

sectional analysis, named Monolithic Beam Analogy (MBA) is proposed in this Thesis.  

The MBA approach, introduced in Pampanin et al. (2001) for controlled rocking systems, 

is based on the concept of ductile jointed connections, where the inelastic demand is 

concentrated at the critical section through opening and closing of an existing gap at the 

interface (rocking motion of the beam or wall panel) (Pampanin, 2003). Due to the gap-

opening/closing, the strain compatibility of the section is violated, and the traditional section 

analysis cannot be adopted. The MBA was founded on an alternative compatibility condition 

at the global level to overcome this issue, for the partially unbonded or debonded 

reinforcement connections. The member compatibility condition is provided by imposing 

equal global (member) displacement between a system with ductile connections and an 

equivalent reinforced concrete (or monolithic) system (Figure 5.5).  

 

Figure 5.5.   Monolithic Beam Analogy (MBA) concept (Pampanin et al., 2001). 

In a monolithic cantilever, the total displacement is given by the sum of the elastic and 

plastic (at the plastic hinges region) contributions. For a precast concrete cantilever, the total 

displacement is given, basically, by the sum of the elastic and the opening gap (at the beam-

column interface) contributions. Assuming that both the systems in Figure 5.5 have the same 
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displacement, Equations 5.1 - 5.3 lead to Equation 5.4, where the plastic displacement 𝛥𝑝 is 

expressed in terms of the imposed gap opening θimp and the cantilever length Lcant (or 

distance to the contra flexure point). 

𝛥𝑡𝑜𝑡(𝑝𝑟𝑒𝑐𝑎𝑠𝑡)=𝛥𝑡𝑜𝑡(𝑚𝑜𝑛𝑜𝑙𝑖𝑡ℎ𝑖𝑐) (5.1) 

𝛥𝑖𝑚𝑝+𝛥𝑒𝑙=𝛥𝑝+𝛥𝑒𝑙 (5.2) 

𝛥𝑖𝑚𝑝=𝛥𝑝 (5.3) 

θimpLcant=𝛥𝑝 (5.4) 

The MBA is an iterative approach defined by some important steps: 1) fix the rotation 

θimp, 2) guess the neutral axis depth 𝑐; 3) evaluate the deformation in the post-tension 

tendons; 4) calculate the mild steel reinforcement and the concrete strains. Regarding the 

concrete, to overcome the difficulty to identify its strain, the member compatibility between 

the precast and the equivalent monolithic connection is introduced.  

In the monolithic case, using the yielding 𝜙𝑦 and the ultimate 𝜙𝑢 curvatures concepts, 

introduced in Paulay and Priestley (1992), the concrete strain can be obtained by Equations 

5.5 - 5.9. 

𝛥𝑝=𝜃𝑝 (Lcant −
Lp

2
) = (𝜙𝑢 − 𝜙𝑦)Lp  (Lcant −

Lp

2
) (5.5) 

θimpLcant=(𝜙𝑢 − 𝜙𝑦)Lp  (Lcant −
Lp

2
) (5.6) 

(𝜙𝑢 − 𝜙𝑦)=
θimpLcant

Lp  (Lcant −
Lp

2 )

(5.7)
 

𝜙𝑢=
𝜀𝑐

𝑐
=

θimpLcant

𝐿𝑝  (Lcant −
Lp

2 )

+ 𝜙𝑦 (5.8)
 

𝜀𝑐=[
θimpLcant

(Lcant −
Lp

2 ) Lp

+ 𝜙𝑦] 𝑐 (5.9) 
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where Lp is the plastic hinge length, defined as 𝐿𝑝 = 0.08𝐿𝑐𝑎𝑛𝑡 + 𝑙𝑠𝑝, where 𝑙𝑠𝑝 is the strain 

penetration length. 

At this step, an expression of the concrete strain in terms of neutral axis depth, as      

𝜀𝑐 = 𝑓(𝑐), is obtained: each obtained 𝜀𝑐 satisfies the section equilibrium. For each position of 

neutral axis 𝑐, Equation 5.9 provides a compatible concrete strain. 

Once the section equilibrium is satisfied, it is possible to calculate the moment capacity. 

The whole MBA procedure is summarized in Figure 5.6. 

 

Figure 5.6.   Flowchart of the Monolithic Beam Analogy (MBA) approach (Pampanin et al., 2001). 

Since masonry walls subjected to horizontal loads are characterized by a typical rocking 

behaviour, the MBA approach is herein applied to them. More in detail, as a system defined 

by ductile jointed connections, the inelastic deformations demand is assumed to be 

concentrated at the critical sections (at the ends of piers and spandrels) where the opening 
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of a gap is expected to occur, and the components are assumed as rigid elements. 

According to the MBA approach, to define the moment capacity of URM components (piers 

and spandrels) a moment-rotation relationship is adopted instead of a traditional moment-

curvature relationship when defining the section behaviour.  

Equation 5.10 can be derived, as shown previously, from an analogy in terms of 

displacement between the URM cantilever element and an equivalent monolithic RC 

element:  

𝜀𝑐,𝑖=[
θiLcant

(Lcant −
Lp

2
) Lp

+ 𝜙𝑦] 𝑐𝑖 (5.10) 

where 𝜀𝑐,𝑖 is the strain value at the corresponding neutral axis depth 𝑐𝑖; 𝜙𝑦 is the elastic 

curvature, assumed as 𝜙𝑦 = 2𝜀𝑦𝑐 𝐵⁄ , where 𝜀𝑦𝑐 is the elastic compressive strain, 𝐵 is taken 

as the length 𝐵𝑝 for the piers and the height ℎ𝑠𝑝 for the spandrels; Lcant is the distance from 

the element-end and the point of contra flexure and Lp is the assumed depth of the cracking 

(theoretical equivalent plastic hinge length) at the element-end, which is taken approximately 

as 0.1Lcant. The cantilever length Lcant, in case of fixed-fixed boundary conditions, is assumed 

as half of the effective height hp,eff/2 for piers and as half of the clear span Lsp/2 for the 

spandrels; in case of cantilevered boundary condition, it is equal to the effective height hp,eff 

for piers and the clear span Lsp for the spandrels. In Figure 5.7 are shown the geometric 

parameters adopted for piers and spandrels to define the strain value, at a defined rotation, 

according to the MBA approach.  

 

Figure 5.7.   Geometric parameters of piers and spandrel used in the MBA formulation. 
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In Figure 5.8 the steps to define the moment capacity of the piers through the MBA 

approach are shown. 

 

Figure 5.8.   Flowchart to calculate the moment capacity of URM components through the MBA 

approach. 

The adoption of the MBA approach for masonry walls lets to assume more reliable 

stress-strain constitutive laws for masonry with respect to those proposed by codes (i.e. by 

NTC 2018 or NZSEE 2017). Moreover, it calculates the rotation capacity of components, 

which hence is not assumed a priori (as in NTC 2018 and in other codes). 

5.4.2.2 Pier 

The moment capacity of URM piers can be obtained by hand calculations through the 

sectional analysis by MBA approach (see Section 5.4.2.1). The flexural response is taken 

into account when the moment-rotation analysis (considering the gravity axial load) is 

performed. The corresponding moment-rotation curve can be simplified in a tri-linear curve, 

defined by the elastic (𝜃𝑦, 𝑀𝑦), the peak (𝜃𝑝, 𝑀𝑝) and the ultimate (𝜃𝑢, 𝑀𝑢) points. In addition, 

the moment-axial load (M-N) interaction domain is calculated. 

Different stress-strain relationships can be adopted for masonry material to represent its 

compression behaviour. Italian code (NTC 2018) and New Zealand guidelines (NZSEE 

2017b) suggest to assume an equivalent rectangular compressive stress-block to define the 

flexural capacity related to the rocking mechanism, according to the closed-form in Equation 

5.11: 

𝑀𝑢 = (𝑙2𝑡
𝜎0

2
)(1 −

𝜎0

0.85𝑓𝑚
) (5.11) 

To go beyond the simplification related to the stress-block assumption, more reliable 

constitutive laws for masonry material can be adopted, from simple to more accurate. The 
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MBA approach lends itself to this aim. From literature, it is known that the masonry material 

can be assumed as homogeneous material with no-tensile resistant (NTR) capacity, and 

different stress-strain relationship can be assumed: from the elastic-perfectly plastic EPP 

model (Augenti and Parisi, 2010; Brencich and De Francesco, 2004; Cattari, 2007) to the 

strain-softening models in the post-peak range (Cavaleri et al., 2005; Brencich and de Felice, 

2009). An EPP relationship can be used to capture the elastic trend and the subsequent 

plastic plateau. It represents a crude simplification of the URM behaviour, but it is widely 

used in the professional practice and research studies when the stress-block simplification is 

considered too approximated. As an alternative, a parabola-rectangle (PR) diagram (as 

suggested by EN 1996 - 2006) can be assumed. This relationship allows to capture the non-

linear initial trend of the masonry in compression and the plastic plateau after the peak 

stress. To catch the strain softening behaviour after the peak, a more reliable stress-strain 

relationship can be adopted. Among these, the Kaushik et al. (2007) model can be 

considered. It is derived from the Kent and Park (1971) model, proposed for reinforced 

concrete material, and then adapted to masonry material. It is characterized by an initial 

parabolic variation, followed by post-peak softening and a linear decreasing variation, until a 

constant stress. The ultimate strain is defined based on the ductility of the mortar. From 

some adjustments to the Kaushik et al. (2007) model, Lumantarna (2012) derived a stress-

strain relationship for New Zealand URM. These refinements, taken into account from 

extensive experimental tests made on the URM material after the February 2011 

Christchurch earthquake, concern the expression of the effective yield strain. 

For EPP-NTR and PR-NTR models, the compressive “yield” (or elastic limit) (𝜀𝑦𝑐) and 

ultimate (𝜀𝑢𝑐) strains can be assumed a priori (i.e. they can be assumed as for the concrete 

material, equal to 0.02 and 0.0035, respectively). For Lumantarna and Kaushik stress-strain 

relationships, the yield strain depends on the material properties of masonry, and the 

ultimate strain is based on the mortar ductility. 

In Figures 5.9 - 5.11 are shown the aforementioned analytical stress-strain relationships 

(EPP, PR, Kaushik and Lumantarna’s models) that can be assumed for the URM piers in 

compression. 
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Figure 5.9.   Elastic-perfectly plastic (EPP) stress-strain model. 

 

Figure 5.10.   Parable-rectangle (PR) stress-strain model. 

 

Figure 5.11.   Analytical stress-strain model proposed by Kaushik et al. (2007) and adapted by 

Lumantarna (2012). 

In Appendix A.1 are reported the formulations to define the moment capacity by the 

traditional sectional analysis, for the EPP and the Lumantarna models, developed, i.e. by 

Cattari (2007) and Knox (2012), in function of the compression ductility. For more details 

about the comparisons of the results obtained adopting both the approaches (i.e. the 
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traditional sectional analysis and the MBA approach) refer to Section 6.2.3.1, 6.2.3.2, 6.3.3.1, 

6.3.3.2. 

It should be noted that piers capacity and resulting failure mechanisms are dependent on 

the acting axial load, given by the gravity load 𝑁 and the effect of the axial load variation 

±𝛥𝑁, due to the coupling effect of the spandrel during the lateral sway (Figure 5.12). The 

variation of the axial load 𝛥𝑁 can be obtained from the spandrel shear resistance 𝑉𝑠𝑝 (see 

Section 5.4.2.3), given by the minimum of the spandrel flexural and shear strength capacity.  

 

Figure 5.12.   Frame subjected to horizontal load and gravity load with axial load variation. 

The sectional analysis developed by the MBA approach identifies the moment-rotation 

behaviour of the section of the piers. To obtain the total rotation of the masonry element, its 

elastic contribution has to be added. To this aim, the initial stiffness Kel can be calculated 

according to the ASCE (2007), following Equation 5.12, and then the elastic contribution in 

terms of rotation can be defined by calculating the elastic shear from the elastic moment, 

through the pier cantilever length.  

Kel=(
ℎ𝑒𝑓𝑓

3

𝑛𝐸𝑚𝐼
+ 1.2

ℎ𝑒𝑓𝑓

𝐵𝑝𝑡𝑝𝐺𝑚
)

−1

(5.12) 

where ℎ𝑒𝑓𝑓 corresponds to the effective height ℎ𝑝,𝑒𝑓𝑓, that can be derived i.e. by the Dolce’s 

rule (Dolce, 1991); 𝐵𝑝 and 𝑡𝑝 are the length and the thickness of the pier, respectively; 𝐸𝑚 
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and 𝐺𝑚 are the Young’s and shear modulus, respectively; 𝐼 is the moment of inertia; 𝑛 is a 

coefficient that takes into account the boundary conditions of the elements, that is equal to 

12 in the case of the fixed-fixed condition and equal to 3 in the case of the cantilevered 

condition.  

In accordance with the fixed-fixed condition, the pier contra-flexure point is assumed as 

located at mid-effective height (ℎ𝑝,𝑒𝑓𝑓/2, considering the bending moment distribution), 

contrarily, the cantilever length can be assumed equal to pier effective height (ℎ𝑝,𝑒𝑓𝑓). The 

limit elastic shear, displacement and rotation are calculated as follows: 𝑉𝑦 = 𝑀𝑦/𝐿𝑐𝑎𝑛𝑡, 𝛥𝑦 =

𝑉𝑦/𝐾𝑒𝑙, 𝜃𝑦 = 𝛥𝑦/𝐿𝑐𝑎𝑛𝑡.  

In Figure 5.13 it is shown an example of moment-rotation curves obtained with the MBA 

approach by the NTR model.  

 

Figure 5.13.   (a) Example of pier moment-rotation curve with NTR model, according to the MBA 

approach and (b) the resultant curve adding the component elastic rotation contribution. 

To catch the expected failure of URM piers, the shear capacity has to be investigated 

and compared with the flexural one. Several formulations exist to consider the different 

mechanisms of diagonal cracking and bed-joint sliding, as reported in Section 3.3.2.2. For 

the diagonal cracking, in codes two are the most common approaches: i) the Turnšek and 

Cačovic criterion (Turnšek and Cačovic, 1971), in which the strength 𝑉𝑠,𝑑𝑐 is defined based 

on the masonry tensile strength (see Equation 5.13) and ii) the Mann and Müller model 

(Mann and Müller, 1982), that assumes the shear strength 𝑉𝑠,𝑏𝑑𝑗 based on the cohesion and 

the friction coefficient (Equation 5.14).  
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𝑉𝑠,𝑑𝑐=
𝐵𝑝𝑡𝑝𝑓𝑡

𝑏
√1 +

𝜎

𝑓𝑡
(5.13) 

𝑉𝑠,𝑏𝑑𝑗 = 𝑙′𝑡𝑝(𝑓𝑣0 + 𝜇𝜎) (5.14) 

where 𝐵𝑝 and 𝑡𝑝 are the length and the thickness of the pier, respectively; 𝑏 = ℎ𝑝,𝑒𝑓𝑓 𝐵𝑝⁄  is 

the pier aspect ratio that varies in the range [1-1.5]; 𝑓𝑡 is the tensile strength of the masonry; 

𝜎 is the mean compressive stress (induced by the axial load 𝑁 on the pier, with 𝐵𝑝 and 𝑡𝑝 

dimensions of the pier cross-section); 𝑙′ is the compressive length; 𝑓𝑣0 is the initial shear 

strength at zero compressive stress, estimated as 𝑓𝑡/1.5 (NTC 2018); 𝜇 is the friction 

coefficient of the masonry.  

The piers strength thresholds are expressed in terms of moment capacity calculated from 

the pier shear strength (𝑉𝑠,𝑑𝑐 and 𝑉𝑠,𝑏𝑑𝑗) and the pier cantilever length 𝐿𝑐𝑎𝑛𝑡 as                   

𝑀 = 𝑉𝑠,𝑑𝑐(𝑜𝑟 𝑉𝑠,𝑏𝑑𝑗)𝐿𝑐𝑎𝑛𝑡. Since this parameter is considered not affected by the pier rotation, 

it is represented by a horizontal line in the moment-rotation curve. 

Once both the flexural and the shear mechanisms are defined in a moment-rotation 

domain, a comparison between the corresponding curves identifies the expected failure 

mechanism of the URM pier (see Figure 5.14): if there is an intersection between the two 

curves then it is expected to occur the shear failure mechanism; on the contrary, a flexural 

failure mechanism defines the response of the URM pier.  

 

Figure 5.14.   Pier moment-rotation curve: (a) expected flexural failure and (b) expected shear failure. 
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At the component level, in addition to the moment-rotation domain, the moment-axial 

load (M-N) pier interaction domain is defined. To this aim, the MBA approach can be adopted 

and the stress-strain relationships previously mentioned can be used. According to this 

approach, it is possible to describe the moment capacity in function of the compressive strain 

ductility 𝜇𝜀𝑐 and understand the over- or under- estimation in the definition of the M-N 

domains made by Italian code (NTC 2018) and New Zealand guidelines (NZSEE 2017b), 

which assumed the closed-form, reported in Equation 5.11. An example of a pier M-N 

domain is shown in Figure 5.15.  

For more details refer to Sections 6.2.3.2, 6.3.3.2 and 6.4.4.2. It is evident that the 

adoption of different stress-strain models leads to different M-N limit domains, and these 

differences depend especially on the own characteristics of the adopted model.  

 

Figure 5.15.   Example of pier M-N limit domains adopting different values of 𝜇𝜀𝑐 and the Italian Code 

(NTC 2018) closed-formulation with the EPP-NTR model. 

5.4.2.3 Spandrel 

The capacity of the URM spandrels, in accordance with literature and code formulations  

(see Section 3.3.2.2), depends on the possible coupling with tensile resistant elements, as 

effective lintel or tie rods. If the URM spandrels are coupled or if they are uncoupled but the 

horizontal axial load is known, they are considered as piers rotated by 90 degrees (NTC 

2018; EN 1998 2005). This assumption means that for spandrels the same formulations used 

for the piers to define the flexural capacity can be adopted, with the addition of the 

component tensile contribution. More in detail, the moment-capacity is defined through the 
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MBA approach, considering the compression capacity given by the masonry material and the 

tension capacity given by the resistant elements (if present). In absence of any resistant 

element coupled to the spandrel, the bricks interlocking effect at the end-sections with the 

contiguous masonry can be taken into account (FEMA 306, 1998; Cattari and Lagomarsino, 

2008) to avoid an excessive underestimation of the flexural capacity. In this case, an 

equivalent tensile strength is considered in the MBA approach to define the moment 

capacity.  

The assessment of the flexural capacity of URM spandrels consists of the calculation of 

the moment-rotation and the moment-axial load diagrams through the MBA approach (see 

Section 5.4.2.1).  

The stress-strain relationships that can be adopted for masonry material, in compression 

and tension (if bricks interlocking effect is considered), are several. In compression, it is 

possible to refer to the stress-strain relationships assumed for the URM piers (see Section 

5.4.2.2). 

Regarding the analysis of the URM spandrels, characterized by a compression stress-

strain relationship and a resistant in tension (TR) model the moment-capacity curves can be 

defined in two different ways, characterized by: 1) limited ductility in tension (𝜇𝜀𝑡 = 𝜀𝑢𝑡/𝜀𝑦𝑡), 

i.e. tension governed failure (TR-TF), and 2) limited ductility in compression (𝜇𝜀𝑐 = 𝜀𝑢𝑐/𝜀𝑦𝑐) 

and unlimited ductility in tension, i.e. compression governed failure (TR-CF). In the latter, the 

moment capacity is reached when the extreme compression fibre reaches the ultimate 

compression strain 𝜀𝑢𝑐, while in the former the moment capacity is reached when the 

extreme tension fibre reaches the ultimate tension strain 𝜀𝑢𝑡.  

In Appendix A.1 are reported the formulations to define the moment capacity by the 

traditional sectional analysis, for the EPP-TR and the Lumantarna-TR models, following the 

formulations developed i.e. by Cattari (2007) and Knox (2012).  

In Figures 5.16 - 5.18 are reported some stress-strain relationships in compression 

(EPP, PR, Kaushik’s and Lumantarna’s models) and in tension (EPP model) that can be 

assumed for the URM spandrels.  
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Figure 5.16.   Elastic-perfectly plastic (EPP) stress-strain model in compression and tension. 

 

 

Figure 5.17.   Parable-rectangle (PR) stress-strain model in compression and elastic-perfectly plastic 

(EPP) model in tension. 
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Figure 5.18.   Analytical stress-strain model proposed by Kaushik et al. (2007), and adapted by 

Lumantarna (2012), in compression and elastic-perfectly plastic (EPP) model in tension. 

As for the piers, once the moment-rotation curve of the spandrel section is identified 

through the MBA approach, the elastic contribution of the element can be added. In the same 

way, the initial stiffness Kel can be calculated according to Equation 5.15, (directly derived by 

Equation 5.12):  

Kel=(
ℎ𝑒𝑓𝑓

3

𝑛𝐸𝑚𝐼
+ 1.2

ℎ𝑒𝑓𝑓

ℎ𝑠𝑝𝑡𝑝𝐺𝑚
)

−1

(5.15) 

where ℎ𝑒𝑓𝑓 corresponds to the spandrel clear span 𝐿𝑠𝑝; ℎ𝑠𝑝 and 𝑡𝑝 are the height and the 

thickness, respectively; 𝐸𝑚 and 𝐺𝑚 are the Young’s and shear modulus, respectively; 𝐼 is the 

moment of inertia; 𝑛 is a coefficient that takes into account the boundary conditions of the 

elements, that is equal to 12 in the case of the fixed-fixed condition and equal to 3 in the 

case of the cantilevered condition.  

The elastic shear, displacement and rotation can be calculated as: 𝑉𝑒𝑙 = 𝑀𝑒𝑙/𝐿𝑐𝑎𝑛𝑡;  

𝛥𝑒𝑙 = 𝑉𝑒𝑙/𝐾𝑒𝑙; 𝜃𝑒𝑙 = 𝛥𝑒𝑙/𝐿𝑐𝑎𝑛𝑡, respectively, where 𝐿𝑐𝑎𝑛𝑡 is the spandrel cantilever length, 
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assumed as mid-span (𝐿𝑠𝑝𝑎𝑛/2) if the fixed-fixed condition is assumed and equal to the 

length of the spandrel (𝐿𝑠𝑝𝑎𝑛)  in the case of the cantilevered condition.  

In Figure 5.19 an example of spandrel moment-rotation curves obtained with MBA 

approach for the TR-TF and TR-CF models is shown.  

 

Figure 5.19.   Example of spandrel moment-rotation curve according to the MBA approach (without 

and with elastic stiffness contribution): (a) TR-TF governed model and (b) TR-CF governed model. 

Once the flexural capacity is defined in terms of the moment-rotation curve, the 

possibility of occurrence of the shear failure has to be checked. To this purpose, the shear 

strength can be calculated, considering if the horizontal axial load is known or unknown. In 

the first case, the piers shear strength formulations can be adopted. More in detail, Equations 

5.13 and 5.14 are used to define the diagonal cracking and sliding shear strength, 

respectively. Instead, in the case of unknown spandrel axial load, the shear strength 𝑉𝑠,𝑑𝑐 can 

be calculated (as suggested in NTC 2018), following Equation 5.16: 

𝑉𝑠,𝑑𝑐 = ℎ𝑠𝑝𝑡𝑝𝑓𝑣0 (5.16) 

where ℎ𝑠𝑝 and 𝑡𝑝 are the height and the thickness of the spandrel, respectively and 𝑓𝑣0 is the 

initial shear strength at zero compressive stress, estimated as 𝑓𝑡/1.5 (NTC  2018). 

In the case in which the URM spandrel is coupled with any tensile resistant element, the 

shear strength can be defined from the transverse steel reinforcement contribution (if 

present). 
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The moment capacity is calculated from the spandrel shear resistance 𝑉𝑠,𝑑𝑐 and the 

spandrel cantilever length (𝐿𝑐𝑎𝑛𝑡) as 𝑀 = 𝑉𝑠,𝑑𝑐𝐿𝑐𝑎𝑛𝑡. Since this parameter is considered not 

affected by the spandrel rotation, it is represented by a horizontal line in the moment-rotation 

curve. 

An intersection of the shear strength curve with the flexural moment-rotation curve of the 

spandrel indicates a shear failure and the corresponding rotation can be assumed as the 

ultimate rotation of the spandrel. An example is reported in Figure 5.20. 

 

Figure 5.20.   Spandrel moment-rotation curve: (a) expected flexural failure and (b) expected shear 

failure. 

Also the moment-axial load (M-N) spandrel interaction domains can be defined through 

the MBA approach, adopting the aforementioned stress-strain relationships. Different 

moment capacity domains can be obtained varying the compressive 𝜇𝜀𝑐 and tensile 𝜇𝜀𝑡 strain 

ductility and considering their effect on the flexural response of the URM spandrels.  

In Figure 5.21a are shown examples of M-N limit domains of a spandrel with rectangular 

cross-section, obtained with the EPP stress-strain relationship, for the case of no-tensile-

resistance (NTR) and tensile-resistance (TR). This comparison highlights that the 

contribution of the equivalent tensile strength makes a marked difference in the moment 

capacity in the low axial load region (typical condition of the URM spandrels). 

Examples of spandrel M-N limit domains considering the cases of compression (CF), 

tension (TF) governed failure and different compressive and tensile strain ductility, are shown 

in Figure 5.21b. For the EPP-TR-CF model, compressive strain ductility values of 𝜇𝜀𝑐 = 1.2 

and 𝜇𝜀𝑐 = 3.5, are adopted. For the EPP-TR-TF model, a tension strain ductility of 𝜇𝜀𝑡 = 50 is 
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considered. As it is observed, the M-N domains expand for an increase of 𝜇𝜀𝑐. Moreover, 

both the EPP-TR-CF model, with 𝜇𝜀𝑐 = 3.5, and the EPP-TR-TF model give the same M-N 

limit domains. For more detail refer to Section 6.3.3.2. 

 

Figure 5.21.   Spandrel M-N limit domains: (a) adopting EPP-NTR and EPP-TR models and (b) 

adopting EPP-TR model with different values of 𝜇𝜀𝑐 (CF model) and 𝜇𝜀𝑡 (TF model). 

5.4.2.4 Pier-spandrel joint 

The evidence of no (or limited) damage to pier-spandrel joints in URM walls during 

earthquakes has led to assume them as rigid joints in the EF modelling approach. Moreover, 

different studies have been developed to estimate the effective deformable height and length 

of piers and spandrels, respectively (e.g. Dolce, 1991; FEMA 306, 1998).  

In this Thesis, the influence of the URM pier-spandrel joints on the global capacity of the 

structure is mostly neglected since these components are assumed as rigid, according to the 

conventional approach. In this Section, a preliminary analytical approach to derive the 

strength capacity of pier-spandrel joints is considered aiming to assess their effect on the 

pier M-N performance domain. Four potential failure mechanisms of URM pier-spandrel 

joints are addressed: diagonal compression, toe crushing, sliding shear, and diagonal shear 

(tension). An equivalent diagonal strut mechanism within the pier-spandrel joint is assumed, 

following the analogy of a RC frame-infill wall combined behaviour (Bertoldi et al., 1993). 

According to this hypothesis, the expected failure mechanism of the pier-spandrel joint is 

defined by the minimum strength, i.e. first strength limit to be reached amongst different 
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failure mechanisms, and so the corresponding lateral resistance of the equivalent strut is 

calculated.  

There are many research studies (Polyakov, 1960; Holmes, 1961; Smith, 1966; 

Mainstone, 1971, 1974; Liuaw and Kwan, 1984; Paulay and Priestley, 1992; Flanagan and 

Bennett, 2001) that improved the diagonal equivalent strut model, that nowadays is a simple 

and rational way to represent the combined frame-infill response under the seismic actions. 

In these systems, with the increasing of the horizontal loads, a gap between the panel and 

the frame at the nodes opens, coupled with sliding along the horizontal and vertical contact 

surfaces, with increased stress in the panel. In this condition the axial stress in the corners, 

still in contact with the frame, becomes relevant. It is, therefore, reasonable to model the infill 

wall in the frame, as a system reinforced by equivalent diagonal struts that simulate the axial 

behavior of the infill. An extensive literature review on the details of the different formulations 

adopted can be found in Asteris et al. (2011). Among them, it is worth noting the formulations 

proposed in Bertoldi et al. (1993), that allow to calculate the axial stiffness and strength of the 

strut, taking into account the different possible failure mechanisms that might affect the 

masonry panel. More in detail, in the strut-based modelling proposed in Bertoldi et al. (1993), 

an infill panel surrounded by a portion of RC frame is considered and a rectangular cross-

section is associated to each equivalent strut, with thickness 𝑡𝑤 (equal to the thickness of the 

masonry infill), diagonal length 𝑑𝑤 and width 𝑏𝑤. This latter parameter is dependent on the 

parameter 𝜆ℎ (function of the properties of the equivalent strut, see Equation 5.17), defined 

from the relative stiffness 𝜆 of the frame to the masonry panel and the height ℎ of the column 

(or the inter-storey height). 

𝜆ℎ = √
𝐸𝑤𝜃𝑡𝑤 𝑠𝑒𝑛(2𝜃)

4𝐸𝑐𝐼𝑐ℎ𝑤

4

ℎ (5.17) 

where 𝐸𝑐 is the modulus of elasticity of the column; 𝐼𝑐 is the moment of inertia of the column; 

𝑡𝑤 is the thickness of the masonry panel; 𝜃 is the slope of the infill diagonal strut to the 

horizontal; ℎ𝑤 is the height of the masonry panel (between beam axes) and 𝐸𝑤𝜃 is the 

modulus of elasticity of the masonry panel, in function of the slope of the strut to the 

horizontal axis (Equation 5.18). 

𝐸𝑤𝜃 = [
𝑐𝑜𝑠4𝜃

𝐸𝑤ℎ
+

𝑠𝑖𝑛4𝜃

𝐸𝑤𝑣
+ 𝑐𝑜𝑠2𝜃𝑠𝑖𝑛2𝜃 (

1

𝐺
− 2

𝜈

𝐸𝑤𝑣
)]

−1

(5.18) 
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where 𝐸𝑤ℎ and 𝐸𝑤𝑣 are the elastic modules of the masonry in the vertical and horizontal 

direction, respectively; 𝐺 is the shear modulus and 𝜈 is the Poisson’s coefficient. 

In Figure 5.22 are shown the geometric parameters involved in the equivalent diagonal 

strut model for infilled R.C. frames. 

 

Figure 5.22.   Diagonal strut-model for infilled R.C. frames. 

From the parameter 𝜆ℎ and two constants 𝐾1 and 𝐾2 (Table 5.1), calibrated on 

experimental tests and FEM models of fully-cracked infills, the width of the strut 𝑏𝑤 can be 

calculated, as suggested in Bertoldi et al. (1993), following Equation 5.19: 

𝑏𝑤

𝑑𝑤
=

𝐾1

𝜆ℎ
+ 𝐾2 (5.19) 

Table 5.1.   Calibration parameters for the equivalent strut (Bertoldi et al., 1993). 

 𝝀𝒉 < 𝟑. 𝟏𝟒 𝟑. 𝟏𝟒 < 𝝀𝒉 < 𝟕. 𝟖𝟓 𝝀𝒉 > 𝟕. 𝟖𝟓 

𝑲𝟏 1.3 0.707 0.47 

𝑲𝟐 -0.178 0.01 0.04 

The infill panels can be affected by different collapse mechanisms and these are 

schematized in four potential failure mechanisms: the compression failure at the centre of the 

panel, the compression failure at the corner edges, the sliding shear failure and the diagonal 

tension failure. The formulations of the strength associated with these mechanisms are 
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reported in Table 5.2. The strength of the equivalent strut can be defined as the minimum of 

those strength of each mechanism (𝑓𝑠𝑡𝑟𝑢𝑡 = 𝑚𝑖𝑛(𝜎𝑤,𝑖)). The corresponding maximum axial 

load 𝑃𝑚𝑎𝑥 of the equivalent strut can be calculated with Equation 5.20. 

𝑃𝑚𝑎𝑥 = 𝑓𝑠𝑡𝑟𝑢𝑡𝑏𝑤𝑡𝑤 (5.20) 

Table 5.2.   Formulation of strength associated to the infill panels failure mechanisms. 

Compression failure at the center of 

the panel 
𝜎𝑤 =

1.16𝑓𝑤
′ 𝑡𝑎𝑛𝜃

𝐾1 + 𝐾2𝜆ℎ
 

Compression failure at the corner 

edges 
𝜎𝑤 =

1.12𝑓𝑤
′  𝑠𝑖𝑛𝜃 𝑐𝑜𝑠𝜃

𝐾1(𝜆ℎ)−0.12 + 𝐾2(𝜆ℎ)0.88
 

Sliding shear failure 𝜎𝑤 =
(1.2𝑠𝑖𝑛𝜃 + 0.45𝑐𝑜𝑠𝜃)𝑓𝑤𝑢 + 0.3𝜎𝑣 

𝑏𝑤 𝑑𝑤⁄
 

Diagonal tension failure 𝜎𝑤 =
0.6𝑓𝑤𝑠 + 0.3𝜎𝑣  

𝑏𝑤 𝑑𝑤⁄
 

𝜎𝑤 is the failure stress of the equivalent strut; 𝑓𝑤
′  is the compression strength; 𝜃 is the slope of the 

equivalent diagonal strut; 𝑓𝑤𝑢 is the shear sliding strength in the joints; 𝑓𝑤𝑠 is the shear resistance of the 

diagonal compression; 𝜎𝑣 is the vertical compression stress due to gravity loads. 

Also in URM cases, the role of the pier-spandrel joints is to transfer the shear actions 

from the piers, and this is possible through the development of a strut mechanism. Assuming 

this, an “equivalent strut” strength mechanism is adopted, and the aforementioned strut-

based modelling (Bertoldi et al., 1993) is adapted to the URM pier-spandrel joints. The first 

clear difference is the geometric configuration of the system, since, in the URM frames, the 

masonry material characterizes piers, spandrels and pier-spandrel joints. For this reason, 

Equation 5.17, which defines the parameter 𝜆ℎ in the RC case, can be modified following 

Equation 5.21. More in detail, the moment of inertia of the column 𝐼𝑐 is substituted by that of 

the joint panel 𝐼𝑗 (𝐼𝑗 = 𝑡𝑗𝑏𝑗
3 12⁄ , where 𝑡𝑗 and 𝑏𝑗 are the thickness and the width of the joint 

panel, respectively) and the modulus of elasticity of the column 𝐸𝑐 is substituted by the 

masonry modulus of elasticity 𝐸𝑗𝜃.  
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𝜆ℎ = √
𝐸𝑗𝜃𝑡𝑗𝑠𝑒𝑛(2𝜃)

4𝐸𝑝𝐼𝑗ℎ𝑗

4

ℎ (5.21) 

If the horizontal 𝐸𝑗ℎ and the vertical 𝐸𝑗𝑣 modulus of elasticity of the masonry are the same 

(see Equation 5.18), these parameters are simplified with the pier elastic modulus 𝐸𝑝, as a 

consequence, the parameter 𝜆ℎ no longer depends on the stiffness of the material (Equation 

5.22).  

𝜆ℎ = √
𝑡𝑗𝑠𝑒𝑛(2𝜃)

4𝐼𝑗ℎ𝑗

4

ℎ (5.22) 

where ℎ is the height of the masonry joint panel, assumed equal to ℎ𝑗. 

In Figure 5.23 are shown the geometric parameters involved in the equivalent diagonal 

strut model for an interior URM pier-spandrel joint panel. 

 

Figure 5.23.   Diagonal strut-model for an interior URM pier-spandrel joint panel. 

The formulations shown in Table 5.2 are adopted to define the strength 𝜎𝑤,𝑖 

corresponding to the four possible failure mechanisms and consequently the preliminary 

analytical strength capacity of the URM pier-spandrel joints, as the minimum of the 

calculated strength (𝑓𝑠𝑡𝑟𝑢𝑡 = 𝑚𝑖𝑛(𝜎𝑤,𝑖)). The corresponding horizontal shear force 𝑉𝑗ℎ can be 

calculated through Equation 5.23. 
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𝑉𝑗ℎ = 𝑓𝑠𝑡𝑟𝑢𝑡𝑏𝑤𝑡𝑗𝑐𝑜𝑠𝜃 (5.23) 

The shear deformation 𝛾 associated with the minimum strength 𝑓𝑠𝑡𝑟𝑢𝑡 can be calculated 

through Equation 5.24. 

𝛾 =
𝑓𝑠𝑡𝑟𝑢𝑡

𝐺𝑚

(5.24) 

5.4.3 Analysis at subassembly level 

The evaluation of the hierarchy of strength is carried out through the interaction between 

the strength of the structural components. At each pier-spandrel subassembly of a frame, the 

strength of the assessed components are compared following a force-based approach, 

identifying the expected failure mechanism and hence the corresponding capacity. To this 

aim, a reference common parameter is required to express and compare the strength of 

each mechanism. The selected parameter for the SLaMA-URM procedure is the Equivalent 

Pier Moment (EPM), following the suggestion of the SLaMA method in Pampanin et al. 

(2007). The pier moment-axial load (M-N) interaction domain, or performance domain, is 

adopted to identify the sequence of failure mechanisms in each pier-spandrel subassembly. 

In this diagram, the lower EPM, associated to each possible pier, spandrel or joint (if 

considered) mechanism, individuates the first crisis expected to occur.  

In the pier M-N performance domain, the capacity of the URM components identifies the 

seismic performance (see Sections 5.4.3.1 and 5.4.3.2). The seismic demand is defined as 

the axial load variation ±𝛥𝑁 (see Section 5.4.3.3), due to the lateral load on the frame, and it 

can be expressed in terms of the EPM, by equilibrium conditions to each floor of the frame. 

The comparison of the strength of the structural components is made according to the 

NZSEE guidelines (NZSEE 2017a), hence the interactions between the URM component 

capacity (related to the possible mechanisms) and the seismic demand (±𝛥𝑁) identify the 

sequence of events in each subassembly of the frame, i.e. the hierarchy of strength. 

The direction of the seismic action (i.e. from the left to right direction or from right to left 

direction, named “push” or “pull” directions, respectively, see Figure 5.24) influences the 

results of the analysis. This is due to the consequent increase or decrease of the axial load in 

the piers, due to the coupling effect of the spandrel during the lateral sway. 
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Figure 5.24.   Push and pull direction of the analysis. 

In Figure 5.25 is shown an example of the typical M-N performance domain for an 

exterior pier-spandrel joint subassembly. 

 

Figure 5.25.   M-N performance domain for a generic exterior pier-spandrel joint subassembly. 

It should be noted that different cases have to be considered if the joints panels are 

assumed as rigid elements or not. Indeed, this assumption leads to define an effective height 

of the piers (i.e. from Dolce, 1991; ℎ𝑝,𝑒𝑓𝑓 in Figure 5.26b), instead of their clear height (to the 

interface with spandrels; ℎ𝑝 in Figure 5.26c), to consider the non-deformable joint panels 

region. Since the choice to consider the joints panel involves a modification of the assumed 

structural components geometry, a distinction at this level of analysis is necessary.  
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Figure 5.26.   Schematization of (a) a multi-storey URM wall in case of rigid (b) or deformable (c) joint 

panels. 

In the following Section 5.4.3.1, the formulations to define the EPM for piers and 

spandrels when the pier-spandrel joints are assumed as rigid, are shown. If the contribution 

of the joints panel is considered in the analysis, the formulations to define the EPM for the 

joint mechanisms are outlined in Section 5.4.3.2. 

In Section 5.4.3.3 are shown the calculations for the seismic demand in terms of axial 

load variation and finally in Section 5.4.3.4 is reported an example of pier M-N performance 

domain.  

5.4.3.1 The Equivalent Pier Moment (EPM) for URM piers and spandrels 

From the assumption of rigid joints, the hierarchy of strength has to be assessed 

between the pier and the spandrel involved in the considered subassembly and to this aim 

the Equivalent Pier Moment (EPM) should be defined for their different possible failure 

mechanisms. EPM means to identify the needed pier moment to reach a specific condition in 

the other structural components (such as, for example, the development of the plastic hinge 

in the spandrel).  

From the capacity of the possible failure mechanisms of the URM structural components 

(outlined in Sections 5.4.2.2 - 5.4.2.4), it is possible to calculate the EPM by rotational 

equilibrium at the top pier-joint panel interface, considering the typology of the pier-spandrel 

subassembly (Figure 5.27) and its geometry.  
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Figure 5.27.   Pier-spandrel subassembly typologies in a frame lateral resisting system. 

It is worth noting that for the piers, the EPM can be obtained in a direct way, once the 

analysis at component level is performed. To consider the non-deformable region at the pier-

spandrel joints, the height of the piers is defined, i.e. from Dolce 1991, as an effective height 

(ℎ𝑝,𝑒𝑓𝑓 in Figure 5.27b). Hence, the factor used to convert the pier shear force in the EPM 

refers to the cantilever length, identified as the distance to the point of contraflexure. In the 

following, this parameter is defined as 𝑙′𝑝 for the different typologies of pier-spandrel 

subassembly: exterior (Figure 5.28a), interior (Figure 5.28b), knee (Figure 5.28c) and tee 

(Figure 5.28d) .  

The geometric parameters involved in the procedure are shown in Figure 5.28 and are 

defined as: 𝑙′𝑝 is the clear height of the piers to the joint panel interface (𝑙′𝑝,𝑡𝑜𝑝 for the top pier 

and 𝑙′𝑝,𝑏𝑜𝑡 for the bottom pier); 𝑙𝑝 is the distance between the contraflexure points of piers, in 

case of the exterior and interior subassemblies (Figure 5.28a-b) or the distance between the 

pier contraflexure point and the horizontal axis of the spandrel, in case of the knee and tee 

subassemblies (Figure 5.28c-d); 𝑙′𝑠𝑝 is the clear span of the spandrel (𝑙′𝑠𝑝,𝑙 for the left 

spandrel and 𝑙′𝑠𝑝,𝑟 for the right one) and 𝑙𝑠𝑝 is the distance between the contraflexure point of 

the spandrel and the vertical axis of the pier (𝑙𝑠𝑝,𝑙 for the left spandrel and 𝑙𝑠𝑝,𝑟 for the right 

one).  
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Figure 5.28.   Schematization of the four typologies of subassembly: (a) exterior, (b) interior, (c) knee, 

(d) tee. 

It is worth noting that the effective height of the piers, which in the following refers to 

Dolce (1991), can be calculated according to other proposals in literature (Augenti, 2006; 

Moon et al. 2006; Lagomarsino et al., 2013). 

With reference to the typologies of the subassembly in Figure 5.28, the calculations to 

define the EPM corresponding to the formation of the plastic hinge and the shear failure of 

the piers and the spandrels, from the rotational equilibrium of the pier-spandrel subassembly 

(considering the different typologies) are shown in Tables 5.3 - 5.6, while a summary of the 

EPM formulations is reported in Tables 5.7 - 5.8.  

It is worth noting that the parameters with an apex are referred to the internal actions 

calculated at the joint panel interface, while those without apex are calculated at the joint 

centroid. Furthermore, the directions of the internal actions refer to the push direction seismic 

load.  

Due to the fact that to compute the capacity of the frame, it is necessary to know the 

Equivalent Spandrel Moment (ESM), the formulations to define this parameter are reported in 
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Tables 5.9 - 5.10, for the exterior/knee and for the interior/tee subassemblies, respectively. 

This parameter is calculated by the rotational equilibrium imposed about the joint centroid, 

following the same approach adopted to define the EPM. 

It is observed that the derived EPM and ESM formulations for the exterior and for the 

knee subassemblies are equal. The same can be observed for the interior and the tee 

subassemblies, with the only distinction made on the definition of the pier length 𝑙𝑝. 

Table 5.3.   Equivalent Pier Moment (EPM) calculations for exterior joints. 

  

 

 

Rotational equilibrium  𝑉𝑝𝑙𝑝 = 𝑉𝑠𝑝𝑙𝑠𝑝 (5.25)  

Spandrel shear 𝑉𝑠𝑝 =
𝑉𝑝𝑙𝑝

𝑙𝑠𝑝
(5.26)   

Pier moment at the joint panel 

interface 𝑀′
𝑝 = 𝑉𝑝𝑙′𝑝 (5.27) 

Spandrel moment at the joint 

panel interface 𝑀′
𝑠𝑝 = 𝑉𝑠𝑝𝑙′𝑠𝑝 =

𝑉𝑝𝑙𝑝

𝑙𝑠𝑝
𝑙′𝑠𝑝 (5.28) 

EPM for spandrel flexural 

capacity 𝑀′𝑝,𝑠𝑝𝑓 =
𝑙′𝑝𝑙𝑠𝑝

𝑙𝑝𝑙′𝑠𝑝
𝑀′𝑦,𝑠𝑝 (5.29) 

EPM for spandrel shear capacity 𝑀′𝑝,𝑠𝑝𝑠 = 𝑙𝑠𝑝
𝑙′𝑝

𝑙𝑝
𝑉𝑠𝑝 (5.30) 

*𝑙′𝑝, for simplicity, is assumed as 𝑙′𝑝 = 𝑎𝑣𝑔(𝑙′𝑝,𝑡𝑜𝑝, 𝑙′𝑝,𝑏𝑜𝑡); 𝑀′𝑦,𝑠𝑝 is the yielding moment of the spandrel, that 

substitutes the spandrel moment 𝑀′𝑠𝑝, to reach the EPM (𝑀′𝑝,𝑠𝑝𝑓); 𝑉𝑠𝑝 is the shear strength of the spandrel. 
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Table 5.4.   Equivalent Pier Moment (EPM) calculations for interior joints. 

 
Rotational equilibrium  𝑉𝑝𝑙𝑝 = 𝑉𝑠𝑝,𝑙𝑙𝑠𝑝,𝑙 + 𝑉𝑠𝑝,𝑟𝑙𝑠𝑝,𝑟 (5.31) 

Left spandrel shear 𝑉𝑠𝑝,𝑙 =
𝑉𝑝𝑙𝑝−𝑉𝑠𝑝,𝑟𝑙𝑠𝑝,𝑟

𝑙𝑠𝑝,𝑙
(5.32)   

Right spandrel shear 𝑉𝑠𝑝,𝑟 =
𝑉𝑝𝑙𝑝−𝑉𝑠𝑝,𝑙𝑙𝑠𝑝,𝑙

𝑙𝑠𝑝,𝑟
(5.33)   

Pier moment at the joint panel 

interface 𝑀′
𝑝 = 𝑉𝑝𝑙′𝑝 (5.34) 

Left spandrel moment at the joint 

panel interface 𝑀′𝑠𝑝,𝑙 = 𝑉𝑠𝑝,𝑙𝑙′𝑠𝑝,𝑙 (5.35) 

Right spandrel moment at the 

joint panel interface 𝑀′𝑠𝑝,𝑟 = 𝑉𝑠𝑝,𝑟𝑙′𝑠𝑝,𝑟 (5.36) 

Relationship between pier and 

spandrel moments 𝑀′𝑝 =
𝑙′𝑝

𝑙𝑝
(𝑀′𝑠𝑝,𝑙

𝑙𝑠𝑝,𝑙

𝑙′𝑠𝑝,𝑙

+ 𝑀′𝑠𝑝,𝑟

𝑙𝑠𝑝,𝑟

𝑙′𝑠𝑝,𝑟

) (5.37) 

 

EPM for spandrel flexural 

capacity (1st spandrel is yielding) 𝑀′𝑝,𝑠𝑝𝑓 1𝑠𝑡 =
𝑙′𝑝

𝑙𝑝
(

𝑙𝑠𝑝,𝑙

𝑙′𝑠𝑝,𝑙

+
𝑙𝑠𝑝,𝑟

𝑙′𝑠𝑝,𝑟

)𝑀′𝑦,𝑠𝑝 1𝑠𝑡 (5.38) 

 

EPM for spandrel flexural 

capacity (both spandrels are yielding) 𝑀′𝑝,𝑠𝑝𝑓 𝑏𝑜𝑡ℎ =
𝑙′𝑝

𝑙𝑝
(𝑀′𝑦,𝑠𝑝,𝑙

𝑙𝑠𝑝,𝑙

𝑙′𝑠𝑝,𝑙

+ 𝑀′𝑦,𝑠𝑝,𝑟

𝑙𝑠𝑝,𝑟

𝑙′𝑠𝑝,𝑟

) (5.39) 

 

Spandrel shear capacity in terms 

of the EPM 𝑀′𝑝 =
𝑙′𝑝

𝑙𝑝
(𝑉𝑠𝑝,𝑙 𝑙𝑠𝑝,𝑙 + 𝑉𝑠𝑝,𝑟 𝑙𝑠𝑝,𝑟) (5.40) 

EPM for spandrel shear capacity 𝑀′𝑝,𝑠𝑝𝑠 = (𝑙𝑠𝑝,𝑙 + 𝑙𝑠𝑝,𝑟)
𝑙′𝑝

𝑙𝑝
𝑉𝑠𝑝 1𝑠𝑡 (5.41) 

*𝑙′𝑝, for simplicity, is assumed as 𝑙′𝑝 = 𝑎𝑣𝑔(𝑙′𝑝,𝑡𝑜𝑝, 𝑙′𝑝,𝑏𝑜𝑡); 𝑀′𝑝,𝑠𝑝𝑓 1𝑠𝑡 is the EPM corresponding to the first 

beam yields; 𝑀′𝑦,𝑠𝑝 1𝑠𝑡 is the lowest yielding moment of the left or the right spandrel; 𝑀′𝑝,𝑠𝑝𝑓 𝑏𝑜𝑡ℎ is the EPM 

corresponding to the formation of both spandrel plastic hinges; 𝑀′𝑦,𝑠𝑝,𝑙 and 𝑀′𝑦,𝑠𝑝,𝑟 are the yielding 

moments of the left and the right spandrels, respectively; 𝑀′𝑝,𝑠𝑝𝑠 is the EPM corresponding to the shear 

failure of the spandrels; 𝑉𝑠𝑝 1𝑠𝑡 is the lowest shear strength between that of the left and the right spandrel. 
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Table 5.5.   Equivalent Pier Moment (EPM) calculations for knee joints. 

 

 

 

 

Rotational equilibrium  𝑉𝑝𝑙𝑝 = 𝑉𝑠𝑝𝑙𝑠𝑝 (5.42)  

Spandrel shear 𝑉𝑠𝑝 =
𝑉𝑝𝑙𝑝

𝑙𝑠𝑝
(5.43)   

Pier moment at the joint panel 

interface 𝑀′
𝑝 = 𝑉𝑝𝑙′𝑝 (5.44) 

Spandrel moment at the joint 

panel interface 𝑀′
𝑠𝑝 = 𝑉𝑠𝑝𝑙′𝑠𝑝 =

𝑉𝑝𝑙𝑝

𝑙𝑠𝑝
𝑙′𝑠𝑝 (5.45) 

EPM for spandrel flexural 

capacity 𝑀′𝑝,𝑠𝑝𝑓 =
𝑙′𝑝𝑙𝑠𝑝

𝑙𝑝𝑙′𝑠𝑝
𝑀′𝑦,𝑠𝑝 (5.46) 

EPM for spandrel shear capacity 𝑀′𝑝,𝑠𝑝𝑠 = 𝑙𝑠𝑝
𝑙′𝑝

𝑙𝑝
𝑉𝑠𝑝 (5.47) 

*𝑀′𝑦,𝑠𝑝 is the yielding moment of the spandrel, that substitutes the spandrel moment 𝑀′𝑠𝑝, to reach the EPM 

(𝑀′𝑝,𝑠𝑝𝑓); 𝑉𝑠𝑝 is the shear strength of the spandrel. 
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Table 5.6.   Equivalent Pier Moment (EPM) calculations for tee joints. 

 
Rotational equilibrium  𝑉𝑝𝑙𝑝 = 𝑉𝑠𝑝,𝑙𝑙𝑠𝑝,𝑙 + 𝑉𝑠𝑝,𝑟𝑙𝑠𝑝,𝑟 (5.48) 

Left spandrel shear 𝑉𝑠𝑝,𝑙 =
𝑉𝑝𝑙𝑝−𝑉𝑠𝑝,𝑟𝑙𝑠𝑝,𝑟

𝑙𝑠𝑝,𝑙
(5.49)   

Right spandrel shear 𝑉𝑠𝑝,𝑟 =
𝑉𝑝𝑙𝑝−𝑉𝑠𝑝,𝑙𝑙𝑠𝑝,𝑙

𝑙𝑠𝑝,𝑟
(5.50)   

Pier moment at the joint panel 

interface 𝑀′
𝑝 = 𝑉𝑝𝑙′𝑝 (5.51) 

Left spandrel moment at the joint 

panel interface 𝑀′𝑠𝑝,𝑙 = 𝑉𝑠𝑝,𝑙𝑙′𝑠𝑝,𝑙 (5.52) 

Right spandrel moment at the 

joint panel interface 𝑀′𝑠𝑝,𝑟 = 𝑉𝑠𝑝,𝑟𝑙′𝑠𝑝,𝑟 (5.53) 

Relationship between pier and 

spandrel moments 𝑀′𝑝 =
𝑙′𝑝

𝑙𝑝
(𝑀′𝑠𝑝,𝑙

𝑙𝑠𝑝,𝑙

𝑙′𝑠𝑝,𝑙

+ 𝑀′𝑠𝑝,𝑟

𝑙𝑠𝑝,𝑟

𝑙′𝑠𝑝,𝑟

) (5.54) 

 

EPM for spandrel flexural 

capacity (1st spandrel is yielding) 𝑀′𝑝,𝑠𝑝𝑓 1𝑠𝑡 =
𝑙′𝑝

𝑙𝑝
(

𝑙𝑠𝑝,𝑙

𝑙′𝑠𝑝,𝑙

+
𝑙𝑠𝑝,𝑟

𝑙′𝑠𝑝,𝑟

)𝑀′𝑦,𝑠𝑝 1𝑠𝑡 (5.55) 

 

EPM for spandrel flexural 

capacity (both spandrels are yielding) 𝑀′𝑝,𝑠𝑝𝑓 𝑏𝑜𝑡ℎ =
𝑙′𝑝

𝑙𝑝
(𝑀′𝑦,𝑠𝑝,𝑙

𝑙𝑠𝑝,𝑙

𝑙′𝑠𝑝,𝑙

+ 𝑀′𝑦,𝑠𝑝,𝑟

𝑙𝑠𝑝,𝑟

𝑙′𝑠𝑝,𝑟

) (5.56) 

 

Spandrel shear capacity in terms 

of the EPM 𝑀′𝑝 =
𝑙′𝑝

𝑙𝑝
(𝑉𝑠𝑝,𝑙 𝑙𝑠𝑝,𝑙 + 𝑉𝑠𝑝,𝑟 𝑙𝑠𝑝,𝑟) (5.57) 

EPM for spandrel shear capacity 𝑀′𝑝,𝑠𝑝𝑠 = (𝑙𝑠𝑝,𝑙 + 𝑙𝑠𝑝,𝑟)
𝑙′𝑝

𝑙𝑝
𝑉𝑠𝑝 1𝑠𝑡 (5.58) 

*𝑀′𝑝,𝑠𝑝𝑓 1𝑠𝑡 is the EPM corresponding to the first beam yields; 𝑀′𝑦,𝑠𝑝 1𝑠𝑡 is the lowest yielding moment of the 

left or the right spandrel; 𝑀′𝑝,𝑠𝑝𝑓 𝑏𝑜𝑡ℎ is the EPM corresponding to the formation of both spandrel plastic 

hinges; 𝑀′𝑦,𝑠𝑝,𝑙 and 𝑀′𝑦,𝑠𝑝,𝑟 are the yielding moments of the left and the right spandrels, respectively; 𝑀′𝑝,𝑠𝑝𝑠 

is the EPM corresponding to the shear failure of the spandrels; 𝑉𝑠𝑝 1𝑠𝑡 is the lowest shear strength between 

that of the left and the right spandrel. 
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Table 5.7.   Summary of the Equivalent Pier Moment (EPM) formulations for exterior and knee joints. 

 

 

 

 

 

Top pier flexure 𝑀′𝑦,𝑝 𝑡𝑜𝑝 

Bottom pier flexure 𝑀′𝑦,𝑝 𝑏𝑜𝑡 

Pier shear 𝑙𝑝,𝑡𝑜𝑝
′ 𝑉𝑝 𝑡𝑜𝑝 (or bot) 

Spandrel flexure 
𝑙′𝑝𝑙𝑠𝑝

𝑙𝑝𝑙′𝑠𝑝
𝑀′𝑦,𝑠𝑝 

Spandrel shear 𝑙𝑠𝑝
𝑙′𝑝

𝑙𝑝
𝑉𝑠𝑝 

*𝑙′𝑝, for simplicity, is assumed as 𝑙′𝑝 = 𝑎𝑣𝑔(𝑙′𝑝,𝑡𝑜𝑝, 𝑙′𝑝,𝑏𝑜𝑡); 𝑀′𝑦,𝑝 𝑡𝑜𝑝 and 𝑀′𝑦,𝑝 𝑏𝑜𝑡 are the yielding moments of 

the top and the bottom piers; 𝑀′𝑦,𝑠𝑝 is the yielding moment of the spandrel; 𝑉𝑝 𝑡𝑜𝑝 is the shear strength of 

the top pier; 𝑉𝑠𝑝 is the shear strength of the spandrel; 𝑉𝑗ℎ is the shear strength of the joint. 
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Table 5.8.   Summary of the Equivalent Pier Moment (EPM) formulations for interior and tee joints. 

 

 

 

 

 

Top pier 

flexure 
𝑀′𝑦,𝑝 𝑡𝑜𝑝 

Bottom pier 

flexure 
𝑀′𝑦,𝑝 𝑏𝑜𝑡 

Pier shear 𝑙𝑝,𝑡𝑜𝑝
′ 𝑉𝑝 𝑡𝑜𝑝 (or bot) 

Left spandrel 

flexure 

𝑙′𝑝

𝑙𝑝
(
𝑙𝑠𝑝,𝑙

𝑙′𝑠𝑝,𝑙

+
𝑙𝑠𝑝,𝑟

𝑙′𝑠𝑝,𝑟

)𝑀′𝑦,𝑠𝑝,𝑙 

Right spandrel 

flexure 

𝑙′𝑝

𝑙𝑝
(
𝑙𝑠𝑝,𝑙

𝑙′𝑠𝑝,𝑙

+
𝑙𝑠𝑝,𝑟

𝑙′𝑠𝑝,𝑟

)𝑀′𝑦,𝑠𝑝,𝑟 

Both spandrels 

flexure 

𝑙′𝑝

𝑙𝑝
(𝑀′𝑦,𝑠𝑝,𝑙

𝑙𝑠𝑝,𝑙

𝑙′𝑠𝑝,𝑙

+ 𝑀′𝑦,𝑠𝑝,𝑟

𝑙𝑠𝑝,𝑟

𝑙′𝑠𝑝,𝑟

) 

Spandrel 

shear 
𝑙𝑠𝑝

𝑙𝑝
′

𝑙𝑝
𝑉𝑠𝑝 1𝑠𝑡 

*𝑙′𝑝, for simplicity, is assumed as 𝑙′𝑝 = 𝑎𝑣𝑔(𝑙′𝑝,𝑡𝑜𝑝, 𝑙′𝑝,𝑏𝑜𝑡); 𝑙𝑠𝑝 is assumed as 𝑙𝑠𝑝 = 𝑎𝑣𝑔(𝑙𝑠𝑝,𝑙 , 𝑙𝑠𝑝,𝑟); );  𝑀′𝑦,𝑝 𝑡𝑜𝑝 

and 𝑀′𝑦,𝑝 𝑏𝑜𝑡 are the yielding moments of the top and bottom piers; 𝑀′𝑦,𝑠𝑝,𝑙 and 𝑀′𝑦,𝑠𝑝,𝑟 are the yielding 

moments of the left and the right spandrels, respectively; 𝑉𝑝 𝑡𝑜𝑝 is the shear strength of the top pier; 𝑉𝑠𝑝 1𝑠𝑡 is 

the lowest shear strength between that of the left and the right spandrel. 
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Table 5.9.   Summary of the Equivalent Spandrel Moment (ESM) formulations for exterior and knee 

joints. 

 

 

 

 

 

Top pier flexure 
𝑙𝑝𝑙′𝑠𝑝

𝑙′𝑝,𝑡𝑜𝑝𝑙𝑠𝑝
𝑀𝑦,𝑝 𝑡𝑜𝑝 

Bottom pier flexure 
𝑙𝑝𝑙′𝑠𝑝

𝑙′𝑝,𝑏𝑜𝑡𝑙𝑠𝑝
𝑀𝑦,𝑝 𝑏𝑜𝑡 

Pier shear 𝑙𝑝,𝑡𝑜𝑝𝑉𝑝 𝑡𝑜𝑝 (or bot) 

Spandrel flexure 
𝑙𝑠𝑝

𝑙′𝑠𝑝
𝑀′𝑦,𝑠𝑝 

Spandrel shear 𝑙𝑠𝑝𝑉𝑠𝑝 

*𝑙′𝑝, for simplicity, is assumed as 𝑙′𝑝 = 𝑎𝑣𝑔(𝑙′𝑝,𝑡𝑜𝑝, 𝑙′𝑝,𝑏𝑜𝑡); 𝑀′𝑦,𝑝 is the yielding moment of the top pier; 𝑀′𝑦,𝑠𝑝 

is the yielding moment of the spandrel; 𝑉𝑝 is the shear strength of the top pier; 𝑉𝑠𝑝 is the shear strength of 

the spandrel; 𝑉𝑗ℎ is the shear strength of the joint. 
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Table 5.10.   Summary of the Equivalent Spandrel Moment (ESM) formulations for interior and tee 

joints. 

 

 

 

 

 

Top pier 

flexure 

𝑙𝑝𝑙′𝑠𝑝

2𝑙′𝑝,𝑡𝑜𝑝𝑙𝑠𝑝
𝑀𝑦,𝑝 𝑡𝑜𝑝 

Bottom pier 

flexure 

𝑙𝑝𝑙′𝑠𝑝

2𝑙′𝑝,𝑏𝑜𝑡𝑙𝑠𝑝
𝑀𝑦,𝑝 𝑏𝑜𝑡 

Pier shear 
𝑙𝑝

2
𝑉𝑝 𝑡𝑜𝑝 (or bot) 

Left spandrel 

flexure 

𝑙𝑠𝑝,𝑙

𝑙′𝑠𝑝,𝑙

𝑀′𝑦,𝑠𝑝,𝑙 

Right spandrel 

flexure 

𝑙𝑠𝑝,𝑟

𝑙′𝑠𝑝,𝑟

𝑀′𝑦,𝑠𝑝,𝑟 

Both spandrels 

flexure 
𝑎𝑣𝑔 (𝑀′𝑦,𝑠𝑝,𝑙

𝑙𝑠𝑝,𝑙

𝑙′𝑠𝑝,𝑙

+ 𝑀′𝑦,𝑠𝑝,𝑟

𝑙𝑠𝑝,𝑟

𝑙′𝑠𝑝,𝑟

) 

Spandrel 

shear 
𝑙𝑠𝑝𝑉𝑠𝑝 1𝑠𝑡 

*𝑙′𝑝, for simplicity, is assumed as 𝑙′𝑝 = 𝑎𝑣𝑔(𝑙′𝑝,𝑡𝑜𝑝, 𝑙′𝑝,𝑏𝑜𝑡); 𝑙𝑠𝑝 is assumed as 𝑙𝑠𝑝 = 𝑎𝑣𝑔(𝑙𝑠𝑝,𝑙 , 𝑙𝑠𝑝,𝑟); 𝑀′𝑦,𝑠𝑝,𝑙 and 

𝑀′𝑦,𝑠𝑝,𝑟 are the yielding moments of the left and the right spandrels, respectively; 𝑉𝑠𝑝 1𝑠𝑡 is the lowest shear 

strength between that of the left and the right spandrel. 
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According to a simplified equilibrium approach, the EPM, corresponding to the spandrel 

flexural and shear failure, can be defined assuming that the piers above and below a floor 

level have similar stiffness, considering the typology of the subassembly and then referring to 

a local (rotational) equilibrium at pier-spandrel joints. As schematized in Figure 5.29, 

assuming the top pier moment equal to the bottom one, the EPM can be defined 

approximately as: half of the spandrel moment (𝑀𝑝 ≈ 𝑀𝑠𝑝/2) in the exterior subassemblies 

(Figure 5.29a); the average of the left and right spandrel moments (𝑀𝑝 ≈ (𝑀𝑠𝑝,𝑙𝑒𝑓𝑡 +

𝑀𝑠𝑝,𝑟𝑖𝑔ℎ𝑡)/2) in the interior subassemblies (Figure 5.29b); the spandrel moment (𝑀𝑝 ≈ 𝑀𝑠𝑝) in 

the knee subassemblies (Figure 5.29c); the sum of the left and right spandrel moments  

(𝑀𝑝 ≈ 𝑀𝑠𝑝,𝑙𝑒𝑓𝑡 + 𝑀𝑠𝑝,𝑟𝑖𝑔ℎ𝑡) in the tee subassemblies (Figure 5.29d). 

It is worth mentioning that the directions of the moments in Figure 5.29 refer to the push 

load direction, from left to right. In the case of pull load (from right to left) the moments are in 

the opposite direction. 

 

Figure 5.29.   Schematization of the simplified equilibrium of the: (a) exterior, (b) interior, (c) knee and 

(d) tee subassemblies. 

According to this approach, in Tables 5.11 - 5.14 are reported the EPM and ESM 

formulations, for the piers and spandrels possible failure mechanisms, for the four different 

typologies of the subassembly. 
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Table 5.11.   Summary of the Equivalent Pier Moment (EPM) formulations for exterior and knee 

subassemblies. 

 

 

 

 

 

Pier flexure 𝑀′𝑦,𝑝 𝑀′𝑦,𝑝 

Pier shear 𝑙𝑝
′ 𝑉𝑝 𝑙𝑝

′ 𝑉𝑝 

Spandrel flexure 𝑀′𝑦,𝑠𝑝/2 𝑀′𝑦,𝑠𝑝 

Spandrel shear 𝑙′𝑠𝑝𝑉𝑠𝑝/2 𝑙′𝑠𝑝𝑉𝑠𝑝 

*𝑙′𝑝, for simplicity, is assumed as 𝑙′𝑝 = 𝑎𝑣𝑔(𝑙′𝑝,𝑡𝑜𝑝, 𝑙′𝑝,𝑏𝑜𝑡); 𝑀′𝑦,𝑝 is the yielding moment of the top pier; 𝑀′𝑦,𝑠𝑝 

is the yielding moment of the spandrel; 𝑉𝑝 is the shear strength of the pier; 𝑉𝑠𝑝 is the shear strength of the 

spandrel. 
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Table 5.12.   Summary of the Equivalent Pier Moment (EPM) formulations for interior and tee 

subassemblies. 

 

 

 

 

 

Pier flexure 𝑀′𝑦,𝑝 𝑀′𝑦,𝑝 

Pier shear 𝑙𝑝
′ 𝑉𝑝 𝑙𝑝

′ 𝑉𝑝 

Both spandrels 

flexure 

𝑀′𝑦,𝑠𝑝,𝑙 + 𝑀′𝑦,𝑠𝑝,𝑟

2
 𝑀′𝑦,𝑠𝑝,𝑙 + 𝑀′𝑦,𝑠𝑝,𝑟 

Spandrel 

shear 

𝑙′𝑠𝑝,𝑙𝑉𝑠𝑝,𝑙 + 𝑙′𝑠𝑝,𝑟𝑉𝑠𝑝,𝑟

2
 𝑙′𝑠𝑝,𝑙𝑉𝑠𝑝,𝑙 + 𝑙′𝑠𝑝,𝑟𝑉𝑠𝑝,𝑟 

*𝑙′𝑝, for simplicity, is assumed as 𝑙′𝑝 = 𝑎𝑣𝑔(𝑙′𝑝,𝑡𝑜𝑝, 𝑙′𝑝,𝑏𝑜𝑡); 𝑀′𝑦,𝑠𝑝,𝑙 and 𝑀′𝑦,𝑠𝑝,𝑟 are the yielding moments of the 

left and the right spandrels, respectively; 𝑉𝑠𝑝,𝑙 and 𝑉𝑠𝑝,𝑟 are the shear strength of the left and the right 

spandrel, respectively. 
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Table 5.13.   Summary of the Equivalent Spandrel Moment (ESM) formulations for exterior and knee 

subassemblies. 

 

 

 

 

 

Pier flexure 2𝑀′𝑦,𝑝 𝑀′𝑦,𝑝 

Pier shear 2𝑙𝑝
′ 𝑉𝑝 𝑙𝑝

′ 𝑉𝑝 

Spandrel flexure 𝑀′𝑦,𝑠𝑝 𝑀′𝑦,𝑠𝑝 

Spandrel shear 𝑙′𝑠𝑝𝑉𝑠𝑝 𝑙′𝑠𝑝𝑉𝑠𝑝 

*𝑙′𝑝, for simplicity, is assumed as 𝑙′𝑝 = 𝑎𝑣𝑔(𝑙′𝑝,𝑡𝑜𝑝, 𝑙′𝑝,𝑏𝑜𝑡); 𝑀′𝑦,𝑝 is the yielding moment of the top pier; 𝑀′𝑦,𝑠𝑝 

is the yielding moment of the spandrel; 𝑉𝑝 is the shear strength of the pier; 𝑉𝑠𝑝 is the shear strength of the 

spandrel. 
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Table 5.14.   Summary of the Equivalent Spandrel Moment (ESM) formulations for interior and tee 

subassemblies. 

 

 

 

 

 

Pier flexure 𝑀′𝑦,𝑝 𝑀′𝑦,𝑝 2⁄  

Pier shear 𝑙𝑝
′ 𝑉𝑝 𝑙𝑝

′ 𝑉𝑝 2⁄  

Both spandrels 

flexure 

𝑀′𝑦,𝑠𝑝,𝑙 + 𝑀′𝑦,𝑠𝑝,𝑟

2
 𝑀′𝑦,𝑠𝑝,𝑙 + 𝑀′𝑦,𝑠𝑝,𝑟 

Spandrel 

shear 

𝑙′𝑠𝑝,𝑙𝑉𝑠𝑝,𝑙 + 𝑙′𝑠𝑝,𝑟𝑉𝑠𝑝,𝑟

2
 𝑙′𝑠𝑝,𝑙𝑉𝑠𝑝,𝑙 + 𝑙′𝑠𝑝,𝑟𝑉𝑠𝑝,𝑟 

*𝑙′𝑝, for simplicity, is assumed as 𝑙′𝑝 = 𝑎𝑣𝑔(𝑙′𝑝,𝑡𝑜𝑝, 𝑙′𝑝,𝑏𝑜𝑡); 𝑀′𝑦,𝑠𝑝,𝑙 and 𝑀′𝑦,𝑠𝑝,𝑟 are the yielding moments of the 

left and the right spandrels, respectively; 𝑉𝑠𝑝,𝑙 and 𝑉𝑠𝑝,𝑟 are the shear strength of the left and the right 

spandrel, respectively. 

5.4.3.2 The Equivalent Pier Moment (EPM) for URM pier-spandrel joints 

The contribution of the pier-spandrel joints in the M-N performance domain can be taken 

into account, starting from the actual geometry of the URM components, and in particular on 

the height of the piers. Indeed, in this case, the clear height of the piers, to the interface with 

the spandrels, has to be considered (ℎ𝑝 in Figure 5.26c), and the dimensions of the pier-

spandrel joints are assumed as shown in Figure 5.30, where 𝑏𝑗 and ℎ𝑗 are the width and the 

height of the joint panel, corresponding to the width of the piers 𝐵𝑝 and the height of the 
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spandrel ℎ𝑠𝑝, respectively. Since the choice to consider the joints panel changes the 

assumed structural components geometry, a distinction at the component and at the 

subassembly level of analysis should be made.  

 

Figure 5.30.   Geometric dimensions of the joint panel of the: (a) exterior, (b) interior, (c) knee and     

(d) tee subassemblies. 

From the assumption of deformable pier-spandrel joints, once the actual geometry of the 

components is defined, the hierarchy of strength has to be assessed between the joint, pier 

and spandrel involved in the subassembly and to this aim the Equivalent Pier Moment (EPM) 

should be defined for their different possible failure mechanisms. 

For the piers and the spandrels the same considerations outlined in Section 5.4.3.1 are 

assumed, with the difference that the rotational equilibrium is calculated at the centroid of the 

subassembly and that the parameter 𝑙′𝑝 refers to half of the clear height of the piers (ℎ𝑝 in 

Figure 5.26c). The calculations of the EPM for the different typologies of pier-spandrel 

subassembly (exterior, interior, knee, tee) are shown in Tables 5.15 - 5.18, and summarized 

in Tables 5.19 - 5.20.  

According to a more simplified equilibrium approach, the EPM for the spandrel flexural 

and shear failure can be defined as shown in Figure 5.29, considering first the typology of the 

subassembly, and then calculating the local (rotational) equilibrium between pier and 

spandrel, with no considerations for the geometry of the URM components.  

Regarding the pier-spandrel joints, the capacity in terms of the equivalent bending 

moment of the pier needs to be calculated. To this aim, starting from simplified equilibrium 

equations, the pier equivalent shear force Vp and, consequently, the Equivalent Pier Moment 

(EPM) can be obtained. Vp can be defined from the lateral resistance of the equivalent strut 

Vjh (calculated in Section 5.4.2.4), as a function of typology/geometry of the subassembly 
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and on translational equilibrium considerations. More in detail, the shear demand of the joint 

panel (Vjh) is calculated from the pier shear (Vp) and the tension-compression action (Csp or 

T𝑠𝑝) of the spandrel(s) cross-section (as Vjh = Csp − Vp for exterior pier-spandrel joints and 

Vjh = Csp + Tsp − Vp for the interior pier-spandrel joints), as suggested in Paulay and Priestley 

(1992). The EPM is then calculated multiplying Vp by the corresponding pier cantilever height 

𝑙′𝑝 of the considered subassembly (see Figure 5.31).  

 

Figure 5.31.   Schematization of the typologies of subassembly: (a) exterior, (b) interior, (c) knee, (d) 

tee subassemblies. 

It is noted that all the parameters with an apex are referred to the internal actions 

calculated at the joint panel interface, while those without apex are calculated at the joint 

centroid. The geometric parameters that are involved in the procedure are shown in Figure 

5.31 and are defined as: 𝑙′𝑝 is the clear height of the piers to the joint panel interface (𝑙′𝑝,𝑡𝑜𝑝 

for the top pier and 𝑙′𝑝,𝑏𝑜𝑡 for the bottom pier); 𝑙𝑝 is the distance between the contra flexure 

points of piers, in case of the exterior and interior subassemblies (Figure 5.31a-b) or the 

distance between the pier contra flexure point and the horizontal axis of the spandrel, in case 
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of the knee and tee subassemblies (Figure 5.31c-d); 𝑙′𝑠𝑝 is the clear span of the spandrel 

(𝑙′𝑠𝑝,𝑙 for the left spandrel and 𝑙′𝑠𝑝,𝑟 for the right spandrel) and 𝑙𝑠𝑝 is the distance between the 

contra flexure point of the spandrel and the vertical axis of the pier (𝑙𝑠𝑝,𝑙 for the left spandrel 

and 𝑙𝑠𝑝,𝑟 for the right spandrel). 

In Tables 5.15 - 5.18 are reported the detailed formulations to define the EPM of the pier, 

spandrel and joint from rotational equilibrium considerations, for the four pier-spandrel 

subassemblies (exterior, interior, knee and tee). The adopted approach follows the one used 

for the beam-column RC subassembly presented in Gentile (2017). A summary of the EPM 

formulations is reported in Tables 5.19 - 5.20. It is worth noting that the directions of the 

moments in figures and tables refer to a hypothesized push load, i.e. that acts from left to 

right. 

For all the typologies of pier-spandrel joints, it is assumed that the moment of the 

spandrel at the joint interface can be expressed as M'𝑠𝑝 = 𝐶𝑠𝑝𝑥𝑢, where 𝐶𝑠𝑝 is the resultant of 

the masonry compression forces and 𝑥𝑢 is the internal lever arm between the centroid of the 

resultant of the forces in the compression zone and the horizontal axis of the spandrel, at the 

ultimate condition. In the interior joints, the EPM corresponding to the joint shear capacity is 

calculated assuming that the left and right spandrel yielding moments are equal to their 

average (𝑀′
𝑠𝑝,𝑎𝑣 = 𝑀′𝑠𝑝,𝑙 + 𝑀′𝑠𝑝,𝑟 2⁄ ). From this assumption, the tension and compression 

forces of the spandrels result equal (Csp,r = Tsp,l) and the value of the joint shear strength can 

be obtained as 𝑉𝑗ℎ = 2𝐶𝑠𝑝,𝑟 − 𝑉𝑝.  

Furthermore, for the interior and tee subassemblies, a distinction on the development of 

the plastic hinge on an individual or both spandrels is made. More in detail, the EPM 

corresponding to the formation of the plastic hinges in the spandrel is defined: i) when the 

first spandrel (between the left and right one) yields, resulting in that the bending moment of 

the two spandrels is equal by equilibrium (Equation 5.80 and 5.108) or ii) when both the 

spandrels (left and right) yield at the same time (Equation 5.81 and 5.109). Regarding the 

shear failure of the spandrel, the EPM is given by the lowest spandrels shear strength, which 

results, from equilibrium, the same for both spandrels (Equation 5.83 and 5.111). 

To compute the capacity of the frame it is necessary to know the Equivalent Spandrel 

Moment (ESM). The formulations to define this parameter are reported in Tables 5.21 - 5.22, 

for the exterior/knee and for the interior/tee subassemblies, respectively. This parameter is 

calculated by the rotational equilibrium imposed about the joint centroid, following the same 
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approach adopted to define the EPM. The derived EPM and ESM formulations for the 

exterior and the knee subassemblies are equal. The same is obtained for the interior and the 

tee subassemblies, with the only distinction made on the definition of the pier length 𝑙𝑝. 

Table 5.15.   Equivalent Pier Moment (EPM) calculations for exterior joints. 

  

Horizontal shear force on the 

joint panel 
𝑉𝑗ℎ = 𝐶𝑠𝑝 − 𝑉𝑝 (5.59) 

Rotational equilibrium  𝑉𝑝𝑙𝑝 = 𝑉𝑠𝑝𝑙𝑠𝑝 (5.60)  

Spandrel shear 𝑉𝑠𝑝 =
𝑉𝑝𝑙𝑝

𝑙𝑠𝑝
(5.61)   

Pier moment at the joint panel 

interface 𝑀′
𝑝 = 𝑉𝑝𝑙′𝑝 (5.62) 

Spandrel moment at the joint 

panel interface 𝑀′
𝑠𝑝 = 𝑉𝑠𝑝𝑙′𝑠𝑝 = 𝐶𝑠𝑝𝑥𝑢 (5.63) 

Spandrel masonry compression 𝐶𝑠𝑝 =
𝑀′

𝑠𝑝

𝑥𝑢

=
𝑉𝑠𝑝𝑙

′
𝑠𝑝

𝑥𝑢

=
𝑉𝑝𝑙𝑝𝑙

′
𝑠𝑝

𝑙𝑠𝑝𝑥𝑢

(5.64) 

EPM for spandrel flexural 

capacity 𝑀′𝑝,𝑠𝑝𝑓 =
𝑙′𝑝𝑙𝑠𝑝

𝑙𝑝𝑙′𝑠𝑝
𝑀′𝑦,𝑠𝑝 (5.65) 

EPM for spandrel shear capacity 𝑀′𝑝,𝑠𝑝𝑠 = 𝑙𝑠𝑝
𝑙′𝑝

𝑙𝑝
𝑉𝑠𝑝 (5.66) 

Joint shear capacity 𝑉𝑗ℎ = 𝐶𝑠𝑝 − 𝑉𝑝 =
𝑉𝑝𝑙𝑝𝑙′𝑠𝑝

𝑙𝑠𝑝𝑥𝑢
− 𝑉𝑝 = 𝑉𝑝 [

𝑙𝑝𝑙′𝑠𝑝

𝑙𝑠𝑝𝑥𝑢
− 1] (5.67)   

Pier shear capacity 𝑉𝑝 =
𝑉𝑗ℎ

[
𝑙𝑝𝑙′𝑠𝑝

𝑙𝑠𝑝𝑥𝑢
−1]

(5.68)
   

EPM for joint shear capacity  𝑀′
𝑝,𝑗𝑠 = 𝑉𝑝𝑙′𝑝 =

𝑉𝑗ℎ𝑙′𝑝

[
𝑙𝑝𝑙

′
𝑠𝑝

𝑙𝑠𝑝𝑥𝑢
− 1]

(5.69)
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Table 5.16.   Equivalent Pier Moment (EPM) calculations for interior joints. 

 

Horizontal shear force on the 

joint panel 
𝑉𝑗ℎ = 𝐶𝑠𝑝,𝑟 + 𝑇𝑠𝑝,𝑙 − 𝑉𝑝 (5.70)  

Rotational equilibrium  𝑉𝑝𝑙𝑝 = 𝑉𝑠𝑝,𝑙𝑙𝑠𝑝,𝑙 + 𝑉𝑠𝑝,𝑟𝑙𝑠𝑝,𝑟 (5.71) 

Left spandrel shear 𝑉𝑠𝑝,𝑙 =
𝑉𝑝𝑙𝑝−𝑉𝑠𝑝,𝑟𝑙𝑠𝑝,𝑟

𝑙𝑠𝑝,𝑙
(5.72)   

Right spandrel shear 𝑉𝑠𝑝,𝑟 =
𝑉𝑝𝑙𝑝−𝑉𝑠𝑝,𝑙𝑙𝑠𝑝,𝑙

𝑙𝑠𝑝,𝑟
(5.73)   

Pier moment at the joint panel 

interface 𝑀′
𝑝 = 𝑉𝑝𝑙′𝑝 (5.74) 

Left spandrel moment at the joint 

panel interface 𝑀′𝑠𝑝,𝑙 = 𝑉𝑠𝑝,𝑙𝑙′𝑠𝑝,𝑙 = 𝑇𝑠𝑝,𝑙𝑥𝑢,𝑙 (5.75) 

Right spandrel moment at the 

joint panel interface 𝑀′𝑠𝑝,𝑟 = 𝑉𝑠𝑝,𝑟𝑙′𝑠𝑝,𝑟 = 𝐶𝑠𝑝,𝑟𝑥𝑢,𝑟 (5.76) 

Average right and left spandrel 

moments at the joint panel interface 𝑀′𝑠𝑝,𝑎𝑣 =
𝑀′𝑠𝑝,𝑙 + 𝑀′𝑠𝑝,𝑟

2
(5.77) 

Spandrel masonry compression 
𝐶𝑠𝑝,𝑟 = 𝑇𝑠𝑝,𝑙 =

𝑀′
𝑠𝑝,𝑎𝑣

𝑥𝑢

=
𝑉𝑠𝑝,𝑟𝑙

′
𝑠𝑝,𝑟

𝑥𝑢

(5.78) 

Relationship between pier and 

spandrel moments 𝑀′𝑝 =
𝑙′𝑝

𝑙𝑝
(𝑀′𝑠𝑝,𝑙

𝑙𝑠𝑝,𝑙

𝑙′𝑠𝑝,𝑙

+ 𝑀′𝑠𝑝,𝑟

𝑙𝑠𝑝,𝑟

𝑙′𝑠𝑝,𝑟

) (5.79) 

 

EPM for spandrel flexural 

capacity (1st spandrel is yielding) 𝑀′𝑝,𝑠𝑝𝑓 1𝑠𝑡 =
𝑙′𝑝

𝑙𝑝
(

𝑙𝑠𝑝,𝑙

𝑙′𝑠𝑝,𝑙

+
𝑙𝑠𝑝,𝑟

𝑙′𝑠𝑝,𝑟

)𝑀′𝑦,𝑠𝑝 1𝑠𝑡 (5.80) 

 

EPM for spandrel flexural 

capacity (both spandrels are yielding) 𝑀′𝑝,𝑠𝑝𝑓 𝑏𝑜𝑡ℎ =
𝑙′𝑝

𝑙𝑝
(𝑀′𝑦,𝑠𝑝,𝑙

𝑙𝑠𝑝,𝑙

𝑙′𝑠𝑝,𝑙

+ 𝑀′𝑦,𝑠𝑝,𝑟

𝑙𝑠𝑝,𝑟

𝑙′𝑠𝑝,𝑟

) (5.81) 
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Spandrel shear capacity in terms 

of the EPM 𝑀′𝑝 =
𝑙′𝑝

𝑙𝑝
(𝑉𝑠𝑝,𝑙 𝑙𝑠𝑝,𝑙 + 𝑉𝑠𝑝,𝑟 𝑙𝑠𝑝,𝑟) (5.82) 

EPM for spandrel shear capacity 𝑀′𝑝,𝑠𝑝𝑠 = (𝑙𝑠𝑝,𝑙 + 𝑙𝑠𝑝,𝑟)
𝑙′𝑝

𝑙𝑝
𝑉𝑠𝑝 1𝑠𝑡 (5.83) 

Joint shear capacity 𝑉𝑗ℎ = 2𝐶𝑠𝑝,𝑟 − 𝑉𝑝 =
2𝑙𝑝𝑉𝑝

(
𝑙𝑠𝑝,𝑙

𝑙′𝑠𝑝,𝑙
+

𝑙𝑠𝑝,𝑟

𝑙′𝑠𝑝,𝑟
)𝑥𝑢

− 𝑉𝑝 (5.84)
   

Pier shear capacity 
𝑉𝑝 =

𝑉𝑗ℎ

[
 
 
 

2𝑙𝑝

(
𝑙𝑠𝑝,𝑙
𝑙′𝑠𝑝,𝑙

+
𝑙𝑠𝑝,𝑟
𝑙′𝑠𝑝,𝑟

)𝑥𝑢

−1

]
 
 
 

(5.85)

   

EPM for joint shear capacity 
𝑀′

𝑝,𝑗𝑠 = 𝑉𝑝𝑙′𝑝 =
𝑉𝑗ℎ𝑙′𝑝

2𝑙𝑝

(
𝑙𝑠𝑝,𝑙

𝑙′𝑠𝑝,𝑙
+

𝑙𝑠𝑝,𝑟

𝑙′𝑠𝑝,𝑟
) 𝑥𝑢

− 1

(5.86)

 

*𝑙′𝑝, for simplicity, is assumed as 𝑙′𝑝 = 𝑎𝑣𝑔(𝑙′𝑝,𝑡𝑜𝑝, 𝑙′𝑝,𝑏𝑜𝑡); 𝑀′𝑝,𝑠𝑝𝑓 1𝑠𝑡 is the EPM corresponding to the first 

beam yields; 𝑀′𝑦,𝑠𝑝 1𝑠𝑡 is the lowest yielding moment of the left or the right spandrel; 𝑀′𝑝,𝑠𝑝𝑓 𝑏𝑜𝑡ℎ is the EPM 

corresponding to the formation of both spandrel plastic hinges; 𝑀′𝑦,𝑠𝑝,𝑙 and 𝑀′𝑦,𝑠𝑝,𝑟 are the yielding 

moments of the left and the right spandrels, respectively; 𝑀′𝑝,𝑠𝑝𝑠 is the EPM corresponding to the shear 

failure of the spandrels; 𝑉𝑠𝑝 1𝑠𝑡 is the lowest shear strength between that of the left and the right spandrel. 
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Table 5.17.   Equivalent Pier Moment (EPM) calculations for knee joints. 

  

 

Horizontal shear force on the 

joint panel 
𝑉𝑗ℎ = 𝐶𝑠𝑝 − 𝑉𝑝 (5.87) 

Rotational equilibrium  𝑉𝑝𝑙𝑝 = 𝑉𝑠𝑝𝑙𝑠𝑝 (5.88)  

Spandrel shear 𝑉𝑠𝑝 =
𝑉𝑝𝑙𝑝

𝑙𝑠𝑝
(5.89)   

Pier moment at the joint panel 

interface 𝑀′
𝑝 = 𝑉𝑝𝑙′𝑝 (5.90) 

Spandrel moment at the joint 

panel interface 𝑀′
𝑠𝑝 = 𝑉𝑠𝑝𝑙′𝑠𝑝 = 𝐶𝑠𝑝𝑥𝑢 (5.91) 

Spandrel masonry compression 𝐶𝑠𝑝 =
𝑀′

𝑠𝑝

𝑥𝑢

=
𝑉𝑠𝑝𝑙

′
𝑠𝑝

𝑥𝑢

=
𝑉𝑝𝑙𝑝𝑙

′
𝑠𝑝

𝑙𝑠𝑝𝑥𝑢

(5.92) 

EPM for spandrel flexural 

capacity 𝑀′𝑝,𝑠𝑝𝑓 =
𝑙′𝑝𝑙𝑠𝑝

𝑙𝑝𝑙′𝑠𝑝
𝑀′𝑦,𝑠𝑝 (5.93) 

EPM for spandrel shear capacity 𝑀′𝑝,𝑠𝑝𝑠 = 𝑙𝑠𝑝
𝑙′𝑝

𝑙𝑝
𝑉𝑠𝑝 (5.94) 

Joint shear capacity 𝑉𝑗ℎ = 𝐶𝑠𝑝 − 𝑉𝑝 =
𝑉𝑝𝑙𝑝𝑙′𝑠𝑝

𝑙𝑠𝑝𝑥𝑢
− 𝑉𝑝 = 𝑉𝑝 [

𝑙𝑝𝑙′𝑠𝑝

𝑙𝑠𝑝𝑥𝑢
− 1] (5.95)   

Pier shear capacity 𝑉𝑝 =
𝑉𝑗ℎ

[
𝑙𝑝𝑙′𝑠𝑝

𝑙𝑠𝑝𝑥𝑢
−1]

(5.96)
   

EPM for joint shear capacity  𝑀′
𝑝,𝑗𝑠 = 𝑉𝑝𝑙′𝑝 =

𝑉𝑗ℎ𝑙′𝑝

[
𝑙𝑝𝑙

′
𝑠𝑝

𝑙𝑠𝑝𝑥𝑢
− 1]

(5.97)
 

*𝑀′𝑦,𝑠𝑝 is the yielding moment of the spandrel, that substitutes the spandrel moment 𝑀′𝑠𝑝, to reach the EPM 

(𝑀′𝑝,𝑠𝑝𝑓); 𝑉𝑠𝑝 is the shear strength of the spandrel. 
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Table 5.18.   Equivalent Pier Moment (EPM) calculations for tee joints. 

 

Horizontal shear force on the 

joint panel 
𝑉𝑗ℎ = 𝐶𝑠𝑝,𝑟 + 𝑇𝑠𝑝,𝑙 − 𝑉𝑝 (5.98)  

Rotational equilibrium  𝑉𝑝𝑙𝑝 = 𝑉𝑠𝑝,𝑙𝑙𝑠𝑝,𝑙 + 𝑉𝑠𝑝,𝑟𝑙𝑠𝑝,𝑟 (5.99) 

Left spandrel shear 𝑉𝑠𝑝,𝑙 =
𝑉𝑝𝑙𝑝−𝑉𝑠𝑝,𝑟𝑙𝑠𝑝,𝑟

𝑙𝑠𝑝,𝑙
(5.100)   

Right spandrel shear 𝑉𝑠𝑝,𝑟 =
𝑉𝑝𝑙𝑝−𝑉𝑠𝑝,𝑙𝑙𝑠𝑝,𝑙

𝑙𝑠𝑝,𝑟
(5.101)   

Pier moment at the joint panel 

interface 𝑀′
𝑝 = 𝑉𝑝𝑙′𝑝 (5.102) 

Left spandrel moment at the joint 

panel interface 𝑀′𝑠𝑝,𝑙 = 𝑉𝑠𝑝,𝑙𝑙′𝑠𝑝,𝑙 = 𝑇𝑠𝑝,𝑙𝑥𝑢,𝑙 (5.103) 

Right spandrel moment at the 

joint panel interface 𝑀′𝑠𝑝,𝑟 = 𝑉𝑠𝑝,𝑟𝑙′𝑠𝑝,𝑟 = 𝐶𝑠𝑝,𝑟𝑥𝑢,𝑟 (5.104) 

Average right and left spandrel 

moments at the joint panel interface 𝑀′𝑠𝑝,𝑎𝑣 =
𝑀′𝑠𝑝,𝑙 + 𝑀′𝑠𝑝,𝑟

2
(5.105) 

Spandrel masonry compression 
𝐶𝑠𝑝,𝑟 = 𝑇𝑠𝑝,𝑙 =

𝑀′
𝑠𝑝,𝑎𝑣

𝑥𝑢

=
𝑉𝑠𝑝,𝑟𝑙

′
𝑠𝑝,𝑟

𝑥𝑢

(5.106) 

Relationship between pier and 

spandrel moments 𝑀′𝑝 =
𝑙′𝑝

𝑙𝑝
(𝑀′𝑠𝑝,𝑙

𝑙𝑠𝑝,𝑙

𝑙′𝑠𝑝,𝑙

+ 𝑀′𝑠𝑝,𝑟

𝑙𝑠𝑝,𝑟

𝑙′𝑠𝑝,𝑟

) (5.107) 

 

EPM for spandrel flexural 

capacity (1st spandrel is yielding) 𝑀′𝑝,𝑠𝑝𝑓 1𝑠𝑡 =
𝑙′𝑝

𝑙𝑝
(

𝑙𝑠𝑝,𝑙

𝑙′𝑠𝑝,𝑙

+
𝑙𝑠𝑝,𝑟

𝑙′𝑠𝑝,𝑟

)𝑀′𝑦,𝑠𝑝 1𝑠𝑡 (5.108) 

 

EPM for spandrel flexural 

capacity (both spandrels are yielding) 𝑀′𝑝,𝑠𝑝𝑓 𝑏𝑜𝑡ℎ =
𝑙′𝑝

𝑙𝑝
(𝑀′𝑦,𝑠𝑝,𝑙

𝑙𝑠𝑝,𝑙

𝑙′𝑠𝑝,𝑙

+ 𝑀′𝑦,𝑠𝑝,𝑟

𝑙𝑠𝑝,𝑟

𝑙′𝑠𝑝,𝑟

) (5.109) 

 

Spandrel shear capacity in terms 

of the EPM 𝑀′𝑝 =
𝑙′𝑝

𝑙𝑝
(𝑉𝑠𝑝,𝑙 𝑙𝑠𝑝,𝑙 + 𝑉𝑠𝑝,𝑟 𝑙𝑠𝑝,𝑟) (5.110) 
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EPM for spandrel shear capacity 𝑀′𝑝,𝑠𝑝𝑠 = (𝑙𝑠𝑝,𝑙 + 𝑙𝑠𝑝,𝑟)
𝑙′𝑝

𝑙𝑝
𝑉𝑠𝑝 1𝑠𝑡 (5.111) 

Joint shear capacity 𝑉𝑗ℎ = 2𝐶𝑠𝑝,𝑟 − 𝑉𝑝 =
2𝑙𝑝𝑉𝑝

(
𝑙𝑠𝑝,𝑙

𝑙′𝑠𝑝,𝑙
+

𝑙𝑠𝑝,𝑟

𝑙′𝑠𝑝,𝑟
)𝑥𝑢

− 𝑉𝑝 (5.112)
   

Pier shear capacity 
𝑉𝑝 =

𝑉𝑗ℎ

[
 
 
 

2𝑙𝑝

(
𝑙𝑠𝑝,𝑙
𝑙′𝑠𝑝,𝑙

+
𝑙𝑠𝑝,𝑟
𝑙′𝑠𝑝,𝑟

)𝑥𝑢

−1

]
 
 
 

(5.113)

   

EPM for joint shear capacity 
𝑀′

𝑝,𝑗𝑠 = 𝑉𝑝𝑙′𝑝 =
𝑉𝑗ℎ𝑙′𝑝

2𝑙𝑝

(
𝑙𝑠𝑝,𝑙

𝑙′𝑠𝑝,𝑙
+

𝑙𝑠𝑝,𝑟

𝑙′𝑠𝑝,𝑟
)𝑥𝑢

− 1

(5.114)

 

*𝑀′𝑝,𝑠𝑝𝑓 1𝑠𝑡 is the EPM corresponding to the first beam yields; 𝑀′𝑦,𝑠𝑝 1𝑠𝑡 is the lowest yielding moment of the 

left or the right spandrel; 𝑀′𝑝,𝑠𝑝𝑓 𝑏𝑜𝑡ℎ is the EPM corresponding to the formation of both spandrel plastic 

hinges; 𝑀′𝑦,𝑠𝑝,𝑙 and 𝑀′𝑦,𝑠𝑝,𝑟 are the yielding moments of the left and the right spandrels, respectively; 𝑀′𝑝,𝑠𝑝𝑠 

is the EPM corresponding to the shear failure of the spandrels; 𝑉𝑠𝑝 1𝑠𝑡 is the lowest shear strength between 

that of the left and the right spandrel. 
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Table 5.19.   Summary of the Equivalent Pier Moment (EPM) formulations for exterior and knee joints. 

 

 

 

 

 

Top pier flexure 𝑀′𝑦,𝑝 𝑡𝑜𝑝 

Bottom pier flexure 𝑀′𝑦,𝑝 𝑏𝑜𝑡 

Pier shear 𝑙𝑝,𝑡𝑜𝑝
′ 𝑉𝑝 𝑡𝑜𝑝 (or bot) 

Spandrel flexure 
𝑙′𝑝𝑙𝑠𝑝

𝑙𝑝𝑙′𝑠𝑝
𝑀′𝑦,𝑠𝑝 

Spandrel shear 𝑙𝑠𝑝
𝑙′𝑝

𝑙𝑝
𝑉𝑠𝑝 

Joint shear 

𝑉𝑗ℎ𝑙
′
𝑝

[
𝑙𝑝𝑙′𝑠𝑝
𝑙𝑠𝑝𝑥𝑢

− 1]
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Table 5.20.   Summary of the Equivalent Pier Moment (EPM) formulations for interior and tee joints. 

 

 

 

 

 

Top pier 

flexure 
𝑀′𝑦,𝑝 𝑡𝑜𝑝 

Bottom pier 

flexure 
𝑀′𝑦,𝑝 𝑏𝑜𝑡 

Pier shear 𝑙𝑝,𝑡𝑜𝑝
′ 𝑉𝑝 𝑡𝑜𝑝 (or bot) 

Left spandrel 

flexure 

𝑙′𝑝

𝑙𝑝
(
𝑙𝑠𝑝,𝑙

𝑙′𝑠𝑝,𝑙

+
𝑙𝑠𝑝,𝑟

𝑙′𝑠𝑝,𝑟

)𝑀′𝑦,𝑠𝑝,𝑙 

Right spandrel 

flexure 

𝑙′𝑝

𝑙𝑝
(
𝑙𝑠𝑝,𝑙

𝑙′𝑠𝑝,𝑙

+
𝑙𝑠𝑝,𝑟

𝑙′𝑠𝑝,𝑟

)𝑀′𝑦,𝑠𝑝,𝑟 

Both spandrels 

flexure 

𝑙′𝑝

𝑙𝑝
(𝑀′𝑦,𝑠𝑝,𝑙

𝑙𝑠𝑝,𝑙

𝑙′𝑠𝑝,𝑙

+ 𝑀′𝑦,𝑠𝑝,𝑟

𝑙𝑠𝑝,𝑟

𝑙′𝑠𝑝,𝑟

) 

Spandrel 

shear 
𝑙𝑠𝑝

𝑙𝑝
′

𝑙𝑝
𝑉𝑠𝑝 1𝑠𝑡 

Joint shear 

𝑉𝑗ℎ𝑙′𝑝
2𝑙𝑝

(
𝑙𝑠𝑝,𝑙

𝑙′𝑠𝑝,𝑙
+

𝑙𝑠𝑝,𝑟

𝑙′𝑠𝑝,𝑟
)𝑥𝑢

− 1
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Table 5.21.   Summary of the Equivalent Spandrel Moment (ESM) formulations for exterior and knee 

joints. 

 

 

 

 

 

Top pier flexure 
𝑙𝑝𝑙′𝑠𝑝

𝑙′𝑝,𝑡𝑜𝑝𝑙𝑠𝑝
𝑀𝑦,𝑝 𝑡𝑜𝑝 

Bottom pier flexure 
𝑙𝑝𝑙′𝑠𝑝

𝑙′𝑝,𝑏𝑜𝑡𝑙𝑠𝑝
𝑀𝑦,𝑝 𝑏𝑜𝑡 

Pier shear 𝑙𝑝,𝑡𝑜𝑝𝑉𝑝 𝑡𝑜𝑝 (or bot) 

Spandrel flexure 
𝑙𝑠𝑝

𝑙′𝑠𝑝
𝑀′𝑦,𝑠𝑝 

Spandrel shear 𝑙𝑠𝑝𝑉𝑠𝑝 

Joint shear 

𝑉𝑗ℎ

[
1
𝑥𝑢

−
𝑙𝑠𝑝

𝑙𝑝𝑙′𝑠𝑝
]
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Table 5.22.   Summary of the Equivalent Spandrel Moment (ESM) formulations for interior and tee 

joints. 

 

 

 

 

 

Top pier 

flexure 

𝑙𝑝𝑙′𝑠𝑝

2𝑙′𝑝,𝑡𝑜𝑝𝑙𝑠𝑝
𝑀𝑦,𝑝 𝑡𝑜𝑝 

Bottom pier 

flexure 

𝑙𝑝𝑙′𝑠𝑝

2𝑙′𝑝,𝑏𝑜𝑡𝑙𝑠𝑝
𝑀𝑦,𝑝 𝑏𝑜𝑡 

Pier shear 
𝑙𝑝

2
𝑉𝑝 𝑡𝑜𝑝 (or bot) 

Left spandrel 

flexure 

𝑙𝑠𝑝,𝑙

𝑙′𝑠𝑝,𝑙

𝑀′𝑦,𝑠𝑝,𝑙 

Right spandrel 

flexure 

𝑙𝑠𝑝,𝑟

𝑙′𝑠𝑝,𝑟

𝑀′𝑦,𝑠𝑝,𝑟 

Both spandrels 

flexure 
𝑎𝑣𝑔 (𝑀′𝑦,𝑠𝑝,𝑙

𝑙𝑠𝑝,𝑙

𝑙′𝑠𝑝,𝑙

+ 𝑀′𝑦,𝑠𝑝,𝑟

𝑙𝑠𝑝,𝑟

𝑙′𝑠𝑝,𝑟

) 

Spandrel 

shear 
𝑙𝑠𝑝𝑉𝑠𝑝 1𝑠𝑡 

Joint shear 

𝑉𝑗ℎ

2
𝑥𝑢

−
1

𝑙𝑝 (
𝑙𝑠𝑝,𝑙

𝑙′𝑠𝑝,𝑙
+

𝑙𝑠𝑝,𝑟

𝑙′𝑠𝑝,𝑟
) 𝑥𝑢
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5.4.3.3 Seismic demand in terms of axial load variation  

In this Section, the axial load variation on the piers, due to the coupling effect of the 

spandrel during the lateral sway, is taken into account and introduced in the M-N 

performance domain, adopting a relationship between the axial load and the moment of the 

top pier at the joint panel interface. Following the formulation suggested in the NZSEE 

guidelines (NZSEE 2017a) for RC structures, derived from the equilibrium considerations at 

frame level proposed in Kam (2010), Pampanin et al. (2007) and Tasligedik et al. (2016), the 

seismic demand can be adapted to URM buildings, through Equation 5.115: 

𝑁 = 𝑁𝑔 ± 𝛼𝐹 = 𝑁𝑔 ± 𝛼
𝐹

𝑉𝑝,𝑒𝑥𝑡
𝑉𝑝,𝑒𝑥𝑡 (5.115) 

where 𝑁𝑔 is the gravity axial load acting on the subassembly; 𝛼 is a coefficient given by     

𝛼 = 2𝐻𝑡𝑜𝑡 3𝐿⁄ , where 𝐻𝑡𝑜𝑡 and 𝐿 are the height and the length of the frame, respectively; 

𝑉𝑝,𝑒𝑥𝑡 is the exterior pier shear that can be defined from the exterior pier moment 𝑀𝑝,𝑒𝑥𝑡 and 

the exterior pier cantilever height 𝑙𝑝, measured from the contra-flexure point to the joint 

centroid, as 𝑉𝑝,𝑒𝑥𝑡 = 𝑀𝑝,𝑒𝑥𝑡 𝑙𝑝⁄ ; 𝐹 𝑉𝑝,𝑒𝑥𝑡⁄  depends on the column shear distribution and is 

assumed equal to the number of the piers 𝑛𝑝𝑖𝑒𝑟𝑠 in the frame; 𝐹 represents the equivalent 

seismic load (or global shear strength), assumed to be applied at 2 3⁄  of 𝐻𝑡𝑜𝑡 (considering a 

linear force profile).  

The NZSEE guidelines (NZSEE 2017a) suggest to use Equation 5.115 for the exterior 

columns (hence the piers in case of URM buildings), and it is valid for the calculation of the 

coefficient 𝛼 for an exterior subassembly on the first floor. For the interior ones, the variation 

of axial load induced by lateral forces is generally smaller. It can be assumed as zero if the 

length and the strength of the left and right spandrels are equal. Otherwise, assuming the 

linear distribution of the axial load variation on the piers, referring to Figure 5.32, the seismic 

demand in the interior piers can be defined following Equation 5.116. 

𝛥𝑁𝑖𝑛𝑡,𝑥 = 𝛥𝑁 (1 −
2𝑥

𝐿
) (5.116) 

where 𝛥𝑁 is the variation of axial load in the exterior piers; 𝑥 is the distance between the 

interior and the exterior pier; 𝐿 is the total length of the frame. 
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As an approximation for simplifying the procedure, the variation of the axial load in the 

interior pier-spandrel joints can be neglected or assumed equal to 10-20% of the axial load 

(NZSEE 2017a). 

 

Figure 5.32.   Schematization of the linear distribution of the piers axial load variation. 

In Equation 5.117 is reported the definition of the OverTurning Moment (OTM), given by 

the sum of two contributions: i) the moment derived by the rocking mechanism in the piers 

due to the seismic axial load (𝛥𝑁𝐿) and ii) the moments of the piers at the base of the frame 

(∑𝑀𝑝). By neglecting the second contribution (generally much lower with respect to the 

other), the variation of axial load can be expressed as Equation 5.118, thus obtaining     

𝛥𝑁 = 𝛼𝐹. 

𝑂𝑇𝑀 =
2

3
𝐻𝑡𝑜𝑡𝐹 = ∑𝑀𝑝 + 𝛥𝑁𝐿 (5.117) 

𝛥𝑁 =
2𝐻𝑡𝑜𝑡

3𝐿
𝐹 (5.118) 

Regarding the ratio of the equivalent seismic load 𝐹 to the shear of the exterior pier 

𝑉𝑝,𝑒𝑥𝑡, it refers to a simplified equilibrium consideration, related to Figure 5.33. By assuming a 

pier contra flexure point at 2 3⁄  of the pier height ℎ𝑝, the exterior and interior piers moment 

and the corresponding shear can be calculated according to Equations 5.119 - 5.122. 
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𝑀𝑝,𝑒𝑥𝑡
𝑡𝑜𝑝

=
2

3
𝑀𝑝,𝑒𝑥𝑡

𝑏𝑜𝑡 (5.119) 

𝑀𝑝,𝑖𝑛𝑡
𝑡𝑜𝑝

=
2

3
𝑀𝑝,𝑖𝑛𝑡

𝑏𝑜𝑡 (5.120) 

𝑉𝑝,𝑒𝑥𝑡=
𝑀𝑝,𝑒𝑥𝑡

𝑡𝑜𝑝
+ 𝑀𝑝,𝑒𝑥𝑡

𝑏𝑜𝑡

ℎ𝑝
=

5

2

𝑀𝑝,𝑒𝑥𝑡
𝑏𝑜𝑡

ℎ𝑝
(5.121) 

𝑉𝑝,𝑖𝑛𝑡=
𝑀𝑝,𝑖𝑛𝑡

𝑡𝑜𝑝
+ 𝑀𝑝,𝑖𝑛𝑡

𝑏𝑜𝑡

ℎ𝑝
=

5

2

𝑀𝑝,𝑖𝑛𝑡
𝑏𝑜𝑡

ℎ𝑝
(5.122) 

where 𝑀𝑝,𝑒𝑥𝑡
𝑡𝑜𝑝

 and 𝑀𝑝,𝑒𝑥𝑡
𝑏𝑜𝑡  are the moments of the exterior top and bottom base piers, 

respectively; 𝑀𝑝,𝑖𝑛𝑡
𝑡𝑜𝑝

 and 𝑀𝑝,𝑖𝑛𝑡
𝑏𝑜𝑡  are the moments of the interior top and bottom base piers, 

respectively; 𝑉𝑝,𝑖𝑛𝑡 is the shear of the interior piers. 

Then, according to the procedure proposed by Kam (2010), two different pier shear 

distributions can be considered, with respect to the possible failure mechanisms expected to 

occur at the exterior subassemblies: i) an inelastic mechanism as joint shear failure, pier 

flexural/shear failure or spandrel shear failure, which does not allow the moment 

redistribution and ii) the interior joint shear failure or the formation of the plastic hinge to the 

spandrel. In the first case (i), the shear and the moments of the base exterior and interior 

piers are the same (𝑉𝑝,𝑒𝑥𝑡 = 𝑉𝑝,𝑖𝑛𝑡), and hence the equivalent seismic load 𝐹 is given by 

Equation 5.123. From this, the ratio 𝐹 𝑉𝑝,𝑒𝑥𝑡⁄  can be obtained (Equation 5.124). 

𝐹 = ∑𝑉𝑝 = 2𝑉𝑝,𝑒𝑥𝑡 + (𝑛𝑝𝑖𝑒𝑟𝑠 − 2)𝑉𝑝,𝑖𝑛𝑡 = 𝑛𝑝𝑖𝑒𝑟𝑠𝑉𝑝,𝑒𝑥𝑡 (5.123) 

𝐹

𝑉𝑝,𝑒𝑥𝑡
=

𝑛𝑝𝑖𝑒𝑟𝑠𝑉𝑝,𝑒𝑥𝑡

𝑉𝑝,𝑒𝑥𝑡
= 𝑛𝑝𝑖𝑒𝑟𝑠 (5.124) 

In the second case (ii), the distribution of the shear of the base pier can be approximated 

by assuming 𝑉𝑐,𝑖𝑛𝑡 = 2𝑉𝑝,𝑒𝑥𝑡 and hence 𝑀𝑝,𝑖𝑛𝑡
𝑡𝑜𝑝

= 2𝑀𝑝,𝑒𝑥𝑡
𝑏𝑜𝑡 . As a consequence, the equivalent 

seismic load 𝐹 and the ratio 𝐹 𝑉𝑝,𝑒𝑥𝑡⁄  can be expressed through Equations 5.125 - 5.126. 

𝐹 = 2𝑉𝑝,𝑒𝑥𝑡 + (𝑛𝑝𝑖𝑒𝑟𝑠 − 2)𝑉𝑝,𝑖𝑛𝑡 = (2𝑛𝑝𝑖𝑒𝑟𝑠 − 2)𝑉𝑝,𝑒𝑥𝑡 (5.125) 



Chapter 5. The SLaMA-URM method 

 

181 

 

𝐹

𝑉𝑝,𝑒𝑥𝑡
=

(2𝑛𝑝𝑖𝑒𝑟𝑠 − 2)𝑉𝑝,𝑒𝑥𝑡

𝑉𝑝,𝑒𝑥𝑡
= 2𝑛𝑝𝑖𝑒𝑟𝑠 − 2 (5.126) 

 

Figure 5.33.   Simplified equilibrium of a frame system (adapted from Gentile, 2017). 

These formulations can be considered valid only for the subassemblies on the first floor. 

For those at the upper floors, for which a lower variation of axial load 𝛥𝑁𝑖 is expected, the 

procedure proposed in Gentile (2017) can be adopted. It is based on a simplified equilibrium 

formulation of a portion of the frame from the floor 𝑖 to the top of the building (Figure 5.34). 

Assuming a linear inertia force profile, 𝛥𝑁𝑖 can be expressed through Equation 5.127, 

adopting the parameter 𝜆2 (Equation 5.128) that is a function of 𝑖 th level and the number of 

the total levels 𝑛 of the frame. 

𝛥𝑁𝑖 =
∑ 𝐹𝑗

𝑛
𝑗=𝑖 (𝐻𝑗 − 𝐻𝑖−1)

𝐿
=

∑
2𝐹𝐻𝑗

2

𝐻(𝑛 + 1)𝑛
𝑛
𝑗=𝑖

𝐿
=

2𝐹𝐻

𝐿
𝜆2 (5.127)

 

𝜆2 =
1

(𝑛 + 1)𝑛
(
𝑛(𝑛 + 1)(2𝑛 + 1) − 𝑖(𝑖 − 1)(2𝑖 − 1)

6
− (𝑖 − 1)

𝑛(𝑛 + 1) − 𝑖(𝑖 − 1)

2
) (5.128) 

where 𝐻𝑗 and 𝐹𝑗 are the height of the 𝑗 th level (measured from the ground) and the force at 

the same level; 𝐻 is the inter-storey height; 𝐿 is the total length of the frame. 
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Figure 5.34.   Simplified equilibrium of a frame system focusing on the i-storey (adapted from Gentile, 

2017). 

Alternatively, the variation of the axial load of the exterior piers located at the floors 

above the first one can be calculated assuming the approximation of linear force profile 

starting from the considered floor, and not from the ground. It means adopting the same 

expression for the piers at the first floor (Equation 5.118), but substituting the total height of 

the frame 𝐻𝑡𝑜𝑡 with the height of the frame from the considered floor (𝐻𝑡𝑜𝑡 − 𝐻𝑖). The 

approximated seismic demand in the exterior piers at the upper floors can be calculated by 

Equation 5.129:  

𝛥𝑁 =
2(𝐻𝑡𝑜𝑡 − 𝐻𝑖)

3𝐿
𝐹 (5.129) 

For the interior piers at the same upper levels, Equation 5.116 can be adopted, or 

eventually, the simplification provided in NZSEE (2017a), i.e. assuming a variation of 10-20% 

of the axial load. 

5.4.3.4 M-N performance domain  

From the URM components, strength calculations defined in Section 5.4.3.1 and 5.4.3.2 

and the seismic demand calculation outlined in Section 5.4.3.3, the M-N performance domain 

at each subassembly level can be obtained. In this diagram, the capacity of the failure 

mechanisms of the structural components are compared, and by the intersection with the 
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seismic demand, the subassembly sequence of events can be defined. The lower capacity in 

terms of EPM identifies the crisis mechanism expected to occur and represents the strength 

of the whole subassembly. An example of the performance domain is shown in Figure 5.35. 

Detailed calculations are reported in Appendix A.2. 

As observed in Figure 5.35, in the push and pull directions (pier axial load decreasing 

and increasing, respectively), the weakest component mechanism is the spandrel shear 

failure, hence the strength of the subassembly is related to the EPM corresponding to this 

mechanism. It is observed that both the flexural and shear capacity of the spandrel can be 

considered as independent of the axial load applied to the piers, hence the spandrel moment 

capacity in the M-N performance domain is assumed to be constant.  

 

Figure 5.35.   M-N performance domains of a knee pier-spandrel joint subassembly. 

5.4.4 Analysis at global level 

From the strength of each subassembly of the frame, the probable plastic mechanism 

expected to occur can be defined and the corresponding capacity can be calculated.  

Following the suggestion from the SLaMA method in the NZSEE guidelines (NZSEE 

2017a), the force-displacement capacity curve of the structure can be defined assuming 

three different plastic mechanisms, which are the most probable ones that can occur in a 

frame. In Figure 5.36, the schematization of the capacity curves adapted to the URM cases 

are shown, with reference to the following plastic mechanisms: 
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• the Spandrel-Sway mechanism. It is assumed the development of the spandrels 

plastic hinges at each level of the frame and of the piers at the base. It 

represents the upper bound of the lateral load capacity of the frame and the 

preferred mechanism in the retrofitting since it respects the capacity design 

provisions; 

• the Mixed-Sway mechanism. It can be defined from the hierarchy of strength in 

each subassembly of the frame and represents the plastic mechanism expected 

to occur; 

• the Pier-Sway mechanism. It is assumed the development of a soft-storey 

mechanism, hence the formation of plastic hinges at the piers located at a given 

level of the frame. Generally, but not always (i.e. see Del Vecchio et al., 2017) 

for the case of the Column-Sway mechanism), it represents the lower bound of 

the lateral load capacity of the frame. 

 

Figure 5.36.   Lateral load capacity versus displacement for different global mechanisms: Spandrel-

Sway, Mixed-Sway and Pier-Sway. 

For these three plastic mechanisms, the base shear 𝑉𝑏 can be obtained by the 

OverTurning Moment (𝑂𝑇𝑀) and an effective height 𝐻𝑒𝑓𝑓 of the frame (to which the seismic 

force is supposed to be applied), according to a simplified approach based on the global 
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equilibrium, as suggested in Priestley et al. (2007). Furthermore, the displacement capacity 

can be identified from the rotation capacity of the URM components. The assumed plastic 

mechanism defines the involved parameters and changes the way to calculate the base 

shear-displacement bilinear relationships. The Spandrel-Sway, Mixed-Sway and Pier-Sway 

mechanisms are outlined in Sections 5.4.4.1, 5.4.4.2 and 5.4.4.3, respectively. 

5.4.4.1 Spandrel-Sway mechanism 

The Spandrel-Sway mechanism corresponds to the situation in which at each 

subassembly of the frame the spandrel plastic hinge is developed and represents the 

maximum performance level achieved by the frame in case of retrofitting.  

The base shear strength 𝑉𝑏
𝑆𝑆 of the frame can be derived from the OverTurning Moment 

𝑂𝑇𝑀𝑆𝑆 that can be calculated using a global equilibrium approach by including two 

contributions (Equations 5.130 - 5.131): (1) the bending moment at the base of the piers and 

(2) the push-pull overall moment due to the coupling of shear forces at the spandrel-end (a 

rocking mechanism). It is worth mentioning that in these expressions, it is assumed that the 

spandrels of the same level are the same such as their moment capacity, hence neglecting 

the variation of axial load in the interior piers. Moreover, the choice of the left or right exterior 

spandrels to define the second contribution of 𝑂𝑇𝑀𝑆𝑆 changes considerably the results. To 

this aim, the calculation for both cases has to be computed and the average considered. 

𝑂𝑇𝑀𝑆𝑆 = ∑𝑀𝑝,𝑦 𝑗

𝑗

+ (∑𝑉𝑒𝑛𝑑 𝑠𝑝,𝑖

𝑖

)𝐿 (5.130) 

∑𝑉𝑒𝑛𝑑 𝑠𝑝,𝑖

𝑖

= ∑
𝑀𝑠𝑝,𝑦 𝑙𝑒𝑓𝑡 𝑖 + 𝑀𝑠𝑝,𝑦 𝑟𝑖𝑔ℎ𝑡 𝑖

𝐿𝑠𝑝
𝑒𝑥𝑡

𝑖

(5.131) 

where 𝑀𝑝,𝑦 𝑗 is the “yield” moment of the jth pier at the base; 𝑉𝑒𝑛𝑑 𝑠𝑝,𝑖 is the shear force in the 

exterior spandrel at the ith storey; 𝐿 is the total length of the frame; 𝑀𝑠𝑝,𝑦 𝑙𝑒𝑓𝑡 𝑖 and 𝑀𝑠𝑝,𝑦 𝑟𝑖𝑔ℎ𝑡 𝑖 

are the “yield” moments of the left and right exterior spandrel cross-section at the ith storey, 

respectively; 𝐿𝑠𝑝
𝑒𝑥𝑡 is the length of the exterior spandrel. 

The 𝑂𝑇𝑀𝑆𝑆 is then dividing by the effective height of the frame 𝐻𝑒𝑓𝑓
𝑆𝑆 , which identifies the 

point in which the seismic force is supposed to be applied. This parameter depends on the 
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contribution of the two resisting terms in the 𝑂𝑇𝑀𝑆𝑆 expression. Following the main steps of 

the Displacement Based Design approach presented in DBD09 Model Code (Calvi and 

Sullivan, 2009) and then simplified in Sullivan et al. (2012), it is possible to define the 

spandrels contribution (a rocking mechanism) in the 𝑂𝑇𝑀𝑆𝑆 through the parameter 𝛽𝐹 

(Equation 5.132), and the ratio between the effective height 𝐻𝑒𝑓𝑓
𝑆𝑆  and the total height 𝐻 of the 

frame according to Equation 5.133. Once obtained 𝐻𝑒𝑓𝑓
𝑆𝑆 , the base shear can be calculated 

(Equation 5.134). Alternatively, an approximated and “fixed” effective height 𝐻𝑒𝑓𝑓
𝑆𝑆  equal to 

two-thirds of the total height (2/3𝐻) can be considered. 

𝛽𝐹 =
𝑀𝛥𝑁

𝑆𝑆

𝑂𝑇𝑀𝑆𝑆
(5.132) 

𝐻𝑒𝑓𝑓
𝑆𝑆

𝐻
=

√9 − 8𝛽𝐹 − 1

𝑛0.25
(5.133) 

𝑉𝑏
𝑆𝑆 =

𝑂𝑇𝑀𝑆𝑆

𝐻𝑒𝑓𝑓
𝑆𝑆 (5.134) 

where 𝑀𝛥𝑁
𝑆𝑆  is the moment resisting contribution due to the coupling of the shear forces at the 

spandrel-end, or rocking mechanism (𝑀𝛥𝑁
𝑆𝑆 = ∑ 𝑉𝑒𝑛𝑑 𝑠𝑝,𝑖𝑖 𝐿); 𝑛 is the total number of floors. 

In Figure 5.37, hypothesizing a push direction of the seismic load (i.e. assuming an 

increase of the seismic axial load in the right pier and a decrease in the left one), the 

parameters for the calculation of the OverTurning Moment 𝑂𝑇𝑀𝑆𝑆 are schematized. 

The “yield” 𝛥𝑦
𝑆𝑆 and the ultimate 𝛥𝑢

𝑆𝑆 displacement of the frame at the effective height 

𝐻𝑒𝑓𝑓
𝑆𝑆  are calculated from the minimum “yield” 𝜃𝑦,𝑚𝑖𝑛

𝑆𝑆  and ultimate 𝜃𝑢,𝑚𝑖𝑛
𝑆𝑆  drift among all the 

spandrels and the piers at the base, as reported in Equations 5.135 - 5.136. 

𝛥𝑦
𝑆𝑆 = 𝜃𝑦,𝑚𝑖𝑛

𝑆𝑆 𝐻𝑒𝑓𝑓
𝑆𝑆 (5.135) 

𝛥𝑢
𝑆𝑆 = 𝜃𝑢,𝑚𝑖𝑛

𝑆𝑆 𝐻𝑒𝑓𝑓
𝑆𝑆 (5.136) 
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Figure 5.37.   OverTurning Moment capacity for the Spandrel-Sway mechanism. 

To overcome the approximation of considering only the exterior spandrels, more detailed 

calculations which take into account also the rocking mechanism formed by the seismic axial 

load in the interior piers can be considered. More in detail, with regard to Figure 5.38, 

hypothesizing a push direction of the seismic load, the following expressions to calculate the 

𝑂𝑇𝑀𝑆𝑆 can be adopted (Equations 5.137 - 5.138):   

𝑂𝑇𝑀𝑆𝑆 = ∑𝑀𝑝,𝑦 𝑗

𝑗

+ (∑(𝑉𝑠𝑝,𝑗−1 − 𝑉𝑠𝑝,𝑗)

𝑗

𝐿𝑗) (5.137) 

𝑉𝑠𝑝
𝑘 = ∑𝑉𝑠𝑝,𝑖

𝑖

= ∑
𝑀𝑠𝑝,𝑦 𝑙𝑒𝑓𝑡 𝑖

𝑘 + 𝑀𝑠𝑝,𝑦 𝑟𝑖𝑔ℎ𝑡 𝑖
𝑘

𝐿𝑠𝑝
𝑘

𝑖

(5.138) 

where 𝑀𝑝,𝑦 𝑗 is the “yield” moment of the jth pier at the base; 𝑉𝑠𝑝,𝑗 is the sum over the floors of 

the spandrels shear forces at the jth pier; 𝐿𝑗 is the distance of the jth pier with respect to the 

left corner of the frame; 𝑉𝑠𝑝
𝑘  is the sum over the floors of the spandrels shear forces at the kth 

spandrel span; 𝑀𝑠𝑝,𝑦 𝑙𝑒𝑓𝑡 𝑖
𝑘  and 𝑀𝑠𝑝,𝑦 𝑟𝑖𝑔ℎ𝑡 𝑖

𝑘  are the “yield” moments of the left and right kth 

spandrel at the ith storey; 𝐿𝑠𝑝
𝑘  is the length of the kth spandrel. 
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Figure 5.38.   𝑂𝑇𝑀𝑆𝑆 capacity for the Spandrel-Sway mechanism, considering also the rocking 

mechanism formed by the seismic axial load in the interior piers. 

To consider the pull direction of the seismic load, the two terms representing the total 

shear forces in the calculation of 𝑂𝑇𝑀𝑆𝑆 (Equation 5.137) have to be considered in the 

reverse position, in such a way to assume an increase of the seismic axial load in the left pier 

of the frame.  

To define the effective height and the base shear, Equations 5.133 and 5.134 can be 

adopted. 

5.4.4.2 Mixed-Sway mechanism 

The same procedure adopted for the Spandrel-Sway mechanism in Section 5.4.4.1 can 

be assumed for the Mixed-Sway mechanism, with the important difference that the 

mechanism of each subassembly of the frame is not assumed a priori (i.e. the formation of 

plastic hinges at all the spandrels of the frame), but it is based on the hierarchy of strength. 

The 𝑂𝑇𝑀𝑀𝑆, the effective height 𝐻𝑒𝑓𝑓
𝑀𝑆  and the base shear 𝑉𝑏

𝑀𝑆 can be calculated using 

Equations 5.139 - 5.141.  

𝑂𝑇𝑀𝑀𝑆 = ∑𝑀𝑝,𝑦 𝑗

𝑗

+ ∑
𝑀𝑙𝑒𝑓𝑡 𝑖

𝑠𝑝,𝑒𝑞
+ 𝑀𝑟𝑖𝑔ℎ𝑡 𝑖

𝑠𝑝,𝑒𝑞

𝐿𝑠𝑝
𝑒𝑥𝑡

𝑖

𝐿 (5.139) 
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𝐻𝑒𝑓𝑓
𝑀𝑆 =

√9 − 8𝛽𝐹 − 1

𝑛0.25
𝐻 (5.140) 

𝑉𝑏
𝑀𝑆 =

𝑂𝑇𝑀𝑀𝑆

𝐻𝑒𝑓𝑓
𝑀𝑆 (5.141) 

where 𝑀𝑝,𝑦 𝑗 is the “yield” moment of the jth pier at the base; 𝐿 is the total length of the frame; 

𝑀𝑙𝑒𝑓𝑡 𝑖
𝑠𝑝,𝑒𝑞

 and 𝑀𝑟𝑖𝑔ℎ𝑡 𝑖
𝑠𝑝,𝑒𝑞

 are the ESM, calculated in the joint centroid, related to the local failure 

mechanism at the left and right exterior spandrel cross-sections, at the ith storey; 𝐿𝑠𝑝
𝑒𝑥𝑡 is the 

length of the exterior spandrel. 

The mechanisms identified in the M-N performance domain let to define the drift capacity 

of each subassembly from the component failure mechanism that causes the failure of the 

subassembly. In Figure 5.39, the parameters for the calculation of the 𝑂𝑇𝑀𝑀𝑆 are 

schematized, hypothesizing a push direction of the seismic load. 

The “yield” 𝛥𝑦
𝑀𝑆 and ultimate 𝛥𝑢

𝑀𝑆 displacements of the bi-linear curve corresponding to 

the Mixed-Sway mechanism are defined according to the “yield” 𝜃𝑦,𝑚𝑖𝑛
𝑀𝑆  and ultimate 𝜃𝑢,𝑚𝑖𝑛

𝑀𝑆  

drifts of the critical structural components (see Equations 5.142 and 5.143), considering all 

the subassemblies and the base section of the piers. 

𝛥𝑦
𝑀𝑆 = 𝜃𝑦,𝑚𝑖𝑛

𝑀𝑆 𝐻𝑒𝑓𝑓
𝑀𝑆 (5.142) 

𝛥𝑢
𝑀𝑆 = 𝜃𝑢,𝑚𝑖𝑛

𝑀𝑆 𝐻𝑒𝑓𝑓
𝑀𝑆 (5.143) 

 

Figure 5.39.   𝑂𝑇𝑀𝑀𝑆 for the Mixed-Sway mechanism. 
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As for the Spandrel-Sway mechanism, an approximated effective height of the seismic 

force equal to two-thirds of the total height of the frame (𝐻𝑒𝑓𝑓
𝑀𝑆 = 2/3𝐻) can be adopted.  

Moreover, to overcome the approximation of neglecting the contribution of the rocking 

mechanism given by the interior piers to the definition of the 𝑂𝑇𝑀𝑀𝑆, the same approach 

adopted for the Spandrel-Sway mechanism can be assumed (see Equations 5.137 and 

5.138).  

5.4.4.3 Pier-Sway mechanism 

The Pier-Sway mechanism consists of the assumption of the development of a soft-

storey mechanism, hence the formation of the plastic hinges at the piers located at a given 

level of the frame. In this mechanism, the 𝑂𝑇𝑀𝑃𝑆 is defined by a single contribution (Equation 

5.144): the “yield” moments of the piers that develop plastic hinge. Assuming the formation of 

soft-storey on the first floor, the inter-storey shear strength and the base shear are the same 

and they can be calculated by Equation 5.145.  

𝑂𝑇𝑀𝑃𝑆 = ∑𝑀𝑝,𝑦 𝑗

𝑗

(5.144) 

𝑉𝑏
𝑃𝑆 =

𝑂𝑇𝑀𝑃𝑆

0.5ℎ𝑖𝑛𝑡
(5.145) 

where 𝑀𝑝,𝑦 𝑗 is the “yield” moment of the jth bottom pier sections at the base; ℎ𝑖𝑛𝑡 is the inter-

storey height of the first floor. 

In Figure 5.40, hypothesizing a push direction of the seismic load, are schematized the 

parameters for the calculation of the 𝑂𝑇𝑀𝑃𝑆. 

To define the “yield” 𝛥𝑦
𝑃𝑆 and ultimate 𝛥𝑢

𝑃𝑆 displacements of the bilinear curve 

corresponding to the Pier-Sway mechanism, the effective height 𝐻𝑒𝑓𝑓
𝑃𝑆  of the frame can be 

adopted following Equation 5.146 (Priestley, 1997) and the corresponding drifts are defined 

as the minimum “yield” 𝜃𝑦,𝑚𝑖𝑛
𝑃𝑆  and ultimate 𝜃𝑢,𝑚𝑖𝑛

𝑃𝑆  drifts of the piers, involved in the soft-storey 

mechanism. The corresponding displacements (𝛥𝑦
𝑃𝑆 and 𝛥𝑢

𝑃𝑆) are calculated according to 

Equations 5.147 and 5.148. 
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𝐻𝑒𝑓𝑓
𝑃𝑆 = 0.5𝐻 (5.146) 

𝛥𝑦
𝑃𝑆 = 𝜃𝑦,𝑚𝑖𝑛

𝑃𝑆 𝐻𝑒𝑓𝑓
𝑃𝑆 (5.147) 

𝛥𝑢
𝑃𝑆 = 𝜃𝑢,𝑚𝑖𝑛

𝑃𝑆 𝐻𝑒𝑓𝑓
𝑃𝑆 (5.148) 

 

Figure 5.40.   𝑂𝑇𝑀𝑃𝑆 capacity for the Pier-Sway mechanism.  

5.4.5 In-Plane performance level 

Once the building capacity curve is obtained, the In-Plane capacity/demand ratio is 

evaluated. More in details, the intersection between the capacity curve with the ADRS curve 

identifies the performance point of the structure, allowing to calculate the %NBS of the global 

In-Plane response.  

5.5 Limits and role of the SLaMA-URM method 

Speaking about the role of the SLaMA-URM procedure presented so far, it can be said 

that its simplicity of use and the reasonable results that are capable to achieve, make it a 

good choice for a preliminary procedure of seismic assessment that can give a fair 

estimation of the structural behavior. The obtained non-linear pushover curves contain all the 

uncertainties that reside behind the various assumptions adopted, i.e. unknown exact values 

of the input parameters, that can act as a starting point for more detailed investigations. The 
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SLaMA-URM procedure can be used to fast evaluate the effect of the retrofit strategies, in 

order to have a first screening of the possible retrofitting techniques to be applied to the 

structure by directly giving an estimation of the %NBS. This can be done also for different 

seismic intensities by rapidly adapting the pushover curve to the different real earthquakes 

that can be expected in the area under examination, and then planning the possible 

combination of different retrofitting techniques. Indeed the SLaMA-URM method deals 

independently with seismic capacity and demand, i.e. changing the capacity curve does not 

change the ADRS curve. The low computational needed cost (especially if the procedure is 

automatized through spreadsheets or coding) makes the SLaMA procedure suitable for 

performing parametric analysis and sensitivity studies in such a way to evaluate the real 

uncertainties in the obtained results. This “by-hand” approach is recommended as the first 

step in any seismic assessment procedure, capable to obtain a fast and reliable estimation of 

the nonlinear pushover curve of the structure.  

However, the simplicity of use of this procedure is counterbalanced by some limitations 

that need to be considered and fully understood in order to correctly take advantage of the 

SLaMA-URM capabilities. The principal limitation resides in the adopted assumptions and 

approximations and they can be identified as: 

1) only the first mode of the building is considered active, while the higher modes are 

neglected. This for taller structures can lead to the wrong estimation since in this 

configuration, higher mode effects are expected to play a significant role;  

2) the torsional aspects are not taken into account, therefore the method is not suitable 

for cases where a building has significant strength or stiffness eccentricities in plan; 

3) little changes in the considered input parameters can lead to step-changes in the 

exhibited failure mechanisms of the structural components. For example, a small 

variation in the axial load can induce a change in the failure mode of a pier, i.e. from a 

rocking one to a brittle shear one, thus resulting in a substantial variation in the 

ductility capacity of the structure. This issue can be overcome by performing 

sensitivity analysis with respect to the various input parameters.  

4) in the case of crisis due to shear of the masonry components (piers and spandrels), 

the procedure does not consider the strain-softening in the post-peak range. By 

assuming the shear failure of URM components brittle, this limitation, however, 

results in favour of safety.  
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For how SLaMA method is conceived, given the number of simplified assumptions 

needed to apply, a degree of error is expected. In Chapter 6 the SLaMA-URM accuracy is 

addressed starting from simple walls up to multi-storey walls. This is done by comparing the 

SLaMA-URM to numerical Pushover analyses.  
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6. Applications of the SLaMA-URM method: In-Plane 

performance 

6.1 Introduction 

In this Chapter, the application of the SLaMA-URM method to some URM cases study 

from experimental tests, subjected to In-Plane loads, is presented. At first, the well-known 

Ispra panels (Section 6.2), experimentally tested in the European Laboratory for Structural 

Assessment (Joint Research Centre) in Ispra (Italy) have been analyzed, as an example of 

very simple structures. Subsequently, a one-storey substructure, characterized by two piers 

connected by a spandrel, studied in Knox (2012) and tested at the University of Auckland, 

has been analyzed (Section 6.3). Finally, the two-storey "Door Wall", which was part of a 

prototype building tested at the University of Pavia, has been investigated (Section 6.4).  

In order to investigate aspects related to the computational burden and hence to the 

complexity of the analysis, different modelling approaches have been adopted. Indeed, the 

aforementioned cases study are presented together with the developed numerical simulation 

based on macro-mechanical Finite Element Model (FEM, by using the software DIANA FEA 

and ABAQUS), and on Equivalent Frame Model (EFM, by using the software 3MURI).  

Once the procedure has been validated for the three cases study mentioned above, 

further parametric analysis has been conducted on a simple prototype building, by varying 

the number of bays and the number of levels (Section 6.5). In this context, the SLaMA-URM 

accuracy is addressed, by comparing the results with those obtained through an EFM.  

6.2 Ispra panels 

The first analyzed cases study are the Ispra panels, that were tested at European 

Laboratory for Structural Assessment (Joint Research Centre) in Ispra (Italy), as a part of the 

experimental campaign carried out by Anthoine et al. (1995) (Figure 6.1). They consist of a 
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slender panel (1.00 m long and 2.00 m high) and a squat panel (1.00 m long and 1.35 m 

high), both with a thickness equal to 0.25 m, made of solid clay bricks. The panels were 

tested under controlled boundary conditions, with fixed-fixed conditions (or double-bending 

conditions), preventing the rotation of the top through a steel beam. These conditions 

reproduced the real ones experienced by the piers in a building during a seismic event. Both 

the panels are subjected to a constant vertical distributed load (or vertical stress equal to 0.6 

MPa), whose resultant is 150 kN. The horizontal displacements were imposed on the top 

beam, with cyclic load history. A flexural-rocking behavior was observed in the slender panel, 

instead, a shear behavior characterized by diagonal cracking was observed in the squat one 

(Figure 6.2a-b). The same results in terms of failure modes have been observed from the 

numerical analyses carried out in Anthoine et al. (1995), adopting a monotonic loading 

history. Regarding the numerical curves, it was observed that they overestimate the 

envelopes of the experimental ones (Figure 6.2c-d). This is due to the fact that the 

considered monotonic loading is less damaging than the cyclic one, and also to the fact that 

the masonry was modelled (in a simplified way) as a two-dimensional continuum, subjected 

to isotropic damage, thus not respecting its actual orthotropic nature. 

 

Figure 6.1.   Experimental test of Ispra panels: (a) testing set-up; (b) boundary and loading conditions 

(adapted from Anthoine et al., 1995). 
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Figure 6.2.   Ispra panels: cyclic response and crack pattern from experimental campaign of (a) 

slender and (b) squat panels; monotonic response and crack pattern from numerical modelling of (c) 

slender and (d) squat panels (adapted from Anthoine et al., 1995). 

The mechanical parameters have been deduced by Magenes and Calvi (1997) from 

experimental tests on components and small assemblages: Young modulus                     

𝐸𝑚 = 1700 N/mm2, Poisson coefficient 𝜈 = 0.15, masonry compressive strength              

𝑓𝑐𝑚 = 6.20 N/mm2 and initial shear strength at zero compressive stress 𝑓𝑣0 = 0.17 N/mm2. A 

summary of these values is reported in Table 6.1. 

Table 6.1.   Mechanical properties of Ispra panels. 

Em (N/mm2) Young modulus 1700 

ν Poisson ratio 0.15 

fcm (N/mm2) Compressive strength 6.20 

fv0 (N/mm2) Initial shear strength (zero compr. stress) 0.17 
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6.2.1 Numerical modelling: macro-mechanical Finite Element Model 

(FEM)  

FE analyses of Ispra panels have been performed by DIANA (DIANA 2019) and 

ABAQUS (ABAQUS, 2012) software by adopting a macro-mechanical approach. In DIANA 

software, the masonry mechanical behaviour has been analyzed using two different isotropic 

constitutive models: the Total Strain Rotating Crack (TSRC) and the Crack and Plasticity 

(C&P, with a Drucker-Prager yielding surface). In ABAQUS software, it has been studied 

using the Concrete Damaged Plasticity (CDP) model. 

It is worth noting that the used constitutive laws can be classified into two main 

categories. The TSRC and C&P models are formulated following the smeared crack 

approach, in which a crack is considered as a continuum material. The smeared crack 

concept can be classified into: fixed (C&P) and rotating (TSRC). With the fixed concept the 

crack orientation is fixed during the computational process. On the contrary, a rotating 

approach allows the crack orientation to rotate with the principal strain axis. According to the 

goal of this Thesis, the attention is focused on the modelling and the analysis. For a more 

detailed description of these constitutive laws refer to Selby (1995), Feenstra (1993), Litton 

(1974), De Borst and Nauta (1985) and Rots (1988). Moreover, the CDP model is formulated 

according to the continuum damage theory, which considers the material as a continuum 

medium. For more details refer to Hillerborg et al. (1976), Lee and Fenves (1998) and 

Lubliner et al. (1989). 

 For all the adopted models, 2D 4-node quadrilateral finite elements in-plane stress have 

been used for the discretization of the panels and a structured mesh with a size of 100 mm. 

Static nonlinear analyses have been performed using the iterative Newton-Raphson method. 

Moreover, for the TSRC and the CDP models, an exponential softening diagram has been 

assumed in tension and a parabolic one in compression (see Figures 6.3 and 6.5). While for 

the C&P model an elastic-plastic diagram has been assumed in tension and a linear one in 

compression (see Figure 6.4).  

The optimal dimension of the mesh has been selected by means of sensitivity analysis 

conducted with the aim of reducing excessive calculation times (which would occur with a too 

dense mesh) while not reducing the degree of approximation (as in the case of a mesh too 

loose). 
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The TSRC model is a damage model, while the C&P and CDP models are characterized 

by damage and plasticity. The herein reported applications have the aim to show the different 

results obtained by these three FE models. A brief description of each model is given in the 

following. 

Total Strain Rotating Crack (TSRC) model 

The Total Strain Rotating Crack model is a damage constitutive model that follows the 

smeared crack approach with the fracture energy regularization. The cracking is considered 

as a distributed effect with directionality and the cracked material can be represented as a 

continuous medium with anisotropic characteristics. It is based on the modified compression 

field theory of Vecchio and Collins (1986), further developed by Feenstra et al. (1998). It was 

proposed at first for the concrete material, but successively it was also used to study the 

behavior of masonry structures. In this context, it can be adopted to model mortar joints, 

bricks or alternatively the masonry in its complex. In this Thesis, the macro-mechanical 

modelling approach was assumed, hence the masonry was described as a homogeneous 

material (see Section 2.4.2).  

TSRC assumes a linear elastic isotropic behaviour of the material before the cracking is 

activated. It happens when the maximum principal stress, evaluated at a Gauss point of the 

FE, exceeds the tensile strength. The crack directions are updated to rotate with the principal 

directions during the loading process and the constitutive relations are evaluated in the 

principal directions of the strain vector. The cracking phenomenon is quantified by the area 

under the stress-strain diagram, denoted as fracture energy: 𝐺𝑓
𝐼 for tension and 𝐺𝑐 for 

compression.  

Different compressive and tension softening functions can be found in DIANA 2019. In 

this Thesis, the compressive behaviour of masonry was defined by a parabolic curve. This 

accounts for compressive strength 𝑓𝑐, for compressive fracture energy 𝐺𝑐 and for crack 

bandwidth ℎ (Figure 6.3a). The area under the softening part of the stress-strain curve is 

equal to 𝐺𝑐/ℎ. The compressive fracture energy is a material constant and represents the 

energy required to create one unit of crack surface. It is difficult to measure because it 

strongly depends on the testing procedure, but empirical equations proposed by CEB-FIP 

Model Code (1990) can be considered. The tensile behaviour of masonry was assumed to 

diminish exponentially (i.e. the exponential softening occurs when the tensile stress exceeds 

the tensile strength of the material). The tension curve is based on the tensile strength 𝑓𝑡, on 
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the tensile fracture energy 𝐺𝑓
𝐼 and the crack bandwidth ℎ (Figure 6.3b). The area under the 

softening part of the tensile stress-strain curve is equal to 𝐺𝑓
𝐼/ℎ. If this parameter cannot be 

directly tested, it can be estimated (in N/mm) through Equation 6.1 (Lourenço, 2010): 

𝐺𝑓
𝐼=0.025(2𝑓𝑡)0.7 (6.1) 

where 𝑓𝑡 is the tensile strength (in N/mm2). 

 

Figure 6.3.   Total Strain Rotating Crack (TSRC) model: (a) compressive behaviour and (b) tensile 

behaviour (adapted from DIANA, 2019). 

In conclusion, the TSRC model requires the following inputs: i) elastic properties, such as 

the Young’s modulus and the Poisson’s ratio, and ii) parameters related to the tensile, 

compressive and shear behavior. 

This model does not distinguish tensile cracks and shear cracks, thus it fails to simulate 

the different failure modes of masonry. 

Crack and Plasticity (C&P) model 

The Crack and Plasticity (C&P) model, although it is based on the smeared crack 

approach of the TSRC, it differs strongly for its intrinsic nature: it is characterized by damage 

and plasticity. It is given by the combination of different approaches in compression and 

tension. By the smeared crack approach the tensile post-cracking behaviour is simulated, 

while by a plasticity model, such as the Drucker-Prager model (that considers strain 

hardening and tension cut-off criteria), the compression response is simulated. C&P is a 

multi-fixed smeared crack model defined by an elastic-plastic constitutive law in 
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compression. The multi-fixed crack model adopted for representing the tension behaviour is 

based on the crack concept which keeps its unchanged orientation after its activation. The 

first crack is formed perpendicular to the direction of the maximum principal stress. The 

development of other cracks, with a different orientation, but in the same element area, is 

allowed. This can happen if the tensile strength is again violated by the major principal stress 

and if the angle between the existing crack and the direction of the major principal stress is 

greater than the so-called threshold angle, usually set equal to 30°.  

The cracking phenomenon is quantified by the area under the tensile stress-strain 

diagram, denoted as fracture energy 𝐺𝑓
𝐼. For the compression response, as aforementioned, 

the elastic-plastic constitutive law is considered (Figure 6.4a). For the tension behaviour, it is 

assumed a linear softening law (Figure 6.4b). 

 

Figure 6.4.   Crack and Plasticity (C&P) model: (a) compressive behaviour and (b) tensile behaviour 

(adapted from DIANA, 2019). 

In C&P, the parameters necessary to define the plasticity are: cohesion, friction angle 

and dilatancy angle. In order to define a cohesion value, Equation 6.2 can be adopted. 

𝑐 = 𝑓𝑐

1 − 𝑠𝑖𝑛𝜙0

2𝑐𝑜𝑠𝜙0
 (6.2) 

where 𝑓𝑐 is the masonry compressive strength and 𝜙0 is the initial angle of internal friction 

that can be set equal to 30°. 



C. Sansoni. Seismic Vulnerability Assessment of Existing URM Structures through a Simplified Analytical Method     

 

204 

 

Concrete Damaged Plasticity (CDP) model 

The Concrete Damaged Plasticity (CDP) model was originally created to describe the 

concrete behavior and afterword it was extended to quasi-brittle materials. This constitutive 

model uses the flow theory of plasticity and damage mechanics to analyse the structures: it 

allows to capture both the plastic behavior of the material and the reduction of the stiffness 

caused by the accumulation of damage.  

To simulate the tensile and compressive behaviour, a softening trend is provided for the 

former while for the latter a hardening followed by softening up to failure is assumed. More in 

detail, under uniaxial tension the stress-strain response follows a linear elastic relationship 

until the value of the failure stress is reached. This value corresponds to the onset of micro-

cracking in the material. This condition leads to a softening stress-strain response, which 

induces strain localization in the material structure. Under uniaxial compression, the 

response is linear until the value of initial yield. In the plastic regime, the response is typically 

characterized by stress hardening followed by strain softening beyond the ultimate stress. 

 The uniaxial tensile and compressive responses of the material are characterized by 

damaged plasticity (see Figure 6.5). Two damage mechanisms are taken into account: 

tensile cracking and compressive crushing. The material is considered isotropic and two 

damage parameters, separately for compression and tension (𝑑𝑐 and 𝑑𝑡 in Figure 6.5) can be 

adopted to reduce the initial, or undamaged, elastic stiffness of the material (𝐸0 in Figure 

6.5). These variables, assumed to be functions of the plastic strains (𝜀𝑐
𝑝𝑙

 and 𝜀𝑡
𝑝𝑙

 in Figure 

6.5) can take values from zero, that represents the undamaged material, to one, which 

represents the total loss of strength. 

 

Figure 6.5.   Concrete Damaged Plasticity (CDP) model: (a) compressive behaviour and (b) tensile 

behaviour (adapted from ABAQUS, 2012). 
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The CDP model, implemented in ABAQUS software, adopts a Drucker-Prager strength 

criterion with non-associated flow rule to determine the tensile and compressive behaviour of 

the material. More in detail, the yield surface is a modified Drucker-Prager surface, 

developed by Lubliner et al. (1989) and then by Lee and Fenves (1998). The plasticity 

parameters that define the modified Drucker-Prager domain are: 

• the parameter 𝐾, responsible for the shape of the yield surface; it is variable between 

0.5 and 1.0: when it assumes this latter value, the deviatoric section of the failure 

plane becomes a circle; 

• the eccentricity parameter 𝜀, that can be used to allow the plastic domain to be 

smoothed, hence to avoid convergence problems; 

• the ratio 𝑓𝑏0/𝑓𝑐0 of the biaxial compressive yield stress to the uniaxial compressive 

one; 

• the dilation angle 𝜓, that defines the inclination of the yield surface with respect to the 

hydrostatic axis in the meridian plane; 

• the viscosity parameter, which represents the relaxation time of the visco-plastic 

system. If it increases, the behavior under static loads changes: as a consequence 

the damage is widespread over a wider area, altering the results of the analysis. 

After these brief descriptions of the models, we move on to describe how the modeling of 

the panels was done. 

Concerning the system boundary conditions, it was defined to: (i) fix the X- and Y-

directions at the base of the panels; (ii) adopt a master-slave node strategy to allow the 

application of a uniform horizontal displacement and, therefore, fix the X-direction on a 

master node at the top left edge of the panels; (iii) use a tying in the X-direction in the top 

edge to guarantee the same horizontal displacement on it; (iv) use a tying in Y-direction on 

the top edge, to consider the double-bending condition. Also a different model has been 

considered, in which a thin steel plate with elastic behaviour has been modelled on the top 

edge of the panels (to reproduce the experimental setup conditions), the obtained results in 

terms of the base shear-displacement curve, perfectly overlapped those derived from the 

model mentioned above. This last model has been chosen for the lower computational 

burden requested for the analysis. The numerical model for both panels, with the considered 

boundary conditions, the applied vertical load, the horizontal displacement and the adopted 

mesh, are illustrated in Figure 6.6.  
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Figure 6.6.   Model and mesh of (a) the slender and (b) the squat panels. 

The calibration of the FE model has been performed by comparison with experimental 

results available in the literature, adopting the TSRC model. Then, the obtained mechanical 

parameters have been used in the FE analysis in C&P and CDP models.  

The calibration has been performed on tensile strength and on fracture energies in 

tension and compression, while elastic parameters and compression strength have been 

assumed from Magenes and Calvi (1997). 

The following mechanical parameters were considered in the three FE models: Young’s 

modulus 𝐸𝑚 = 1700 N/mm2 and Poisson’s coefficient 𝜈 = 0.15; for the tensile behavior, a 

linear-exponential curve with strength 𝑓𝑡 = 0.25 N/mm2 and fracture energy                       

𝐺𝑡 = 0.015 N/mm (sets according to Lourenço (2010), in absence of available experimental 

data). Concerning the applied loads, the dead weight and the added distributed vertical load 

corresponding to axial stress, on each panel, of 𝜎 = 0.6 N/mm2, were applied. The horizontal 

displacement was applied on the right-side edge of the spandrel aiming to properly simulate 

the first push cycle of the experimental loading. 

For the TSRC model were considered, for the compressive behavior, a linear-parabolic 

curve with a strength equal to 𝑓𝑐𝑚 = 6.20 N/mm2 and fracture energy of 𝐺𝑐 = 1 N/mm. For 

the C&P model, a cohesion equal to 1.7898 N/mm2, a friction angle equal to 0.5236 rad (30°) 

and a zero dilatancy angle (as suggested in Lourenço and Rots, 1997) were assumed. 

Finally, for the CDP model, the following parameters were adopted: a dilation angle equal to 

30°; an eccentricity value equal to 0.1, in order to avoid numerical instabilities; the orthotropy 

ratio 𝑓𝑏0 𝑓𝑐0⁄  equal to 1.16; the parameter 𝐾 equal to 2/3. To catch the more appropriate 
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value of the viscosity parameter, convergence analyses were performed and a value of 10-5 

was adopted. The mechanical parameters are resumed in Table 6.2. 

Table 6.2.   Mechanical parameters for TSRC, C&P and CDP constitutive models. 

Em (N/mm2) Young modulus 1700 

ν Poisson ratio 0.15 

fcm (N/mm2) Compressive strength 6.2 

ft (N/mm2) Tensile strength 0.25 

Gc (N/mm) Compressive fracture energy 1 

GI
f (N/mm) Tensile fracture energy 0.015 

  TSRC C&P CDP 

ϕ (deg) Internal friction angle - 30 - 

c (N/mm2) Cohesion - 1.7898 - 

ψ (deg) Dilatancy angle - 0 30 

ε Eccentricity - - 0.1 

fb0/fc0 Orthotropy ratio - - 1.16 

K  - - 0.667 

 Viscosity parameter - - 10-5 

The prediction of the envelope curve of the cyclic base shear-horizontal displacement 

response has been achieved through nonlinear static (pushover) analysis.  

The comparison of the corresponding capacity curves for the slender and squat panels 

are presented in Figures 6.7 and 6.9, respectively.  

Base shear-horizontal displacement curves obtained using TSRC, C&P and CDP models 

are almost coincident in the initial linear branch, for both panels. For the slender one, the 

TSRC model gives a base shear-horizontal displacement curve closer to the experimental 

one, while the C&P model shows a higher peak load than the experimental one and gives a 
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very low ultimate displacement. On the contrary, the CDP model, despite showing a higher 

curve, catches the experimental trend quite well. Regarding the squat panel, with the CDP 

model, the curve reaches the same load peak as the experimental one, after which the 

softening behaviour is shown. After that peak this panel shows a shear failure, hence the 

peak displacement can be assumed as the ultimate one. The TSRC and C&P models give a 

higher peak load than the experimental one, but in the former, the experimental ultimate 

displacement is caught sufficiently well (assuming the peak displacement as the ultimate 

one), while with the latter it is underestimated.  

The experimental and numerical crack patterns are shown in Figures 6.8 and 6.10, for 

the slender and the squat panel, respectively. As observed, the failure mechanisms of both 

panels in all the models match the experimental ones, i.e. rocking failure of the slender panel 

and diagonal cracking failure of the squat one.  

 

Figure 6.7.   Slender panel results: numerical capacity curves against experimental envelope. 

 

Figure 6.8.   Slender panel results: experimental and numerical crack patterns at the ultimate 

displacement. 
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Figure 6.9.   Squat panel results: numerical capacity curves against experimental envelope. 

 

Figure 6.10.   Squat panel results: experimental and numerical crack patterns at the ultimate 

displacement. 

The results show clear differences, that are due to the different formulation of the 

adopted constitutive laws. 

6.2.2 Geometric and mechanical data for SLaMA-URM method 

The geometry of the Ispra panels was defined according to the Equivalent Frame Model 

discretization (Figure 6.11) towards the application of the SLaMA-URM method. More in 

detail, both the panels have a thickness equal to 𝑡𝑝 = 0.25 m and a length of 𝐵𝑝 = 1 m, the 

slender panels has height 𝐻𝑝 = 2 m while the squat one has 𝐻𝑝 = 1.35 m. A concentrated 

vertical load equal to 𝑁 = 150 kN, i.e. axial load ratio 𝑣𝑟 = 𝑁/(𝑓𝑐𝑚𝐴𝑝𝑎𝑛𝑒𝑙) = 0.097 (where 

𝐴𝑝𝑎𝑛𝑒𝑙 is the panel cross-section area), has been applied on each panel. To reproduce the 

experimental double-bending condition, the rotation restraint at the top node has been 

considered. Therefore the schematic distribution of the flexural and shear hinges in both 

panels is shown in Figure 6.11. More in detail, two flexural hinges have been placed at the 
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base and at the top of the panels, because the maximum moments under lateral load are 

expected to be at the elements-end. On the contrary, a shear hinge has been placed at the 

centre of the panels, because the shear can be assumed as constant in the elements.  

 

Figure 6.11.   Ispra panels: (a) geometry of the slender (a1) and the squat (a2) panels and (b) 

distribution of the flexural and shear plastic hinges for the slender (b1) and the squat (b2) panels. 

The mechanical parameters adopted in the SLaMA-URM method are the same reported 

in Table 6.1. In addition to those, a friction coefficient equal to 𝜇 = 0.4 has been chosen, 

according to the NTC 2018 suggestions. 

6.2.3 Analysis at component level 

In Sections 6.2.3.1 and 6.2.3.2, the strength related to the aforementioned flexural and 

shear hinges has been identified, and subsequently, the failure mode of each panel 

(characterized by the minimum strength) has been defined. More in detail, the moment-

rotation (M-N) curves and the moment axial-load (M-N) domains have been defined, 

comparing the results obtaining from the adoption of different constitutive laws for masonry. 

Furthermore, the influence of the axial load applied on the panels has been considered on 

the M-N diagram as well as on the M-θ one, thus making explicit the dependence of the 

rotation on the imposed axial load.  
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6.2.3.1 Moment-rotation curves 

The moment-rotation capacity of the slender and squat panels is obtained by hand 

calculations through the sectional analysis through the MBA approach. Two different 

constitutive laws to describe the compressive behaviour of the masonry were considered, to 

catch the variability of the obtained results based on the made choice. Assuming a no-tensile 

resistant (NTR) behaviour, the elastic-perfectly plastic (EPP) and Kaushik’s model (Kaushik 

et al., 2007) were adopted. The corresponding parameters are reported in Table 6.3. This 

choice was done in order to evaluate not only a simpler stress-strain relationship (as the EPP 

model), but also a more complex one, characterized by softening behaviour (as the 

Kaushik’s model), see details in Section 5.4.2.2.   

For the EPP model, a compressive peak 𝜀𝑦𝑐 and ultimate 𝜀𝑢𝑐 strains equal to 1% and 2% 

were adopted, hence considering a ductility in compression equal to 𝜇𝜀𝑐 = 𝜀𝑢𝑐 𝜀𝑦𝑐⁄ = 2. 

Regarding the Kaushik’s model (Kaushik et al., 2007), assuming a mortar without lime, the 

yield strain 𝜀𝑦𝑐 and the ultimate strain 𝜀𝑢𝑐, resulted equal to 0.7% and 1.4%, respectively (with 

𝜇𝜀𝑐 = 𝜀𝑢𝑐 𝜀𝑦𝑐⁄ = 2).  

Table 6.3.   Parameters adopted for the stress-strain relationships in EPP-NTR and Kaushik’s models. 

 

The Monolithic Beam Analogy (MBA) formulation (Pampanin et al., 2001) is herein used 

to define the rotation of the panels (see more details in Section 5.4.2.1) and Equation 6.3 is 

applied:  

θi=
(

εi
ci

-χy) (Lcant-
Lp

2 ) Lp

Lcant
 (6.3)

 

where εi is the strain value at the corresponding neutral axis depth ci; 𝜒𝑦 = 2 𝜀𝑦𝑐/𝐵𝑝 is the 

elastic curvature (where 𝐵𝑝 is the length of the panels); 𝐿𝑐𝑎𝑛𝑡 is the cantilever length, 

assumed as half of the height of the panels (𝐻𝑝/2); 𝐿𝑝 is the assumed depth of the cracking 
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and it is taken as 0.1𝐿𝑐𝑎𝑛𝑡. To the sectional analysis contribution of the rotation of the panels, 

the elastic contribution of the element is added from the initial stiffness 𝐾𝑒𝑙 according to 

Equation 6.4, where 𝑛 is assumed to equal to 12 (considering fixed-fixed boundary 

conditions): 

𝐾𝑒𝑙= (
𝐻𝑝

3

𝑛𝐸𝑚𝐼
+ 1.2

𝐻𝑝

𝐵𝑝𝑡𝑝𝐺𝑚
)

−1

(6.4) 

In Figure 6.12 the moment-rotation curves of both Ispra panels, adopting the EPP-NTR 

and the Kaushik’s models, are reported. From the observation of the experimental capacity 

curves, it has been chosen to adopt the EPP-NTR model because no-softening behaviour is 

highlighted. 

 

Figure 6.12.   Moment-rotation curve of (a) the slender and (b) the squat panel, adopting the elastic-

perfectly plastic (EPP) model and the Kaushik’s model. 

Regarding the shear strength of the panels, the Turnšek and Cačovic (Turnšek and 

Cačovic, 1971) criterion is adopted for diagonal cracking, and the Mohr-Coulomb (NTC 2018) 

criterion is assumed for bed-joint sliding (for more detail see Section 5.4.2.2). 

The flexural and shear strength thresholds for both panels are shown in Figure 6.13, 

where the resultant moment-capacity curves are shown in a thick black line. It is observed 

that the response of the slender panel is governed by a rocking mechanism, while for the 

squat one a shear failure is expected to occur, as observed from the intersection of the 

flexural and diagonal cracking strength, marked with a red cross in Figure 6.13b.  



Chapter 6. Applications of the SLaMA-URM method: In-Plane performance 

 

213 

 

 

Figure 6.13.   Flexural and shear strength thresholds in the moment-rotation diagram for (a) the 

slender and (b) the squat panel. 

6.2.3.2 Moment-axial load (M-N) domains 

The M-N domains of the panels were defined by considering the elastic-perfectly plastic 

(EPP) constitutive law and the Kaushik’s one, in compression. The domains obtained for 

both panels (slender and squat) are the same since they are independent of the height of the 

elements and depend only on the cross-section dimensions (𝑡𝑝 and 𝐵𝑝). 

To emphasize the reliability of the MBA approach (Pampanin et al., 2001) (schematized 

for piers in Figure 6.14), the results obtained by this procedure are compared with those 

derived from traditional sectional analysis (Figure 6.15a). As observed, the differences 

among them are negligible.  

 

Figure 6.14.   Flowchart to calculate the M-N domain of piers through sectional analysis using the 

MBA approach. 

The adoption of different stress-strain models leads to different M-N limit domains. This 

difference depends especially on the own characteristics of the adopted model. More in 
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detail, with the Kaushik-NTR stress-strain profile a contracted limit domain is obtained, if 

compared with the EPP-NTR one (see Figure 6.15a), due to the strength degradation that 

characterized the model.  

Other comparisons are shown in Figure 6.15b: the first consists in describing the 

moment capacity as a function of the compressive strain ductility 𝜇𝜀𝑐, while the second in 

understanding the over- or under- estimation in the definition of the M-N domains made by 

Italian code (NTC 2018), or by NZSEE 2017b. 

Considering the EPP-NTR, it is shown that when increasing the compressive strain 

ductility to a value of 𝜇𝜀𝑐 = 2 (assuming a fixed elastic compressive strain 𝜀𝑦𝑐 = 1%), the M-N 

domain expands since the neutral axis depth decreases and, consequently, the lever arm of 

the resultant compression force increases. While, regarding the comparison with the code 

formulation (from NTC 2018 or NZSEE 2017b), it results that the domain matches perfectly 

with the EPP-NTR model when 𝜇𝜀𝑐 = 1.2. 

 

Figure 6.15.   Comparison between M-N domains with: (a) EPP and Kaushik’s models with traditional 

sectional analysis and MBA approach; (b) EPP models with different 𝜇𝜀𝑐 and the NTC 2018 

formulation. 

Adopting the EPP-NTR model with a compressive strain ductility of 𝜇𝜀𝑐 = 2, it is possible 

to use the M-N domain to represent the strength domain of the elements, by varying the axial 

load. More in detail, by defining the sliding shear strength with the Mohr-Coulomb 
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formulation, the diagonal cracking shear strength with the Turnšek and Cačovic (Turnšek and 

Cačovic, 1971) criterion, and the flexural behaviour, as described above, the strength domain 

representative of the behaviour of the elements can be defined (Figure 6.16). 

 

Figure 6.16.   Strength criteria and strength domains of (a) the slender and (b) the squat panels. 

As observed in Figure 6.16, the slender panel shows a flexural crisis for low and high 

axial load, while for intermediate values the diagonal cracking failure is expected to occur. 

For the squat panel, the diagonal cracking behaviour is the crisis for a large part of low and 

medium level of axial load, while for higher axial load, a rocking behaviour is expected to 

occur. As highlighted in the moment-rotation diagram (see Section 6.2.3.1), for the gravity 

axial load of the panels (𝑁 = 150 kN), the rocking failure is observed for the slender panel 

and the diagonal cracking failure is observed for the squat panel. 

It is worth noting that these strength domains are strongly dependent on the boundary 

conditions of the elements (see Section 6.2.7 for more details).  

6.2.4 Analysis at In-Plane global level 

From the comparison between the flexural (or rocking) and shear mechanisms in the 

moment-rotation diagram (Section 6.2.3.1, Figure 6.13) the crisis mechanism of the panels is 

identified. The SLaMA-URM method ended at the single elements structural level of analysis, 
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without going through the subassembly analysis. Therefore, the base shear of each panel 

was determined by dividing the moment capacity by the corresponding cantilever length 

𝐿𝑐𝑎𝑛𝑡 (already defined as 𝐿𝑐𝑎𝑛𝑡 = 𝐻𝑝/2). While the displacement was calculated by 

multiplying the rotation capacity by 𝐿𝑐𝑎𝑛𝑡. With these calculations, the base shear-

displacement curves (or capacity curves) were defined and the comparison with the 

experimental one is shown in Figure 6.17. 

 

Figure 6.17.   Comparison between analytical and experimental capacity curves for (a) the slender and 

(b) the squat panel. 

In Figures 6.18 - 6.21 the comparison in terms of capacity curves and crack patterns 

between analytical, numerical and experimental results for both panels is shown. It is 

observed that, for sake of simplicity, in the crack pattern, the only result from the TSRC 

model is shown, since all other numerical approaches show the same failure crisis (see 

Figures 6.8 and 6.10).  

It can be observed that the proposed analytical procedure allows to obtain a response 

comparable with the experimental and the numerical one, in terms of pushover curve and 

expected crisis mechanism: flexural for the slender panel and shear with diagonal cracking 

for the squat one. 
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Figure 6.18.   Slender panel results: numerical and analytical capacity curves against experimental 

envelope. 

 

Figure 6.19.   Slender panel results: experimental, numerical (TSRC model) and analytical crack 

patterns at the ultimate displacement. 

 

Figure 6.20.   Squat panel results: numerical and analytical capacity curves against experimental 

envelope. 
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Figure 6.21.   Squat panel results: experimental, numerical (TSRC model) and analytical crack 

patterns at the ultimate displacement. 

6.2.5 Effect of the acting axial load 

In this Section, the effect of the axial load on the moment-rotation diagram, on the 

moment-axial load and on the rotation-axial load domains, was investigated. In Figures 6.22 

and 6.23 are shown the results for both panels, adopting the EPP-NTR constitutive law, with 

a compressive strain ductility of 𝜇𝜀𝑐 = 2.  

The results show that by increasing the axial load (from N1 to N4), the moment capacity 

increases until reaching the top of the M-N limit domain (Figures 6.22a and 6.23a). A further 

increase of the axial load (up to N5) induces a decrease in the moment capacity (see Figures 

6.22a-b and 6.23a-b). This moment behaviour is highlighted also in the moment-rotation 

curves. The rotation capacity, instead, decreases when the axial load increases (Figures 

6.22b-c and 6.23b-c), leading to a reduction of the rotation ductility of the element. The 

slender panel is characterized by a higher effective height (ℎ𝑒𝑓𝑓 = 1 m against the         

ℎ𝑒𝑓𝑓 = 0.675 m of the squat one) and the rotation capacity is higher if the same axial load is 

assumed. 
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Figure 6.22.   Effect of the axial load for the slender panel: (a) moment-axial load domain; (b) moment-

rotation curves; (c) rotation-axial load curves and (d) moment and rotation values at different axial load 

(from N1 to N5). 



C. Sansoni. Seismic Vulnerability Assessment of Existing URM Structures through a Simplified Analytical Method     

 

220 

 

 

Figure 6.23.   Effect of the axial load for the squat panel: (a) moment-axial load domain; (b) moment-

rotation curves; (c) rotation-axial load curves and (d) moment and rotation values at different axial load 

(from N1 up to N5). 

The same analyses were carried out adopting the Kaushik’s constitutive law (see Section 

6.2.3.1). By comparing these results with the M-N domains obtained with the EPP-NTR 

model for both panels (Figure 6.24a-c), it can be seen that the Kaushik’s model leads to a 

contraction of the limit strength domain by reducing the maximum axial load. This reduction 

in moment capacity is mainly due to the presence of strength degradation in the model which 

reduces the compression force, which in turn reduces the moment capacity (see also Section 

6.2.3.2). As a consequence, the axial load-rotation curves are reduced with respect to those 

obtained with the EPP-NTR model (Figure 6.24b-d).  
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Figure 6.24.   Comparisons between EPP-NTR model and Kaushik’s-NTR model in moment-axial load 

(top) domain and rotation-axial load diagram (bottom) for: (a), (b) slender and (c), (d) squat panels. 

6.2.6 Influence of the scale effect 

Another aspect that was investigated is the influence of the scale effect on the seismic 

response of the panels. To this aim, assuming the dimensions of the slender and squat 

panels as a reference, the height (𝐻𝑝), length (𝐵𝑝), and thickness (𝑡𝑝) were increased by a 

scale factor and hence four specimens for each panel were taken into account. The dead 

load of each specimen was calculated from its dimensions and added to the imposed axial 

load of 150 kN, in order to obtain the axial load (𝑁) that was applied. 

In Figures 6.25 and 6.26 the schematization of both panels specimens is shown together 

with the geometrical parameters and the applied axial load. 
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Figure 6.25.   Representations of the specimens derived from slender panel and summary of the 

geometrical properties and the applied axial load. 

 

 

Figure 6.26.   Representations of the specimens derived from squat panel and summary of the 

geometrical properties and the applied axial load. 
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At first, the results for the specimens derived from the slender panel are reported. In 

Table 6.4 the calculations to define the elastic stiffness (according to Equation 6.4) of each 

slender panel are reported. By adopting the EPP-NTR model (with 𝜀𝑦𝑐 = 1% and 𝜇𝜀𝑐 = 2), 

the MBA approach was used to define the moment-rotation curves for the five panels.  

Table 6.4.   Calculations of the elastic stiffness of the five slender panels. 

 

As observed in Figure 6.27a, the increase in dimensions leads to an increase of the 

moment capacity, the initial stiffness and of the rotation capacity. From the moment-rotation 

curves, the base shear-horizontal displacement was defined by multiplying the rotation 

values for the effective height (𝛥 = 𝜃 · ℎ𝑒𝑓𝑓) and dividing the moment values with this same 

value (𝑉𝑏 = 𝑀 ℎ𝑒𝑓𝑓⁄ ). The so defined capacity curves are represented in Figure 6.27b. These 

curves follow the same trend as the moment-rotation curves, described above. A comparison 

between the so calculated capacity curves and those deriving by the NTC 2018 

recommendations was performed and it is shown in Figure 6.27b. It should be noted that the 

flexural failure mechanism is identified as the mechanism expected to occur for all five 

slender panels.  

In Table 6.5 the calculations for the definition of the base shear-horizontal displacement 

curves of the five slender panels, following the NTC 2018 indications, are reported. More in 

detail, the flexural and the shear (diagonal cracking and sliding) strength were calculated and 

the minimum value between these highlights the base shear of the considered panel and 

hence the corresponding failure mechanism. Regarding the limit elastic displacement, it was 

calculated by dividing the base shear with the elastic stiffness (𝛥𝑒𝑙 = 𝑉𝑏 𝐾𝑒𝑙⁄ ). The ultimate 

displacement is calculated by the ultimate drift, that NTC 2018, at ULS, assumes equal to 

3 4⁄ 𝜃𝑢,𝐶𝐿𝑆 (where 𝜃𝑢,𝐶𝐿𝑆 is the ultimate drift at CLS and it is assumed as 𝜃𝑢,𝐶𝐿𝑆 = 0.01 for the 

flexural failure mechanism) and the effective height as 𝛥𝑢 = 𝜃𝑢 · ℎ𝑒𝑓𝑓. 



C. Sansoni. Seismic Vulnerability Assessment of Existing URM Structures through a Simplified Analytical Method     

 

224 

 

Table 6.5.   Calculations of the base shear-displacement capacity curves of the five slender panels, 

according to the NTC 2018 recommendations. 

 

The comparison in terms of capacity curves shows that the elastic stiffness and the 

maximum base shear strength are in good agreement, while the ultimate displacements are 

different. NTC 2018 imposes the value of the ultimate displacement as a function of the 

effective height of the considered element only. The MBA approach leads to assume an 

ultimate rotation from the sectional analysis, calculating the ultimate neutral axis depth from 

the imposition of the ultimate strain of the masonry. Then the ultimate displacement was 

identified by the effective height.  

In Table 6.6 it is shown the comparison (MBA vs NTC 2018) with respect to the reached 

ultimate displacements and their relative variation.  

 

Figure 6.27.   Five slender panels results: (a) moment-rotation curves and (b) base shear-

displacement curves with the MBA approach and with the NTC 2018 recommendations. 
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Table 6.6.   Ultimate displacements obtained for the five slender panels with the MBA approach and 

the NTC 2018 recommendations. 

 

Regarding the specimens derived from the squat panel, the calculations of the elastic 

stiffness are reported in Table 6.7. By adopting the EPP-NTR model (with 𝜀𝑦𝑐 = 1% and 

𝜇𝜀𝑐 = 2), the MBA approach was used to define the moment-rotation curves of the five 

panels. As observed in Figure 6.28a, the moment and the rotation capacity increase when 

the dimensions of the panel increase. Moreover, although the aspect ratio is the same (1.35), 

for panels with scale factor equal to 1 and 1.2 (specimens number 1 and 2) the failure 

mechanism is the shear one, while in the other cases the flexural crisis is expected to occur. 

This is due to the increase in the shear strength induced by an increase of thickness and 

length of the panels. 

The calculations according to the NTC 2018 recommendations for the definition of the 

base shear-displacement curves are reported in Table 6.8. In Figure 6.28b it is shown the 

comparison between the capacity curves obtained with the MBA approach and with NTC 

2018. Also with the NTC 2018 recommendation, specimens 1 and 2 are characterized by the 

shear failure mechanism. 

The ultimate displacements strongly differ assuming the NTC 2018 procedure or the 

MBA approach. For the first approach, the ultimate displacement is calculated by the ultimate 

drift that at ULS is assumed equal to 3 4⁄ 𝜃𝑢,𝐶𝐿𝑆 (where 𝜃𝑢,𝐶𝐿𝑆 is the ultimate drift at CLS and it 

is assumed as 𝜃𝑢,𝐶𝐿𝑆 = 0.01 for the flexural failure mechanism and as 𝜃𝑢,𝐶𝐿𝑆 = 0.005 for the 

shear failure mechanism) and the effective height, as 𝛥𝑢 = 𝜃𝑢 · ℎ𝑒𝑓𝑓. The comparison (MBA 

vs NTC 2018) in terms of ultimate displacements and their relative variation for the five squat 

panels is reported in Table 6.9.  
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Table 6.7.   Calculations of the elastic stiffness of the five squat panels. 

 

Table 6.8.   Calculations of the base shear-displacement capacity curves of the five squat panels, 

according to the NTC 2018 recommendations. 

 

 

Figure 6.28.   Five squat panels results: (a) moment-rotation curves; (b) base shear-displacement 

curves with the MBA approach and with the NTC 2018 recommendations. 
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Table 6.9.   Ultimate displacement obtained for the five squat panels with the MBA approach and the 

NTC 2018 recommendations,. 

 

6.2.7 Effect of the boundary conditions 

The influence of the boundary conditions in the response of the slender and the squat 

panels is herein investigated. The moment-rotation curves and the base shear-horizontal 

displacement curves, already defined in Section 6.2.6 for the fixed-fixed condition, were 

calculated modifying the boundary conditions, hence assuming cantilevered panels. Then, 

the obtained results were compared with those obtained in the previous Section. 

In Figure 6.29 are shown the moment-rotation curves (a) and the base shear-horizontal 

displacement curves (b) (obtained with the MBA approach and the NTC 2018 

recommendations) for the five slender panels illustrated in Section 6.2.6. In Table 6.10 is 

shown the comparison (MBA vs NTC 2018) in terms of the reached ultimate displacements 

and their relative variation.  

 

Figure 6.29.   Five cantilevered slender panels results: (a) moment-rotation curves; (b) base shear-

displacement curves with the MBA approach and with the NTC 2018 recommendations. 
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Table 6.10.   Ultimate displacement obtained for the five slender cantilevered panels with the MBA 

approach and the NTC 2018 recommendations,. 

 

The first main difference in the cantilevered condition with respect to the fixed-fixed one 

resides in the definition of the elastic stiffness (Equation 6.4) since the parameter 𝑛 changes 

from 12 to 3. In Table 6.11 it is reported the comparison between the elastic stiffness 

calculated in these two conditions. The cantilevered condition leads to a constant reduction 

of the elastic stiffness equal to 64% for the slender panels and to 46% for the squat ones. 

Another important difference resides in the definition of the effective height (see Table 

6.11). For the fixed-fixed condition, the moment contra flexure point of the element is 

expected to be at the mid-height, thus defining the effective height as half height of the 

element (ℎ𝑒𝑓𝑓 = 𝐻𝑝/2). In the cantilevered condition, instead, the effective height 

corresponds to the total height of the element (ℎ𝑒𝑓𝑓 = 𝐻𝑝).  

Table 6.11.   Calculations of the elastic stiffness of the five slender panels obtained with the fixed-fixed 

and the cantilevered conditions. 

 

In Figure 6.30 are reported the moment-rotation curves (a) and base shear-displacement 

curves (b) of the five slender panels, by considering the fixed-fixed condition (“F” in Figure) 

and the cantilevered one (“C” in Figure).  
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In the 𝑀 − 𝜃 diagram, it is shown that the cantilevered panels can reach a higher rotation 

capacity while maintaining the maximum moment close to the fixed-fixed one. From the    

𝑉𝑏 − 𝛥 diagram, it is observed that the cantilevered panels are characterized by a lower 

strength capacity as well as higher displacement ductility than the fixed-fixed one. For both 

conditions, the increasing trend of the moment or base shear capacity, as well as of the 

rotation or displacement capacity, with the increase of the dimensions of the panels, is kept. 

Moreover, all the combinations show a flexural failure mechanism. 

To better elucidate the effect in each panel specimen, the base shear-displacement 

curves are shown in Figure 6.31 as separate diagrams. 

 

Figure 6.30.   Comparison in terms of the (a) moment-rotation curves and (b) base shear-

displacement curves between the slender panels in fixed-fixed condition (F) and cantilevered condition 

(C). 
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Figure 6.31.   Comparison in terms of the base shear-displacement curves of the (a) 1, (b) 2, (c) 3, (d) 

4 and (e) 5 slender panels in fixed-fixed condition (F) and cantilevered condition (C). 

Regarding the squat panel, in Figure 6.32 are shown the moment rotation curves (a) and 

the base shear-horizontal displacement curves (obtained with the MBA approach and the 

NTC 2018 recommendations). In Table 6.12 is shown the comparison (MBA vs NTC 2018) in 

terms of the reached ultimate displacements and their relative variation.  

 

Figure 6.32.   Five cantilevered squat panels results: (a) moment-rotation curves and (b) base shear-

displacement curves with the MBA approach and with the NTC 2018 recommendations. 
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Table 6.12.   Ultimate displacement obtained for the five squat cantilevered panels with the MBA 

approach and the NTC 2018 recommendations. 

 

As for the slender panels, the comparison between the elastic stiffness in the two 

boundary conditions is shown in Table 6.13. From the calculations, it results that the 

cantilevered condition leads to a constant reduction of the elastic stiffness equal to 54% with 

respect to the fixed-fixed one.  

Table 6.13.   Calculations of the elastic stiffness of the five squat panels obtained with the fixed-fixed 

and the cantilevered conditions. 

 

In Figure 6.33 the comparison in terms of the moment-rotation curves (a) and the base 

shear-displacement curves (b) of the five squat panels, considering the fixed-fixed condition 

(“F” in Figure) and the cantilevered condition (“C” in Figure) is reported.  

From the comparison in the 𝑀 − 𝜃 diagram, it is shown that the cantilevered panels can 

reach a higher rotation capacity while maintaining the maximum moment close to the fixed-

fixed one. From the 𝑉𝑏 − 𝛥 diagram, it is observed that the cantilevered panels are 

characterized by a lower strength capacity as well as higher displacement ductility than the 

fixed-fixed ones. As for the slender panels, also for the squat ones for both conditions, the 

increasing trend of the moment or base shear capacity, and the rotation or displacement 
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capacity, with the increase of the dimensions of the panels, is kept. A difference arises when 

dealing with the failure mechanisms since the two conditions lead to the same failure 

mechanisms (flexural) only for three panels. The panel specimens, with scale factor equal to 

1 and 1.2 (number 1 and 2), in the fixed-fixed condition, lead to the shear failure mechanism, 

while in the cantilevered condition show a flexural one.  

A more clear comparison in terms of base shear-displacement curves for each squat 

panel is reported in Figure 6.34. 

 

Figure 6.33.   Comparison in terms of the (a) moment-rotation curves; (b) base shear-displacement 

curves between the squat panels fixed-fixed condition (F) and cantilevered condition (C). 
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Figure 6.34.   Comparison in terms of the base shear-displacement curves of the (a) 1, (b) 2, (c) 3, (d) 

4 and (e) 5 squat panels in fixed-fixed condition (F) and cantilevered condition (C). 

6.3 One-storey substructure 

The analyzed case study is a substructure - designated as PS3 (Figure 6.35) - tested 

under in-plane lateral cyclic loading by Knox et al. (2017). This is a one-storey URM framed 

substructure with two piers linked by a spandrel. The PS3 specimen presents a total height 

of 2.74 m (with piers and spandrel heights of 1.80 m and 0.94 m, respectively) and a total 

length of 4.42 m (with piers and spandrel lengths of 1.19 m and 1.24 m, respectively). It is a 

two-wythe (230 mm thick) masonry wall built reusing clay bricks, obtained from a demolished 

1930s URM building, and a weak mortar with an average compressive strength of 2.9 MPa, 

selected to simulate weather-deteriorated mortar typical of old URM buildings. 
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Figure 6.35.   Pseudo-static testing setup (adapted from Knox et al., 2017). 

The lateral load was applied on the side edges of the spandrel using a hydraulic-

powered actuator connected with a reaction wall. The axial load is equal to 0.48 MPa and it 

is equivalent to the typical weight of two stories of masonry. This load was applied on the top 

of the spandrel at the centreline of piers. During testing, diagonal tension cracking of the 

spandrel, characterized by a “X” crack pattern, occurred before any cracking in the piers, but 

a flexural crack at the interface between the spandrel and the pier-spandrel joints was noted 

earlier in the test, due to the interlocking effect between the two parts (Cattari and 

Lagomarsino, 2008). The base shear-displacement response was governed by a rocking 

mechanism. It was reported that the test was stopped at 1% drift, without failure of the piers 

and so with a “ductile” flexural-rocking behavior.  

6.3.1 Numerical modelling: macro-mechanical Finite Element Model 

(FEM) 

The PS3 substructure was modelled in DIANA software (DIANA 2019) by adopting a FE 

macro-mechanical approach. The masonry is represented through continuum FEs (Q8MEM, 

2D 4-node quadrilateral) using a structured mesh developed with an approximated size of 50 

mm. The Total Strain Rotating Crack (TSRC) model and the Crack and Plasticity (C&P) 

model were assumed to describe the material response. The system boundary conditions 
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are: (i) fix the X- and Y-directions at the base of the piers; (ii) fix the X-direction at the first 

bottom masonry course of the piers (according to the direction of the applied displacement) 

to simulate the concrete grouted base; (iii) adopt a master-slave node strategy to allow the 

application of a uniform horizontal displacement and, therefore, fix the X-direction on a 

master node at the mid-height of the right edge of the spandrel. A thin steel plate (10 mm 

thick) with elastic behavior was modelled at the right side edge of the spandrel in order to 

apply a uniform displacement. In Figure 6.36 are shown the numerical model with boundary 

conditions, applied axial load and horizontal displacement, and the adopted mesh. 

 

Figure 6.36.   PS3 substructure: (a) numerical FE model and (b) adopted mesh. 

The following mechanical parameters were considered in the TSRC FE model: Young’s 

modulus 𝐸𝑚 = 1200 MPa and shear modulus 𝐺𝑚 = 545 MPa; for the tensile behavior, a 

linear-exponential curve with strength 𝑓𝑡 = 0.3 MPa and fracture energy 𝐺𝑡 = 0.02 N/mm (set 

according to Lourenço (2010), in absence of further experimental data); for the compressive 

behavior, a linear-parabolic curve with a strength given as 𝑓𝑐𝑚 = 9.2 MPa and fracture energy 

𝐺𝑐 = 1 N/mm (assumed as 1% of 𝑓𝑐𝑚). For the C&P model, the same elastic properties 

selected for the TSRC model were used as well as the same values for compressive and 

tensile strength. A cohesion equal to 2.656 N/mm2, a friction angle equal to 0.5236 rad (30°) 

and a zero dilatancy angle (as suggested in Lourenço and Rots, 1997) were assumed. The 

adopted mechanical parameters are resumed in Table 6.14. 

Concerning the applied loads, both the dead weight and the added distributed vertical 

load, corresponding to the axial stress on the piers of 𝜎 = 0.48 MPa, were applied. The 

horizontal displacement was applied on the right-side edge of the spandrel aiming to properly 

simulate the first push cycle experimental loading. 
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Table 6.14.   Mechanical parameters for the TSRC and C&P constitutive models. 

Em (N/mm2) Young modulus 1200 

ν Poisson ratio 0.10 

fcm (N/mm2) Compressive strength 9.2 

ft (N/mm2) Tensile strength 0.30 

Gc (N/mm) Compressive fracture energy 1 

GI
f (N/mm) Tensile fracture energy 0.020 

  TSRC C&P  

ϕ (deg) Internal friction angle - 30  

c (N/mm2) Cohesion - 2.656  

ψ (deg) Dilatancy angle - 0  

The prediction of the envelope curve of the cyclic base shear-horizontal displacement 

response was achieved through a nonlinear static (pushover) analysis. A comparison with 

the experimental results in terms of crack pattern and corresponding capacity curves is 

presented in Figures 6.37 and 6.38. As observed, the failure mechanisms of both piers and 

of the spandrel match the experimental ones, i.e. rocking of piers and diagonal cracking of 

the spandrel. The obtained FE numerical pushover curves are in good agreement with the 

experimental envelope one. These results will be used, subsequently, as a reference to 

evaluate the accuracy of the proposed SLaMA-URM method. 

 

Figure 6.37.   PS3 substructure results: numerical capacity curves against experimental envelope. 
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Figure 6.38.   PS3 substructure results: experimental and numerical crack patterns at the ultimate 

displacement. 

6.3.2 Geometric and mechanical data for SLaMA-URM method 

The SLaMA-URM method is herein validated against the experimental case study and 

the numerical simulation results described above. 

The geometry of the PS3 substructure was defined according to the EF model 

discretization (Figure 6.39) towards the application of the SLaMA-URM procedure. More in 

detail: the length and the clear height of both piers were set to 𝐵𝑝 = 1.19 m and ℎ𝑝 = 1.80 m, 

respectively; the height and the length of the spandrel were ℎ𝑠𝑝 = 0.94 m and 𝐿𝑠𝑝 = 1.24 m, 

respectively; the thickness of both piers and spandrel was 𝑡𝑝 = 0.23 m.  The effective height 

of the piers was ℎ𝑝,𝑒𝑓𝑓 = 2.25 m and it was calculated using the Dolce’s rule (Dolce, 1991), 

while the effective length of the spandrel 𝐿𝑠𝑝 is its clear span. 

The masonry mechanical parameters adopted in the analytical model were those derived 

from the experimental characterization tests reported in Knox et al. (2017): i.e. a masonry 

compressive strength 𝑓𝑐𝑚 of 9.2 MPa while the horizontal compressive strength 𝑓ℎ𝑚 was 

assumed equal to 𝑓𝑐𝑚 as addressed in Beyer and Dazio (2012); a brick tensile strength 𝑓𝑏𝑡 of 

25.4 MPa and a friction coefficient 𝜇 of 0.7. From the calibrated numerical model, a Young’s 

modulus 𝐸𝑚 and a shear modulus 𝐺𝑚 for the masonry were chosen as 1200 MPa and 

545 MPa, respectively. The tensile strength 𝑓𝑡 was considered, as for the FE model, equal to 

0.3 MPa, and the initial shear strength at zero compressive stress 𝑓𝑣0 was estimated as 𝑓𝑡/1.5 

(NTC 2018), i.e. equal to 0.2 MPa. An equivalent axial load 𝑁 of 131 kN, i.e. axial load ratio 

𝑣𝑟 = 𝑁/(𝑓𝑐𝑚𝐴𝑝𝑖𝑒𝑟) = 0.05 (where 𝐴𝑝𝑖𝑒𝑟 is the pier cross-section area), was applied on each 

pier. 
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Figure 6.39.   Schematic representation and geometry of the PS3 substructure through the EF model: 

(a) geometry and (b) distribution of the flexural and shear plastic hinges. 

6.3.3 Analysis at component level 

In Sections 6.3.3.1 and 6.3.3.2, the flexural and shear capacity of the piers and the 

spandrel are defined at component level, in terms of moment-rotation curves and moment-

axial load (M-N) domains. 

6.3.3.1 Moment-rotation curves  

The flexural capacity of piers is defined from an elastic-perfectly plastic stress-strain 

relation in compression with no-tensile resistance (EPP-NTR) assumption and the 

Lumantarna’s model in compression with no-tensile resistance (Lumantarna-NTR).  

Regarding the spandrel, an elastic-perfectly plastic (EPP) stress-strain, as well as a 

Lumantarna’s model, in compression and resistant in tension (TR) model are considered. 

More in detail, an equivalent tensile strength 𝑓𝑡𝑢 related to the interlocking effect (Cattari and 

Lagomarsino, 2008) is used to calculate the bending moment by performing the sectional 

analysis. Since the height and the width of the bricks are 𝛥𝑦 = 76 mm and 𝛥𝑥 = 110 mm, 

respectively, and the 65% of the mean compressive stress 𝜎 is considered as acting on the 

adjacent pier section (Cattari and Lagomarsino, 2008), the equivalent tensile strength, 

calculated according to Equation 6.5 (Cattari and Lagomarsino, 2008), results in             

𝑓𝑡𝑢 = 0.30 MPa. 
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𝑓𝑡𝑢 =
𝛥𝑥

2𝛥𝑦
𝜇 0.65 𝜎 (6.5) 

For the EPP model, the compressive yield 𝜀𝑦𝑐 and ultimate 𝜀𝑢𝑐 strains equal to 1% and 

1.2% were adopted, thus considering a ductility in compression equal to 𝜇𝜀𝑐 = 𝜀𝑢𝑐 𝜀𝑦𝑐⁄ = 1.2. 

In the Lumantarna’s model (Lumantarna, 2012), assuming a mortar without lime, the peak 

𝜀𝑦𝑐 and the ultimate 𝜀𝑢𝑐 strains, result equal to 1% and 2.1% respectively (with                 

𝜇𝜀𝑐 = 𝜀𝑢𝑐 𝜀𝑦𝑐⁄ = 2).  

At this first stage, no axial load on the spandrel is considered. The adopted values of 

compressive and tensile strains used in the sectional analysis for describing the moment-

rotation response, elastic (𝜀𝑦𝑐 and 𝜀𝑦𝑡) and ultimate (𝜀𝑢𝑐 and 𝜀𝑢𝑡) strain values, are shown in 

Figure 6.40 and reported in Table 6.15.  

 

Figure 6.40.   Stress-strain relationships: (a) EPP-NTR and (b) Lumantarna-NTR models for the piers 

and (c) EPP-TR and (c) Lumantarna-TR for the spandrel. 
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Table 6.15.   Parameters adopted for the stress-strain relationships of piers and spandrel. 

 

The MBA formulation (Pampanin et al., 2001) discussed for the Ispra panels (Section 

6.2.3.1) is herein used to define the rotation of the piers and the spandrel. Therefore, 

Equation 6.3 is adopted by considering 𝜒𝑦 = 2 𝜀𝑦𝑐/𝐵 with 𝐵 taken as the length 𝐵𝑝 for the 

piers and the height ℎ𝑠𝑝 for the spandrel, and Lcant taken as half of the effective height 

ℎ𝑝,𝑒𝑓𝑓/2 for piers and as half of the clear span 𝐿𝑠𝑝/2 for the spandrel. The element elastic 

contribution is added through Equation 6.4, in which 𝐻𝑝 corresponds to the effective height 

ℎ𝑝,𝑒𝑓𝑓 derived by the Dolce’s rule (Dolce 1991) for the piers and to the clear span 𝐿𝑠𝑝 for the 

spandrel. 

For the spandrel, the moment-capacity curve is defined in three different ways, according 

to the EPP-TR model and Lumantarna-TR model, characterized by: 1) limited ductility in 

tension (𝜇𝜀𝑡 = 𝜀𝑢𝑡 𝜀𝑦𝑡⁄ = 50), i.e. tension governed failure (EPP-TR-TF), 2) limited ductility in 

compression (𝜇𝜀𝑐 = 𝜀𝑢𝑐 𝜀𝑦𝑐⁄ = 1.2) and unlimited ductility in tension, i.e. compression 

governed failure (EPP-TR-CF) and 3) limited ductility in compression (𝜇𝜀𝑐 = 𝜀𝑢𝑐 𝜀𝑦𝑐⁄ = 2.0) 

and unlimited ductility in tension, i.e. compression governed failure (Lumantarna-TR-CF). 

The values related to the moment-rotation curves, obtained with the different models for 

piers and spandrel are reported in Table 6.16, while the corresponding moment-rotation 

curves are shown in Figure 6.41. 

Three different limit state conditions are considered (decompression, peak and ultimate) 

and a section analysis is performed to define the moment-rotation behavior. More in detail, 

the decompression condition corresponds to the assumption that the rotation 𝜃𝑑𝑒𝑐 is equal to 

the elastic one (obtained from the initial stiffness Kel) and consequently the decompression 

moment 𝑀𝑑𝑒𝑐 is defined. For piers and spandrel (when the EPP (or Lumantarna)-TR-CF 

model is adopted) from imposing the values of compressive peak 𝜀𝑦𝑐 and ultimate 𝜀𝑢𝑐 
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strains, the peak (𝑀𝑝) and the ultimate (𝑀𝑢) moment, together with the corresponding 

rotations 𝜃𝑝 and 𝜃𝑢, are defined. On the contrary, when the EPP-TR-TF model is adopted for 

the spandrel, from imposing the values of tensile peak 𝜀𝑦𝑡 and ultimate 𝜀𝑢𝑡 strains, the 

moments 𝑀𝑝 and 𝑀𝑢 and the corresponding rotations (plastic and ultimate) 𝜃𝑝 and 𝜃𝑢, are 

defined. 

 

Figure 6.41.   Flexural thresholds at the moment-rotation diagram for (a) left pier, (b) right pier and (c) 

spandrel. 
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Table 6.16.   Rotation and bending moment values obtained for the piers and the spandrel. 

 

According to the results obtained so far, for the spandrel, the EPP-TR-TF model is 

adopted, since it gives lower rotation values, hence the lower flexural ductility. For the piers, 

instead, the EPP-NTR model is chosen for its precautionary results in terms of the lower 

rotation values. 

Regarding the shear strength of the piers, the Turnšek and Cačovic (Turnšek and 

Cačovic 1971) criterion is adopted for diagonal cracking, see Section 5.4.2.2 for more details,  

while for the spandrel, the shear strength is calculated considering the masonry shear 

strength in absence of axial load (as suggested in NTC 2018), see Section 5.4.2.3 for more 

details. 

The piers and spandrel strength thresholds are expressed in terms of the moment 

capacity calculated from the pier (or spandrel) shear resistance 𝑉𝑠 and the pier (or spandrel) 

cantilever length 𝐿𝑐𝑎𝑛𝑡, as 𝑀 = 𝑉𝑠𝐿𝑐𝑎𝑛𝑡. 

It should be noted that both PS3 substructure piers are characterized by the same 

geometry and pre-compression load. Moreover, their capacity and resulting failure 

mechanism are dependent on the acting axial load, that is given by the sum of the gravity 

load 𝑁 and the axial load variation ±𝛥𝑁, due to the coupling effect of the spandrel during the 

lateral sway (Figure 6.42). The axial load variation 𝛥𝑁 is obtained from the spandrel shear 

resistance 𝑉𝑠𝑝 and given as the minimum between flexural and shear strength capacity. 

Applying the equivalent seismic force from right to left, following the first push cycle load of 

the experimental test (Knox et al., 2017), the right pier is subjected to a decrease of axial 

load (−𝛥𝑁) and the left pier to an increase of it (+𝛥𝑁). 



Chapter 6. Applications of the SLaMA-URM method: In-Plane performance 

 

243 

 

 

Figure 6.42.   Frame subjected to horizontal load and gravity load with axial load variation. 

The flexural and shear strength thresholds for the spandrel are shown in Figure 6.43c. It 

is observed that a flexural-shear mixed failure is expected to occur. Nevertheless, a shear 

brittle failure mechanism, which disregards the development of flexural failure, may be 

conservatively assumed. This results in an elastic-brittle response of the spandrel with a 

failure moment 𝑀𝑝 of 26.81 kNm. In order to analyse the piers, the shear strength of the 

spandrel 𝑉𝑠𝑝 (equal to the axial load variation 𝛥𝑁 on the piers) is obtained from the spandrel 

failure moment, according to 𝑉𝑠𝑝 = 𝑀𝑝 𝐿𝑠𝑝 2⁄ , thus resulting 𝛥𝑁 = 43.24 kN. Considering the 

pre-compression load 𝑁 on each pier, the axial loads applied on the left and right piers are 

174.6 kN and 88.1 kN, respectively. 

The thresholds for the flexural and shear strengths of the spandrel and piers are reported 

in Table 6.17 and shown in Figure 6.43 within moment-rotation diagrams. The response of 

both piers is governed by a rocking mechanism. 

Table 6.17.   Moment and rotation values at decompression, peak and ultimate conditions, for 

spandrel (EPP-TR-TF model) and piers (EPP-NTR model). 
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Figure 6.43.   Flexural and shear strength thresholds at the moment-rotation diagram for (a) left pier 

(EPP-NTR model), (b) right pier (EPP-NTR model) and (c) spandrel (EPP-TR-TF model). 

6.3.3.2 Moment-axial load (M-N) domains  

The flexural capacity of piers is defined through a closed-form equation according to 

NTC 2018 and NZSEE 2017b, in which the bending moment capacity is defined using an 

equivalent compressive stress block assumption. Alternatively, the Moment-Axial load (M-N) 

interaction curve can be obtained through sectional equilibrium equations, in which different 

constitutive laws can be adopted for masonry. 

In such a context, the pier M-N interaction domains are defined by considering the EPP-

NTR and the Lumantarna-NTR models. Also in this case, to emphasize the reliability of the 

MBA approach (Pampanin et al., 2001), the results obtained by this procedure are compared 

next with those derived from traditional sectional analysis.  

In Figure 6.44a, the comparison between the M-N domains obtained with the EPP-NTR 

(with ductility in compression 𝜇𝜀𝑐 = 1.2) and the Lumantarna-NTR models is shown, adopting 

the conventional sectional analysis and the MBA approach. It is observed that the results 

from the two approaches perfectly match each other. Moreover, it is shown that the 

Lumantarna model gives a more conservative moment capacity with respect to the EPP one. 

This is due to the presence of strength degradation in the Lumantarna model which reduces 

the compression force, which in turn reduces the moment capacity. 

For the EPP-NTR model, assuming, as an example, a fixed elastic compressive strain of 

𝜀𝑦𝑐 = 1%, two different ductility levels in compression (𝜇𝜀𝑐 equal to 1.2 and 3.5) are 

considered to better understand the influence of the ductility on the M-N strength domain.  



Chapter 6. Applications of the SLaMA-URM method: In-Plane performance 

 

245 

 

The results presented in Figure 6.44b indicate that the domains from EPP-NTR model 

with 𝜇𝜀𝑐 equal to 1.2 converge to those from NTC 2018 or NZSEE 2017b. When increasing 

the ductility to a value of 𝜇𝜀𝑐 = 3.5, the M-N domain expands since the neutral axis depth 

decreases and, consequently, the lever arm of the resultant compression force increases. 

 

Figure 6.44.   Comparison between the piers M-N domains with: (a) EPP and Lumantarna’s models 

with the traditional sectional analysis and the MBA approach; (b) EPP models with different 𝜇𝜀𝑐 and the 

NTC 2018 formulation. 

For the spandrels, the elastic-perfectly plastic stress-strain law and tensile resistant 

(EPP-TR) model is assumed. In Figure 6.45 the M-N domains for the tension governed 

model with different values of 𝜇𝜀𝑡 (a) and 𝜂 (b) are shown, to elucidate the role of the tension 

strain ductility (𝜇𝜀𝑡 = 𝜀𝑢𝑡 𝜀𝑦𝑡⁄ ) as well as the ratio between the tensile strength and the 

compression strength (𝜂 = 𝑓𝑡𝑢 𝑓𝑐𝑚⁄ ). 

Reducing the tension strain ductility 𝜇𝜀𝑡 (Figure 6.45a), the moment capacity, 

corresponding to the low axial load, and the peak moment capacity, both decrease. 

Considering a constant axial load level, as tension strain ductility increases, the depth of the 

section in tension increases, and the compression and tension forces increase proportionally, 

and in turn, increases the moment capacity. 

 By varying the values of 𝜂 (Figure 6.45b), considering different values of equivalent 

tensile strength 𝑓𝑡𝑢, it can be seen that this latter parameter is important in defining the M-N 
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domain, since it leads to strongly different results in terms of moment capacity at low values 

of axial load, while it is not very influent at a high level of it. 

 

Figure 6.45.   Comparison of spandrel M-N domains varying: (a) the tension ductility 𝜇𝜀𝑡 values for the 

tension governed model; (b) the compression strength and tension strength ratio η values for the 

tension governed model. 

In the following, a tension governed (EPP-TR-TF) model with a tension strain ductility of 

𝜇𝜀𝑡 = 50 is considered (with a value of 𝜀𝑦𝑡 = 0.04% for the yield tensile strain and 𝜀𝑢𝑡 = 2% 

for the ultimate tensile strain), as suggested in Knox (2012). Furthermore, a compression 

governed (EPP-TR-CF) model, with compressive strain ductility values of 𝜇𝜀𝑐 = 1.2 and  

𝜇𝜀𝑐 = 3.5, is adopted (assuming a value of 𝜀𝑦𝑐 = 1% for the yield compressive strain).  

A comparison of the strength domains of these models is shown in Figure 6.46a. It can 

be seen that the M-N domain obtained with 𝜇𝜀𝑐 = 3.5 is strongly similar to that obtained by 

the tension governed model. Decreasing the compressive ductility to a value of 𝜇𝜀𝑐 = 1.2, 

instead, leads to a decrease in moment capacity (as highlighted for the piers in Figure 

6.44b). The same M-N domains were defined adopting the conventional sectional analysis 

and the MBA approach: the obtained results perfectly match each other (Figure 6.46a).  

To investigate the effect of the tensile strength, a comparison of the M-N domains, for the 

EPP and the Lumantarna models, in the case of no-tensile resistance (NTR), and in the case 

in which an ‘equivalent’ tensile strength 𝑓𝑡𝑢 is defined (TR), is shown in Figure 6.46b. It 
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results clear that the addition of 𝑓𝑡𝑢 has a strong effect on the moment capacity at low values 

of axial load, which are typical in the spandrels. With the Lumantarna stress-strain profile a 

contracted M-N domain with respect to that resulted by the EPP domain was obtained, due 

to the strength degradation that characterizes this model. 

 

Figure 6.46. Comparison between the spandrel M-N domains with: (a) EPP for tension and 

compression governed models with both the traditional sectional analysis and the MBA approach; (b) 

EPP and Lumantarna’s models (TR and NTR) for compression governed failure models. 

In the following Sections, the spandrel with tensile behavior (TR) is considered, 

according to the experimental results, that show an interlocking effect of bricks at the 

spandrel-joint interface region. Moreover, the EPP-TR-TF model is adopted for the flexural 

response of the spandrel, in which lower values for the rotation, flexural ductility and tensile 

strain ductility are, conservatively, assumed. 

6.3.4 Analysis at subassembly level 

The evaluation of the hierarchy of strength between the structural components of a 

subassembly requires the assessment of the individual capacities having a common 

parameter as a reference. In this procedure, the taken parameter is the equivalent bending 

moment in the involved pier, according to Pampanin et al. (2007). 
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Considering that the capacity of the structural components was previously derived as a 

moment-rotation relation, the pier M-N interaction (or performance) domain is adopted to 

identify the sequence of failure mechanisms in each pier-spandrel subassembly. In this 

domain, the demand in terms of axial load variation, due to the lateral load on the frame, is 

defined. The capacity of the spandrel in terms of the equivalent pier bending moment is 

identified in correspondence to the type of the considered subassembly, and then referring to 

a local (rotational) equilibrium between pier and spandrel. In the case under study, both 

subassemblies are of type “knee corner” (see Section 5.4.3.1 for more details), and therefore 

are characterized by a “one-to-one” (number of piers vs. spandrels connecting into the joint) 

moment ratio. 

As both the flexural and shear capacities of the spandrel can be considered independent 

from the axial load applied to the piers, the spandrel moment capacity in the M-N 

performance domain is assumed to be constant. Under these conditions, the comparison of 

the strength of structural components is made according to Equation 6.6 (NZSEE 2017a): 

ΔN=±
2𝐻

3𝐿
𝐹 (6.6) 

where 𝐻 and 𝐿 are the height and the length of the substructure, respectively, and 𝐹 

represents the equivalent seismic load (or global shear strength), assumed to be applied at 

2/3 of 𝐻. The intersection of the demand (axial load variation) with the capacity curves 

determines the sequence of events. 

The M-N performance domain of the piers (it is the same for both piers) with the curves 

corresponding to the potential failure mechanisms of the piers and the spandrel is shown in 

Figure 6.47.  

The sequences of events in the right subassembly, subjected to a decrease of axial load 

(−ΔN), (squares; numbered from 1 to 2) and in the left subassembly, subjected to an 

increase of axial load (+ΔN) (triangles; numbered from 1 to 2) are shown in Figure 6.48. In 

the right subassembly, the onset of failure is given by (i) shear (diagonal cracking) failure of 

the spandrel, followed by (ii) rocking of the pier. In the left subassembly, instead, it is given 

by (i) shear (diagonal cracking) failure of the spandrel, followed by (ii) diagonal cracking of 

the pier. 
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Figure 6.47.   M-N performance domain. 

 

Figure 6.48.   Zoom of the M-N performance domain highlighting the sequence of the failure events  

(■: right subassembly (−ΔN), ▼: left subassembly (+ΔN)). 

6.3.5 Analysis at In-Plane global level 

The global mechanism of the substructure, i.e. a “mixed sideway” mechanism, can be 

defined from the hierarchy of strength in each subassembly. The mechanism is characterized 
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by the shear failure of the spandrel and by the rocking at the base of both piers, as obtained 

also from experimental test and numerical simulation. Regarding this latter mechanism, the 

overturning moment (𝑂𝑇𝑀) is calculated using a global equilibrium approach by including two 

contributions (see Figure 6.49a): (1) the bending moment at the base of the piers 𝑀𝑝,𝑖, and 

(2) the push-pull overall moment due to the coupling of shear forces at the spandrel-end 𝑉𝑠𝑝 

(a rocking mechanism). The base shear force 𝑉𝑏 is calculated by dividing the 𝑂𝑇𝑀 by the 

effective height of the structure 𝐻𝑒𝑓𝑓, according to Sullivan et al. (2012).  

More in detail, the spandrel contribution (rocking mechanism) to the 𝑂𝑇𝑀 is defined 

through the parameter 𝛽𝐹 and results equal to 0.44. The ratio between the effective height 

𝐻𝑒𝑓𝑓 and the total height 𝐻 of the frame is calculated and results equal to 1.335. Due to the 

fact that this value is greater than the unit, 𝐻𝑒𝑓𝑓 is defined as equal to 𝐻. From the value of 

the 𝑂𝑇𝑀 (that results equal to 237 kNm), the base shear is given by the ratio of this value to 

the effective height and results equal to 104.6 kN.  

Regarding the “yield” 𝛥𝑦 and the ultimate 𝛥𝑢 displacement of the frame at the effective 

height 𝐻𝑒𝑓𝑓, they are calculated from the minimum “yield” 𝜃𝑦,𝑚𝑖𝑛 and ultimate 𝜃𝑢,𝑚𝑖𝑛 drift. The 

predicted shear mechanism (brittle failure) of the spandrel occurs first as its drift is the 

minimum “yield” drift (𝜃𝑦,𝑚𝑖𝑛 = 0.146%), and hence the lower displacement (𝛥𝑦 = 3.3 mm, 

marked with an “X” in Figure 6.49b). Being a brittle failure mode it would also identify the 

ultimate drift (or displacement), but by assuming that the structure is still able to withstand 

lateral load, global rocking occurs up to a drift of 𝜃𝑢 = 1.4% (i.e. a displacement of 32 mm).  

The SLaMA method, as it is conceived, allows defining a bilinear elastic-perfectly plastic 

curve as a first approximation to the base shear force-displacement response of the 

structure. The elastic-limit and ultimate displacements of the bilinear curve are defined 

according to the elastic-limit and ultimate rotation of the critical structural components. It is 

worth noting that refinements to this curve are possible by evaluating the aforementioned 

𝑂𝑇𝑀 at earlier stages (e.g. for different limit states). By calculating the 𝑂𝑇𝑀 at different given 

states, starting from the elastic-limit condition (identified as the “yield” rotation corresponding 

to the spandrel shear failure), a “refined” analytical curve is obtained (see Figure 6.49b).  

More in detail, considering the “yield” condition, the 𝑂𝑇𝑀 was recalculated, according to 

the schematization in Figure 6.49a, at the drift of 𝜃𝑦,𝑚𝑖𝑛 = 0.146%, obtaining a value of 

𝑂𝑇𝑀 = 191 kNm and a base shear equal to 84.5 kN. 
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Figure 6.49.   PS3 substructure global mechanism analysis: (a) schematization for the calculation of 

the overturning moment OTM and the base shear Vb; (b) analytical curves from the “standard” and 

“refined” SLaMA-URM method. 

As observed in Figure 6.50, the refined curve is in better agreement with the 

experimental and numerical responses. The differences in terms of dissipated energy (i.e. 

the area under the curve) for the standard analytical curve and the refined one are 10% and 

8%, respectively, when compared with the experimental curve. In Figure 6.51 it is shown the 

comparison in terms of the expected crisis mechanism of the substructure from analytical, 

numerical and experimental approaches.  

 

Figure 6.50.   Experimental, numerical (TSRC and C&P models) and analytical (refined) responses in 

terms of capacity curves. 
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Figure 6.51.   Experimental, numerical (TSRC and C&P models) and analytical (refined) responses in 

terms of crack patterns. 

6.3.6 Effect of the geometry 

The geometry of the structural components in URM structures plays an important role in 

its global seismic capacity. By varying the dimensions of the piers and/or of the spandrel, the 

failure mechanism in each subassembly may be changed. To assess this influence, 

parametric analyses on the PS3 substructure were carried out, and the M-N performance 

domains, together with the corresponding pushover curves, were obtained. It is worth noting 

that, in the following analyses, the PS3 specimen is considered as a benchmark and the 

shear failure of its spandrel corresponds to the ultimate state of the substructure. 

The effective length of the spandrel Lsp (clear span of the openings) and its height (or 

section depth) hsp, as well as the length (or section depth) of the piers Bp and its height 

(clear, not effective) hp were varied, individually, in the following ranges: Lsp = [1.24 - 2.50 

m]; hsp = [0.94 - 2.00 m]; Bp = [0.80 - 1.80 m]; hp = [1.00 - 3.00 m]. Accordingly, the aspect 

ratios of the spandrel and piers vary in the range λsp = Lsp/hsp = [0.62 - 2.66] and        

λp =hp/Bp = [0.84 - 2.52], respectively. 

From the performed analyses, it is highlighted that by increasing the length of the 

spandrel Lsp (for a given height, so increasing the aspect ratio), its failure mechanism 

changes from shear to flexural type (from λsp = 1.49), and the resulting capacity curves of the 

PS3 substructure show an increase in ductility μ (from 1.7 to 2.3), as shown in Figure 6.52. 

On the contrary, the spandrel capacity increases when its height hsp is increased, and it 

continues to be governed by a shear failure, i.e. the original failure mechanism of the 

substructure (Figure 6.53). In this case, there is also an increase of the base shear capacity 

of the substructure, from 6% to 12%. 
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Figure 6.52.   Capacity curves of the substructures by varying the spandrel length Lsp. 

 

Figure 6.53.   Capacity curves of the substructures by varying the spandrel height hsp. 

Regarding the piers, the base shear capacity of the substructure increases for larger Bp, 

within a −27% to +42% variation with respect to the PS3 substructure base shear capacity 

(black line in Figure 6.54). In this case, the failure mechanism of the spandrel is not changed, 

i.e. it remains a shear failure. By increasing the pier height hp, the capacity curves present a 

lower stiffness and base shear strength (within a +140% to −57% variation and a +54% to 
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−35% variation, respectively, with respect to the PS3 substructure stiffness and base shear 

strength, see the black line in Figure 6.55), while the spandrel remains suffering a shear 

failure. The left pier, subjected to an increase of axial load (+ΔN), is characterized by a 

rocking mechanism if the ratio λp is larger than 1.26, while for lower values it presents a 

diagonal cracking failure (Figure 6.55). 

 

Figure 6.54.   Capacity curves of the substructures by varying the piers length Bp. 

 

Figure 6.55.   Capacity curves of the substructures by varying the piers height hp. 
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6.3.7 Effect of the pier-spandrel joints contribution 

In all the results presented so far, the influence of the URM pier-spandrel joints on the 

global capacity of the structure was neglected since these components were assumed as 

rigid. In this Section, an analytical approach to derive the strength capacity of pier-spandrel 

joints is considered, with the aim to assess its effect on the pier M-N performance domain. 

Four potential failure mechanisms of URM pier-spandrel joints are addressed: diagonal 

compression, toe crushing, sliding shear and diagonal shear (tension). An equivalent 

diagonal strut mechanism within the pier-spandrel joint is assumed, in analogy with the RC 

frame-infill wall combined behavior (Bertoldi et al., 1993). More details can be found in 

Section 5.4.2.4. 

The procedure is applied to the PS3 substructure. At first, the capacity of the pier-

spandrel joints in terms of the equivalent bending moment of the pier needed to be 

calculated. To this aim, starting from simplified equilibrium equations, the equivalent pier 

shear force and, consequently, the pier equivalent moment were obtained. The pier 

equivalent shear force Vp was defined from the lateral resistance of the equivalent strut Vjh, 

based on the geometry of the subassembly, as shown in Figure 6.56. The pier equivalent 

moment Mp was calculated by multiplying Vp by the half pier height hp/2 (assumed as the 

pier cantilever length). Then, the hierarchy of strength between the pier, spandrel and joint in 

the pier M-N performance domain was evaluated.  

 

Figure 6.56.   Schematization of the parameters to define the strength of a joint at a generic knee 

subassembly. 
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For all the investigated cases, the expected failure mechanism of the joints is diagonal 

cracking. The hierarchy of strength of the given substructures shows that when the spandrel 

height hsp or the pier length Bp increase, the joint presents a higher capacity, which is 

enough to exclude its failure in the sequence. On the contrary, the influence of the joint 

becomes important (i.e. its capacity decreases) when the pier height hp or the spandrel 

length Lsp increase. To highlight this aspect, some representative domains are presented in 

Figures 6.58, 6.60, 6.62 and 6.64 corresponding to subassemblies in which the spandrel 

length Lsp (Figures 6.57), the spandrel height hsp (Figures 6.59), the pier length Bp (Figures 

6.61) and the pier height hp (Figures 6.63), were varied respectively. The comprehensive 

results of all the substructures investigated are reported in Appendix A.3. 

Both the spandrel length Lsp and the spandrel height hsp influence the joint capacity 

consistently (see Figures 6.58 and 6.60). For cases with high values of Lsp and/or low values 

of hsp, the capacity of the joint decreases and its influence in the hierarchy of strength could 

become significant. For example, considering the case with Lsp equal to 2.50 m (Figure 

6.58c), and taking into account the negative variation of axial load −ΔN, the joint failure 

follows the rocking failure of the spandrel. It should be noted that disregarding the finite 

capacity of the joint (as generally done when adopting the hypothesis of a rigid joint), could 

lead to incorrect predictions of both the local and global failure mechanisms and then to an 

inappropriate retrofit solution. Indeed, by deciding a priori to disregard the capacity of the 

pier-spandrel joint, the possible strengthening of the spandrel might not take into account the 

potential shear failure of the joint. 

 

Figure 6.57.   Substructures with Lsp of (a) 1.24 m, (b) 1.80 m and (c) 2.50 m. 
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Figure 6.58.   Pier M-N performance domains for subassemblies with Lsp of (a) 1.24 m, (b) 1.80 m and 

(c) 2.50 m. 

 

Figure 6.59.   Substructures with hsp of (a) 0.94 m, (b) 1.20 m and (c) 1.50 m. 

 

Figure 6.60.   Pier M-N performance domains for subassemblies with hsp of (a) 0.94 m, (b) 1.20 m and 

(c) 1.50 m. 

Also the pier length Bp and the pier height hp influence the capacity of the joint (see 

Figures 6.62 and 6.64). For cases with low values of Bp and/or high values of hp, the 

capacity of the joint decreases. On the contrary, for low values of hp and/or high values of Bp, 

for example, when Bp equal to 1.40 m (Figure 6.62c) or hp is equal to 1.00 m (Figure 6.64a), 
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the joint capacity is really high and its influence in the hierarchy of strength could be 

completely neglected. 

 

Figure 6.61.   Substructures with Bp of (a) 0.80 m, (b) 1.00 m and (c) 1.40 m. 

 

Figure 6.62.   Pier M-N performance domains for subassemblies with Bp of (a) 0.80 m, (b) 1.00 m and 

(c) 1.40 m. 

 

Figure 6.63.   Substructures with hp of (a) 1.00 m, (b) 2.00 m and (c) 3.00 m. 
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Figure 6.64.   Pier M-N performance domains for subassemblies with hp of (a) 1.00 m, (b) 2.00 m and 

(c) 3.00 m. 

A summary of the performed parametric analyses is presented in Table 6.18, with the 

identification of the first failure mechanism observed in the substructures. The bold marked 

values in Table 6.18 refer to variations with respect to the original geometry of the PS3 

substructure (in the first row, italicized). 

When increasing the spandrel length Lsp, the failure mechanism of the substructure is 

dominated by the flexural behavior of the spandrel. In this case, once the total length of the 

substructure is increased, the variation of axial load ΔN due to the lateral load tends to 

decrease. For higher values of Lsp, the corresponding shear capacity of the spandrel 

increases (see Figure 6.58). Regarding the considered variations of hsp, Bp and hp, instead, 

the same failure mechanism observed for the PS3 substructure (i.e. starting with the shear 

failure of the spandrel) is identified. 

The increase of hsp leads to a slight increase of shear strength coupled with a large 

increase of flexural capacity of the spandrel (see Figure 6.60). In this case, as 

aforementioned, the joint capacity presents a significant increase. When the pier length Bp 

increases, a decrease of ΔN is observed (due to the increased length of the substructure). 

As expected, the flexural capacity of the piers increases, while the spandrel flexural capacity 

decreases (see Figure 6.62). Finally, for higher values of pier height hp, the shear capacity of 

the piers (both the sliding and the diagonal cracking) increases and the joint capacity 

decreases (see Figure 6.64). 
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Table 6.18.   Parametric analyses with respect to the geometry of the PS3 substructure (first row, 

italicized) and substructures failure mechanism (in bold are the varied parameters). 

 

6.3.8 Effect of different simplified modelling strategies 

In this Section the differences in the predicted capacity of the PS3 substructure resulting 

from the adoption of different simplified modelling strategies are evaluated.   

The “strong-spandrel weak-pier” model and the “weak-spandrel strong-pier” model (see 

Section 3.3.3 for more details) are compared with the results obtained through the equivalent 

frame schematization (see Section 6.3.5). For the first case, the piers were assumed with the 

fixed-fixed (FF) boundary condition and two effective heights were considered: the pier 

height to the axis of the spandrel and the height of the opening. For the second case, the 

piers were assumed with cantilevered (C) boundary condition and two effective heights were 

considered: the full height of the substructure to the top of the spandrel and to the axis of the 

spandrel.   

hp Bp λp Lsp hsp λsp Failure 

mechanism 
[m] [m] [-] [m] [m] [-] 

1.795 1.19 1.51 1.24 0.94 1.32 SP Shear 

1.795 1.19 1.51 1.40 0.94 1.49 SP Rocking 

1.795 1.19 1.51 1.60 0.94 1.70 SP Rocking 

1.795 1.19 1.51 1.80 0.94 1.91 SP Rocking 

1.795 1.19 1.51 2.00 0.94 2.13 SP Rocking 

1.795 1.19 1.51 2.20 0.94 2.34 SP Rocking 

1.795 1.19 1.51 2.50 0.94 2.66 SP Rocking 

1.795 1.19 1.51 1.24 1.20 1.03 SP Shear 

1.795 1.19 1.51 1.24 1.50 0.83 SP Shear 

1.795 1.19 1.51 1.24 2.00 0.62 SP Shear 

1.795 0.80 2.24 1.24 0.94 1.32 SP Shear 

1.795 1.00 1.80 1.24 0.94 1.32 SP Shear 

1.795 1.40 1.28 1.24 0.94 1.32 SP Shear 

1.795 1.60 1.12 1.24 0.94 1.32 SP Shear 

1.795 1.80 1.00 1.24 0.94 1.32 SP Shear 

1.00 1.19 0.84 1.24 0.94 1.32 SP Shear 

1.30 1.19 1.09 1.24 0.94 1.32 SP Shear 

1.50 1.19 1.26 1.24 0.94 1.32 SP Shear 

2.00 1.19 1.68 1.24 0.94 1.32 SP Shear 

2.30 1.19 1.93 1.24 0.94 1.32 SP Shear 

2.60 1.19 2.18 1.24 0.94 1.32 SP Shear 

3.00 1.19 2.52 1.24 0.94 1.32 SP Shear 

SP is for Spandrel.    
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In Figure 6.65, the PS3 substructure idealised as piers and spandrel elements using the 

two different boundary conditions is shown. In Table 6.19 are reported the effective heights 

of the piers hp and the effective heights of the system Heff (identified as the height of the 

piers up to the contra flexure point) adopted in the simplified models. 

 

Figure 6.65.   Simplified models of PS3 substructure: “strong-spandrel weak-pier” model with effective 

height equal to (a) the opening height and (b) the pier height to the spandrel axis, and “weak-spandrel 

strong-pier” model with effective height equal to (c) the full height and (d) the pier height to the 

spandrel axis. 

Table 6.19.   Piers height and effective height of the structure adopted in the simplified models. 

 

In Table 6.20 are reported the values of the base shear obtained for the “strong-spandrel 

weak-pier” and the “weak-spandrel strong-pier” models adopting the different aforementioned 

effective heights. In the same Table, also the ratio 𝑉𝑏 𝑉𝐸𝐹𝑀⁄  is reported, to evaluate if the 

results are representative of the substructure response. In Figure 6.66 the comparison of the 

pushover curves obtained with the simplified models, the EF model and the experimental one 

is shown.  

In all the configurations, the rocking was found to be the critical failure mode for the 

piers. The boundary conditions and the effective height of the piers strongly influence the 

predicted strength value, as shown in Table 6.20. 
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The fixed-fixed (FF) models overestimate the strength of the expected base shear 

obtained by the EFM: of 55% when the effective height is equal to the opening height and of 

23% when the effective height is assumed to equal to the pier height up to the spandrel axis. 

It means that more the effective height increases, more this overestimation is reduced. This 

is due to the fact that the moment associated with the rocking failure has to be divided by a 

higher effective height, resulting in a lower base shear. Regarding the results obtained by the 

cantilevered (C) models, the opposite occurs. Due to the fact that the effective height of the 

system corresponds to the effective height of the piers when it increases the base shear 

decreases. In these cases, the results underestimate the expected EFM results in terms of 

the maximum lateral strength by 51% when the effective height is equal to the full height of 

the substructure and by 61% when the effective height is equal to the pier height up to the 

spandrel axis. 

Table 6.20.   Predicted base shear in the simplified models and ratio with respect to the strength 

obtained by the EFM. 

 

 

Figure 6.66.   Base shear-displacement curves comparing the experimental response of the PS3 

substructure with that obtained through simplified modelling strategies. 
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This comparison shows that although the simplified models are easy to use, they are not 

enough reliable and competitive with respect to the Equivalent Frame methods. This is due 

not only to the excessive over, or under, estimation of the global lateral strength but also to 

the incomplete results given in terms of the crack patterns of the structure (i.e. the spandrel 

behaviour is not taken into account). This aspect represents an important key point when 

defining the most adequate retrofit strategy. Designing a retrofit intervention means to plan 

the most effective solution to avert and prevent brittle failure modes, in favour of the ductile 

ones. For this reason, a wrong evaluation of the governing failure mode of the structure can 

lead to a not effective retrofit strategy and hence to significant and unsolvable 

consequences. 

6.4 Two-storey wall 

The two-storey URM wall herein analyzed is part of a full-scale building prototype (Figure 

6.67a), tested at the University of Pavia, under quasi-static displacements applied to simulate 

dynamic load/displacement patterns. It is the Door wall (or wall D) (Figure 6.67b), extensively 

studied in literature (Gambarotta and Lagomarsino 1997b; Magenes and Della Fontana 

1998; Grande et al., 2011; Sabatino and Rizzano, 2010; Siano et al., 2018). It is composed 

of two-wythe solid fired-clay brick, with a total thickness of 0.25 m. The materials of the 

structure were chosen to represent the typical old urban construction in Italy. The measured 

compression strength of masonry was equal to 6.2 MPa. With reference to the entire building,  

the plan dimensions are 6 𝑥 4.4 m and the height is 6.4 m. The Door wall (wall D) is the 

longitudinal wall, parallel to the direction of loading and disconnected from the adjacent 

transverse walls (called A and C), while the window wall B was connected to the transverse 

walls with an interlocking brick pattern around the corner). 

The floors are characterized by a series of isolated steel beams, through which the 

vertical and horizontal loads are applied. The gravity loads were simulated with concrete 

blocks reaching a total added vertical load equal to 248.4 kN and 236.8 kN at the first and 

second floor, respectively. The application of the seismic forces was simulated by four 

concentrated horizontal forces applied at the floor levels, as shown in Figure 6.67a, by 

means of four displacement-controlled screw jacks. 
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Figure 6.67.   (a) Prototype plan and geometry; (b) front view of the Door wall (adapted from    

Magenes et al., 1995). 

Due to the weak coupling of the flexible floor beams, the wall D and walls A+B+C 

behaved as two independent structural systems. The wall D was subjected to the forces 

measured in jacks 1 and 2, while the walls A+B+C to those measured in jacks 3 and 4. For 

this reason, in the following, it is studied only the Door wall, regardless of the rest of the 

building.  

The cracking of the structure started at a drift of approximately 0.1% and the maximum 

base shear reached was approximately 150 kN. The test was terminated when strong 

damage was observed in the piers and in the masonry lintels, at a maximum drift of 

approximately 0.4%. With reference to wall D, initially, the cracking was limited to the 

spandrels between the openings. This is due to the fact that the spandrels, typically 

characterized by no axial loads, are generally prone to early shear cracking and also 

because the region between openings is generally characterized by a lower joint shear 

strength.  

Then, the reduced coupling between the piers leads to the propagation of the cracks and 

the shear cracking in the central piers became the failure mechanism. Further increasing the 

displacement leads to the shear failure of the exterior piers. 

In Figure 6.68 are shown the experimental results in terms of base shear-top 

displacement and the crack patterns at different drift levels (Magenes et al., 1995). 
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Figure 6.68.   Experimental Door wall results: (a) base shear-top displacement curves and (b) crack 

patterns at different drift levels (adapted from Magenes et al., 1995). 

From the experimental results, it was shown that the Door wall behaved as a coupled 

shear wall. The exterior piers, due to the overturning effect of the horizontal forces, 

presented diagonal shear cracking only in one direction. Indeed, an increase in the axial load 

in the pier on the side corresponding to the seismic force direction modifies the rocking or 

flexural failure mode to a shear-dominated failure.  

In Sections 6.4.1 and 6.4.2 the developed Finite Element (FE) and Equivalent Frame 

(EF) models of the Door wall are shown, and the obtained results in terms of capacity curves 

and crack patterns are compared with the experimental one.  

6.4.1 Numerical modelling: macro-mechanical Finite Element Model 

(FEM) 

The Door wall was modelled in DIANA software (DIANA 2019) by adopting a FE macro-

mechanical approach. The masonry is represented through continuum FEs (Q8MEM, 2D    

4-node quadrilateral) using a structured mesh developed with an approximated size of 100 

mm. The Total Strain Rotating Crack (TSRC) model and the Crack and Plasticity (C&P) 

model (see Section 6.2.1 for more details) were assumed to describe the material response. 

The system boundary conditions are defined as: (i) fix the X- and Y-directions at the base of 

the piers, (ii) adopt a master-slave node strategy to allow the application of uniform horizontal 

displacements at the floors level (in order to reproduce the rigid plane constraint due to the 
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presence of stiff steel beams at each floor) and, therefore, fix the X-direction on the master 

nodes at each floor, to set as equal the horizontal displacements of the nodes at the floors. In 

Figure 6.69 are shown the numerical model with the selected boundary conditions, the 

applied axial load and the horizontal displacement as well as the adopted mesh. 

 

Figure 6.69.   Door wall: (a) numerical FE model and (b) mesh adopted. 

The adopted mechanical parameters for piers and spandrels were defined according to 

Sabatino and Rizzano (2010). More in detail, the following mechanical parameters were 

considered in the Total Strain Rotating Crack (TSRC) FE model: Young’s modulus          

𝐸𝑚 = 1800 MPa and shear modulus 𝐺𝑚 = 720 MPa; for the tensile behavior, a linear-

exponential curve with strength 𝑓𝑡 = 0.26 MPa and fracture energy 𝐺𝑡 = 0.015 N/mm (set 

according to Lourenço (2010), in absence of further experimental data); for the compressive 

behavior, a linear-parabolic curve with a strength given as 𝑓𝑐𝑚 = 6.2 MPa and fracture energy             

𝐺𝑐 = 1 N/mm. For the Crack and Plasticity (C&P) model the same elastic properties adopted 

for the TSRC model were used as well as the same values of compressive and tensile 

strength. A cohesion equal to 1.7898 N/mm2, a friction angle equal to 0.5236 rad (30°) and a 

zero dilatancy angle (as suggested in Rots, 1997) were assumed. A detailed list of these 

mechanical parameters is reported in Table 6.21. 
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Table 6.21.   Mechanical parameters for TSRC and C&P constitutive models. 

Em (N/mm2) Young modulus 1800 

ν Poisson ratio 0.25 

fcm (N/mm2) Compressive strength 6.2 

ft (N/mm2) Tensile strength 0.26 

Gc (N/mm) Compressive fracture energy 1 

GI
f (N/mm) Tensile fracture energy 0.015 

  TSRC C&P  

ϕ (deg) Internal friction angle - 30  

c (N/mm2) Cohesion - 1.7898  

ψ (deg) Dilatancy angle - 0  

Concerning the applied loads, the vertical ones (corresponding to 248.4 kN at the first 

floor and 236.8 kN at the second floor) were applied as distributed forces at each floor level. 

The horizontal displacements were applied at the left side of the wall at each floor level, 

following an inverse triangular distribution: displacements of 21 mm and 10.29 mm were 

applied at the first and second floor, respectively.  

The prediction of the envelope curve of the cyclic base shear-horizontal displacement 

response was achieved through nonlinear static (pushover) analysis. The experimental and 

numerical crack patterns, as well as the comparison of the corresponding global response 

curves (by depicting the total base shear versus the horizontal displacement measured at the 

second floor), are presented in Figures 6.70 and 6.71.  

It can be observed that the obtained FE numerical pushover curves are in good 

agreement with the experimental envelope curve. Regarding the failure mechanisms, with 

the TSRC model, the shear failure of the central pier at the base is not read. The C&P, 

instead, is able to grasp the shear failure of the central and right piers at the base, as 

highlighted in Figure 6.71. With reference to the failure mechanisms of the spandrels, both 

models showed severe cracks in those weak regions. The C&P model is the more suitable to 

catch the shear failure mechanism that can occur in the structure. This arises from the 

adoption of a plasticity model that requires specific parameters to define the shear behaviour.  
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Figure 6.70.   Door wall results: FE numerical capacity curves against experimental envelope. 

 

Figure 6.71.   Door wall results: experimental and (FE) numerical crack patterns at the ultimate 

displacement. 

6.4.2 Numerical modelling: Equivalent Frame Model (EFM) 

The Door wall was modelled in 3MURI software (Lagomarsino et al., 2013) by adopting 

an Equivalent Frame Model (EFM). In this context, the adopted calculation model operates 

within the framework of the three-dimensional EFM approach, in which the walls are 

interconnected by horizontal floor diaphragms. It is inspired by a “box-like” conception of the 

masonry structure according to which the load-bearing structure, with reference to the 

vertical and horizontal actions, is identified by the walls and the floors. The formers are the 

load-bearing elements while the latter, in addition to distributing the vertical loads on the 

walls, are considered as in-plane stiffening elements (modelled as orthotropic membrane 

elements), on which depend the distribution of the horizontal actions between the walls. The 

floor elements are characterized by parameters that define the connection that the floor 
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exerts between nodes in the wall plane, as well as the shear stiffness of the floor itself, which 

governs the distribution of the horizontal actions between the different walls. The reference 

finite element considered is the plane element, in a plane stress state.  

According to the frame representation, each wall of the building is divided into elements 

in which is concentrated the deformability and the non-linearity of the response. These 

elements are the piers and the spandrels, connected by pier-spandrel joints, considered as 

infinitely rigid portions. The masonry elements are modelled as non-linear beam elements, 

characterized by six degrees of freedom, by a limited strength and stiffness degradation in 

the non-linear phase and by an ultimate displacement capacity based on a limited drift. The 

elastic behavior of the non-linear beam elements, adopted for piers and spandrels, is directly 

determined starting from the calculation of the shear and bending stiffness contributions, that 

depend on the mechanical and geometric properties.  

The nonlinear behavior is activated when a nodal force reaches its own maximum value 

defined as the minimum among the following strength criteria: rocking, diagonal cracking- 

shear and sliding-shear. More in detail, for the piers, are considered: i) the condition of in-

plane rocking failure associated with the crushing of the masonry at the compressed edge of 

the extreme sections; ii) the condition of sliding failure due to the formation of horizontal 

cracks in the mortar joints that can become sliding planes; iii) the condition of diagonal 

cracking failure associated to the formation and the development of diagonal cracks in the 

panel. Regarding the spandrels, the 3MURI software has implemented the indications of 

CNTC19 (2019). According to these, the spandrels can be considered as piers rotated by 90 

degrees if their axial load is known. On the contrary, if the axial load is unknown, an 

equivalent tensile strength, due to interlocking phenomena, can be calculated to define the 

rocking response. For the shear strength, it can be calculated by multiplying the thickness 

and the height of the spandrel section by the masonry initial shear strength at zero 

compressive stress. 

It is important to underline that the non-linear beam element is based on a non-linear 

correction, starting from the elastic prediction, made by comparing the stresses with the 

strength limits consequent to the above criteria. Then, if this limit is exceeded, it is carried out 

an appropriate redistribution of the characteristics of shear stress and bending moment at the 

ends, in such a way as to ensure the equilibrium of the element itself.  
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A crucial step in the idealization of the frame wall is represented by the identification of 

the geometry of the portions that can be schematized as rigid and those in which are 

concentrated the non-linearity (piers and spandrels). In this regard, neither in the literature 

nor in the Codes are univocally recognized criteria for carrying out this idealization. The 

3MURI software proposes an automatic mesh generation algorithm (defined starting from 

empirical rules based on the damage observed after seismic events) which, however, can be 

arbitrarily modified by the user when more appropriate alternative criteria are recognized. 

The calculation model allows to carry out linear and non-linear static analyses for the 

verification of safety against ordinary and seismic actions. 

The plan and the mesh of Door wall adopted in the software 3MURI are shown in Figure 

6.72. It is observed that the mesh was modified from the automatic one in order to be more 

similar to the Dolce’s rule definition. 

 

Figure 6.72.   Door wall: (a) plan of the structure and (b) mesh adopted according to the EFM. 

The adopted mechanical parameters for the piers and the spandrels, according to 

Sabatino and Rizzano (2010), are: Young modulus 𝐸𝑚 = 1800 MPa and shear modulus  

𝐺𝑚 = 720 MPa; compressive strength 𝑓𝑐𝑚 = 6.2 MPa (the horizontal compressive strength 𝑓ℎ𝑚 

was assumed to equal to 𝑓𝑐𝑚 as addressed in Beyer and Dazio, 2012); initial shear strength 

at zero compression 𝑓𝑣0 = 0.12 MPa; brick tensile strength 𝑓𝑏𝑡 = 1.22 MPa; friction coefficient 

𝜇 = 0.58. A complete list is reported in Table 6.22. 
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Table 6.22.   Mechanical parameters for EFM model. 

Em (N/mm2) Young modulus 1800 

Gm (N/mm2) Shear modulus 720 

fcm (N/mm2) Compressive strength 6.2 

fv0 (N/mm2) Initial shear strength at zero compressive stress 0.12 

fbt (N/mm2) Brick tensile strength 1.22 

μ Friction coefficient 0.58 

For the spandrels, it was considered the tension contribution due to the interlocking 

phenomena at the spandrels-end. This assumption refers to the Cattari and Lagomarsino 

(2018) formulation, which leads to define an equivalent tensile strength. To its calculation, an 

interlocking parameter (𝜙 = 2𝛥𝑦 𝛥𝑥⁄ , where 𝛥𝑦 and 𝛥𝑥 are the height and the length of the 

bricks, respectively) equal to 0.92 was considered.  

Concerning the loads, the axial loads were applied at floors level, as permanent load, to 

obtain vertical loads equal to 248.4 kN and 236.8 kN at the first and at the second floor, 

respectively. The diaphragms on each floor are assumed as infinitely stiff. Through nonlinear 

static (pushover) analysis, the base shear-horizontal displacement curve and the prediction 

of the failure mechanism of the wall were defined and compared with the experimental and 

the numerical (FE) ones, obtained in Section 6.4.1. These comparisons are presented in 

Figures 6.73 and 6.74. 

It can be shown that the pushover curve obtained through the EFM is in good agreement 

with the experimental envelope curve, reaching approximately the same maximum base 

shear. Regarding the failure mechanisms, with the EFM, the shear failure of the spandrels at 

the first and the second floors are achieved as well as the diagonal cracking shear failure of 

the piers at the base, as expected by the experimental results.  
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Figure 6.73.   Door wall results: FE and EFM numerical capacity curves against experimental 

envelope. 

 

Figure 6.74.   Door wall results: experimental and FE and EFM numerical crack patterns at the 

ultimate displacement. 

6.4.3 Geometric and mechanical data for SLaMA-URM method 

The SLaMA-URM method is herein validated against the experimental case study and 

the numerical simulation results, described in Sections 6.4.1 and 6.4.2. 

The geometry of the Door wall was defined according to the EF model discretization 

(Figure 6.75). The rigid offsets are indicated by thick lines, whose lengths were evaluated by 

the formulation proposed by Dolce (1991) for the piers and considering the clear lengths as 

the flexible region of the spandrels. Assuming the thickness of both piers and spandrel as 

𝑡𝑝 = 0.25 m, the length and the clear and effective height of the piers (𝐵𝑝, ℎ𝑝 and ℎ𝑝,𝑒𝑓𝑓), as 

well as the length and the height of the spandrels (𝐿𝑠𝑝 and ℎ𝑠𝑝), are reported in Table 6.23, 

with reference to the numbering of piers (P) and spandrels (SP) in Table. 
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Figure 6.75.   Schematic representation and geometry of the Door wall through EF model: (a) 

geometry and (b) distribution of the flexural and shear plastic hinges. 

Table 6.23.   Geometric parameters of piers and spandrels of the Door wall. 

 

The masonry mechanical parameters adopted in the analytical model were those 

reported in Sabatino and Rizzano (2010): i.e. a masonry compressive strength 𝑓𝑐𝑚 of 6.2 MPa 

(the horizontal compressive strength 𝑓ℎ𝑚 was assumed to equal to 𝑓𝑐𝑚, as addressed in 

Beyer and Dazio, 2012); a brick tensile strength 𝑓𝑏𝑡 of 1.22 MPa and a friction coefficient 𝜇 of 

0.58. Moreover, it was assumed a masonry Young’s modulus 𝐸𝑚 and shear modulus 𝐺𝑚 

equal to 1800 MPa and 720 MPa, respectively. The tensile strength 𝑓𝑡 was considered equal 

to 0.18 MPa, and the initial shear strength at zero compressive stress 𝑓𝑣0 was estimated as 



C. Sansoni. Seismic Vulnerability Assessment of Existing URM Structures through a Simplified Analytical Method     

 

274 

 

𝑓𝑡/1.5 (NTC 2018), i.e. equal to 0.12 MPa. The vertical axial loads were applied as 

concentrated vertical forces on each pier. 

6.4.4 Analysis at component level 

In the following Sections, are defined the flexural and shear capacity of piers and 

spandrels at the component level, in terms of moment-rotation curves and moment-axial load   

(M-N) domains. 

6.4.4.1 Moment-rotation curves  

The flexural capacity of the piers is defined from an elastic-perfectly plastic stress-strain 

relation in compression and no-tensile resistance (EPP-NTR) assumption. While for the 

spandrels, an elastic-perfectly plastic (EPP) stress-strain in compression and resistant in 

tension (TR) model is considered (adopting an equivalent tensile strength 𝑓𝑡𝑢 related to the 

interlocking effect, as suggested in Cattari and Lagomarsino, 2008). Assuming the height 

and the width of the bricks equal to 𝛥𝑦 = 76 mm and 𝛥𝑥 = 110 mm, respectively, and 

considering the 65% of the mean compressive stress 𝜎 acting on the adjacent pier section 

(Cattari and Lagomarsino, 2008), the equivalent tensile strength results in 𝑓𝑡𝑢 = 0.22 MPa for 

the spandrels at the first floor and in 𝑓𝑡𝑢 = 0.13 MPa for the spandrels at the second floor. 

In the EPP model, the compressive peak 𝜀𝑦𝑐 and ultimate 𝜀𝑢𝑐 strains equal to 0.002 and 

0.0035, respectively, were adopted, hence considering a ductility in compression equal to 

𝜇𝜀𝑐 = 𝜀𝑢𝑐 𝜀𝑦𝑐⁄ = 1.75. For the spandrels, the tensile peak 𝜀𝑦𝑡 and ultimate 𝜀𝑢𝑡 strains equal to 

0.000018 and 0.0009, respectively, were adopted, considering a ductility in tension equal to 

𝜇𝜀𝑡 = 𝜀𝑢𝑡 𝜀𝑦𝑡⁄ = 50. At this first stage, no axial load in the spandrels is considered.  

The same MBA formulation (Pampanin et al., 2001) used for the PS3 substructure 

(Section 6.3.3.1) is herein adopted for the piers and spandrels of the Door wall.   

For the spandrels, the moment-capacity curve is defined according to the EPP-TR model 

characterized by limited ductility in compression (𝜇𝜀𝑐 = 1.75) and unlimited ductility in 

tension, i.e. compression governed failure (EPP-TR-CF). 
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Regarding the shear strength of the piers, the Turnšek and Cačovic (Turnšek and 

Cačovic 1971) criterion is adopted for diagonal cracking, while for the spandrels, the shear 

strength is calculated considering the masonry shear strength in absence of axial load (as 

suggested in NTC 2018). 

The piers and the spandrels strength thresholds are expressed in terms of moment 

capacity calculated from the pier (or spandrel) shear resistance 𝑉𝑠 and the pier (or spandrel) 

cantilever length 𝐿𝑐𝑎𝑛𝑡, as 𝑀 = 𝑉𝑠𝐿𝑐𝑎𝑛𝑡. 

It is worth noting that the capacity and the resulting failure mechanism of the piers are 

dependent on the acting axial load that results from the gravity load 𝑁 and the effect of axial 

load variation ±𝛥𝑁, due to the coupling effect of the spandrels during the lateral sway (Figure 

6.76). The variation of the axial load 𝛥𝑁 is obtained by the sum of the spandrels shear 

resistance 𝑉𝑠𝑝 at each floors, given as the minimum of their flexural and shear strength 

capacity. Applying the equivalent seismic force from left to right, means that the right piers 

(P3 and P6) are subjected to an increase of axial load (+𝛥𝑁), while the left piers (P1 and P4) 

are subjected to a decrease of axial load (−𝛥𝑁). 

 

Figure 6.76.   Door wall subjected to horizontal and gravity loads with axial load variation. 

The flexural and the shear strength thresholds for piers and spandrels are reported in 

Table 6.24 and shown in Figures 6.77 and 6.78 within moment-rotation diagrams. It is 

observed that a diagonal cracking shear failure is expected to occur in the piers P2 and P3, 

due to the higher axial load deriving from the coupling effect of the spandrels. It is observed 

that the pier P1 shows a flexural-shear mixed failure. Nevertheless, a shear brittle failure 
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mechanism, which disregards the development of flexural failure, may be conservatively 

assumed. For the other piers, a rocking or flexural behaviour is expected to occur. In the 

spandrels on the first and second floor, a shear brittle failure mechanism is obtained. 

 

Figure 6.77.   Flexural and shear strength thresholds at the moment-rotation diagram for piers: (a) P1, 

(b) P2, (c) P3, (d) P4, (e) P5 and (f) P6. 
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Figure 6.78.   Flexural and shear strength thresholds at the moment-rotation diagram for spandrels: (a) 

SP1 and SP2 and (b) SP3 and SP4. 

Table 6.24.   Moment and rotation values at decompression, peak and ultimate conditions, for 

spandrels (EPP-TR-TF model) and piers (EPP-NTR model). 

 

6.4.4.2 Moment-axial load (M-N) domains  

The Moment-Axial load (M-N) interaction curves of piers and spandrels are obtained 

through sectional equilibrium equations, adopting the EPP-NTR model for the piers and the 

compression governed (EPP-TR-CF) model for the spandrels, both with ductility in 

compression equal to 𝜇𝜀𝑐 = 1.75. In Figure 6.79 the obtained M-N domains are reported. 
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Figure 6.79.   M-N domains of: (a) piers (P1-P6) and (b) spandrels (SP1-SP4). 

As expected, the piers P1, P3, P4 and P6 (that have the same length 𝐵𝑝) have the same 

M-N domain. For the same reason, this happens also for the piers P2 and P5. Moreover, 

from the comparison it can be seen that the P2 and P5 piers have a bigger domain, that is 

due to their bigger length (𝐵𝑝 = 1.82 m, against the 𝐵𝑝 = 1.15 m of the other piers). 

Regarding the M-N domains of the spandrels, the SP1 and SP2 have the same domain, as 

well as the SP3 and SP4. As for the piers, this is due to the same height ℎ𝑠𝑝. The spandrels 

on the first floor (SP1 and SP2) have a bigger M-N domain, being characterized by a higher 

height (ℎ𝑠𝑝 = 1.69 m, against the ℎ𝑠𝑝 = 1.365 m of the spandrels at the second floor). Due to 

the fact that the first floor spandrels have a higher axial load stress 𝜎 acting on the adjacent 

pier section, the equivalent tensile strength is higher (𝑓𝑡𝑢 = 0.22 MPa, against the             

𝑓𝑡𝑢 = 0.13 MPa of the spandrels at the second floor), and hence the moment capacity at zero 

axial load in the M-N domain is higher (MN=0 = 74.19 kNm, against the MN=0 = 30.14 kNm of 

the spandrels at the second floor). 

6.4.5 Analysis at subassembly level 

At this stage of analysis, the evaluation of the hierarchy of strength between the 

structural components of a subassembly is defined, comparing the equivalent bending 

moment in the pier M-N performance domains.  
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In Figure 6.80 are shown and numbered the subassemblies of the structure. As 

observed, the subassemblies 1 and 3 are of type “exterior”, and therefore are characterized 

by a “two-to-one” (number of piers vs. spandrels connecting into the joint) moment ratio; the 

subassemblies 4 and 6 are of type “knee”, and therefore are characterized by a “one-to-one” 

moment ratio; the subassembly 2 is of type “interior”, and therefore is characterized by a 

“two-to-two” moment ratio; the subassembly 5 is of type “tee”, and therefore is characterized 

by a “one-to-two” moment ratio. 

The axial load variation on the piers, due to the coupling effect of the spandrel during the 

lateral sway, is introduced in the M-N domain, according to NZSEE guidelines (NZSEE 

2017a) as: ΔN=±
2𝐻

3𝐿
𝐹, where 𝐻 and 𝐿 are the height and the length of the substructure, 

respectively, and 𝐹 represents the equivalent seismic load assumed to be applied at 2/3 of 

𝐻. It is observed that for the subassemblies at the first floor the variation of the axial load is 

calculated assuming 𝐻 equal to the total frame height (𝐻 = 5.77 m), while for those at the 

second floor, it is calculated assuming 𝐻 equal to that of the second floor (𝐻 = 2.94 m). 

Applying the equivalent seismic force from left to right, the right piers (P3 and P6) are 

subjected to an increase of axial load (+𝛥𝑁) while the left piers (P1 and P4) to a decrease of 

it (−𝛥𝑁). Regarding the central piers (P2 and P5), assuming a linear distribution of the axial 

load variation, they are subjected only to the gravity axial load, because of 𝛥𝑁 = 0. In the M-

N performance domains, the intersection of the axial load variation with the URM 

components capacity curves determines the sequence of failure events. 

 

Figure 6.80.   Numbering of the Door wall subassemblies. 
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The M-N performance domains of all the piers are shown in Figure 6.81. The critical 

failure event in the right, left and central subassemblies are shown in Figure 6.82. 

As observed, the failure event that characterized all the subassemblies is the shear 

(diagonal cracking) failure of the spandrel, at different equivalent pier moment values:    

𝑀𝑝,𝑒𝑞 = 11.91 kNm for the subassemblies 1 and 3; 𝑀𝑝,𝑒𝑞 = 23.83 kNm for the subassembly 2; 

𝑀𝑝,𝑒𝑞 = 19.25 kNm for the subassembly 4 and 6; 𝑀𝑝,𝑒𝑞 = 38.49 kNm for the subassembly 5. 

 

Figure 6.81.   M-N performance domain of the subassembly: (a) 1, (b) 2, (c) 3, (d) 4, (e) 5, (f) 6. 
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Figure 6.82.   Zoom of the M-N performance domains, highlighting the critical failure event (●) 

according to the push direction load, of the subassembly: (a) 1, (b) 2, (c) 3, (d) 4, (e) 5, (f) 6. 

6.4.6 Analysis at In-Plane global level 

Starting from the hierarchy of strength in each subassembly highlighted in Section 6.4.5, 

the “mixed sideway” mechanism was defined. This mechanism is characterized by the shear 

failure of the spandrels and by the diagonal cracking of the piers P2 and P3 at the base and 

the rocking of the pier P1 at the base. The overturning moment 𝑂𝑇𝑀 is calculated using a 

global equilibrium approach by including two contributions (see Figure 6.83a): (1) the 

bending moment at the base of the piers (𝑀𝑝1 + 𝑀𝑝2 + 𝑀𝑝3) and (2) the push-pull overall 

moment due to the coupling of shear forces at the spandrels-end (𝑉𝑠𝑝) (a rocking 

mechanism). The base shear force 𝑉𝑏 is calculated by dividing the 𝑂𝑇𝑀 by the effective 

height of the structure 𝐻𝑒𝑓𝑓, defined, as assumed in Sullivan et al. (2012), through the 

parameter 𝛽𝐹, that results equal to 0.61 and the ratio 𝐻𝑒𝑓𝑓 𝐻⁄ = 0.863. The 𝐻𝑒𝑓𝑓 results equal 

to 4.98 m, the 𝑂𝑇𝑀 results equal to 726.4 kNm, and, as a consequence, the base shear 

(given by the ratio 𝑂𝑇𝑀 𝐻𝑒𝑓𝑓⁄  ) is 145.9 kN.  
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The “yield” 𝛥𝑦 and ultimate 𝛥𝑢 displacements of the frame at the effective height 𝐻𝑒𝑓𝑓 are 

calculated from the minimum “yield” 𝜃𝑦,𝑚𝑖𝑛 and ultimate 𝜃𝑢,𝑚𝑖𝑛 drift. The predicted shear 

mechanism (brittle failure) of the spandrel at the first floor occurs first because its drift is the 

minimum “yield” drift (𝜃𝑦,𝑚𝑖𝑛 = 0.044%), and hence the lower displacement (𝛥𝑦 = 2.2 mm, 

marked with an “X” in Figure 6.83b). Since it is a brittle failure mode, it would also identify the 

ultimate drift (or displacement), but by assuming that the structure is still able to withstand 

lateral load, the ultimate displacement occurs up to a drift of 𝜃𝑢 = 0.27% (or 𝛥𝑢 of 18.8 mm), 

that corresponds to the shear failure of the pier P6.  

As already discussed for the PS3 substructure, a refined curve can be obtained and it is 

shown in Figure 6.83b. More in detail, considering the “yield” condition, the 𝑂𝑇𝑀 was 

recalculated, according to the schematization in Figure 6.83a, at a drift of 𝜃𝑦,𝑚𝑖𝑛 = 0.044%. In 

correspondence with this value, it was found an overturning moment equal to                  

𝑂𝑇𝑀 = 524.4 kNm and a base shear equal to 105.6 kN. 

 

Figure 6.83.   Door wall global mechanism analysis: (a) schematization for the calculation of 

overturning moment OTM and base shear Vb; (b) analytical curves from the “standard” and refined 

SLaMA-URM method. 

As observed in Figure 6.84, the refined curve is in better agreement with the 

experimental and the numerical ones, since it grasps better the yield displacement. To 

quantify the refinement with respect to the “standard” curve, differences in terms of 

dissipated energy (i.e. the area under the curve) for both curves with respect to the 
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experimental one were calculated. It is obtained that the standard analytical curve and the 

refined one have differences of 13% and 5%, respectively. In Figure 6.85 is shown the 

comparison in terms of expected crisis mechanisms of the substructure for the analytical, 

numerical and experimental approaches. As it is observed, the crack patterns highlighted 

through the SLaMA-URM method are more suitable than the numerical ones, catching 

indeed also the shear failure of the spandrels. Hence, this method, even if it is more 

simplified than a finite element analysis, in this case, can obtain more reliable results. 

 

Figure 6.84.   Experimental, numerical (with C&P model and EFM model) and analytical (refined) 

responses in terms of capacity curves. 

 

Figure 6.85.   Experimental, numerical (with C&P model and EFM model) and analytical (refined) 

responses in terms of crack patterns. 
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6.5 Parametric analysis 

In this Section, the SLaMA-URM procedure is applied to a set of frame structure case 

studies derived from the Door wall by varying the number of bays and the number of levels. 

For each of them, the resulting non-linear capacity curves were compared to the EFM results 

of the numerical Pushover analyses, performed in 3MURI software, in order to further 

validate and evaluate the accuracy of the SLaMA-URM method.   

The walls considered are characterized by two up to four bays and by two up to four 

levels (Figure 6.86).  

The reference wall (2-bays 2-levels) has the same geometry and mechanical parameters 

of the Door wall analyzed in Section 6.4. The other frames were modelled starting from this 

one. More in detail: the height of the first floor is equal to 2.83 𝑚, while the upper ones have a 

height equal to 2.94 𝑚; the interior piers have length equal to 𝐵𝑝 = 1.82 𝑚 while the exterior 

ones have 𝐵𝑝 = 1.15 𝑚; the effective height of the piers was defined according to Dolce’s 

rule; the height of the spandrels ℎ𝑠𝑝 at the upper floor is equal to 1.37 𝑚, while for those at 

the intermediate floors it is equal to 1.69 𝑚; the length of all the spandrels is equal to      

𝐿𝑠𝑝 = 0.94 𝑚. Refer to Section 6.4.3 for the adopted mechanical parameters of the piers and 

the spandrels in the SLaMA-URM method. The characterisation of piers and spandrels and 

the hierarchy of strength calculations were carried out according to Sections 5.4.2 and 5.4.3. 

The walls were modelled in 3MURI software (Lagomarsino et al., 2013) by adopting EFM 

(see Sections 6.4.2 for the reference wall) and Pushover analyses were performed for each 

case study. The floor slab was considered to be rigid in the plane. The mechanical 

parameters of the masonry are those already reported in Table 6.22. 

Regarding the applied axial loads on the piers, a detailed description is reported in 

Section 7.2, where the geometry of the entire buildings is shown and described.  
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Figure 6.86.   Schematization of the parametric analysis. 

The comparisons between SLaMA-URM method and EFM numerical simulation in terms 

of pushover curves and prediction of the failure mechanism of the walls are shown in Figures 

6.87 and 6.88.  

From the obtained pushover curves, it was shown that by increasing the number of bays 

the base shear increases, while by increasing the number of levels the initial stiffness 

decreases. More details on the comparison between the resulted curves by SLaMA-URM 

method and the EFM numerical simulation are reported in the following.  
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Figure 6.87.   Numerical and analytical pushover curves of walls with: (a) 2-bays 2-levels, (b) 3-bays 

2-levels, (c) 4-bays 2-levels, (d) 2-bays 3-levels, (e) 3-bays 3-levels, (f) 4-bays 3-levels, (g) 2-bays 4-

levels, (h) 3-bays 4-levels, (i) 4-bays 4-levels. 

Regarding the results in terms of the expected failure mechanisms in the structures, it 

can be observed a good agreement between those obtained by the two different approaches. 

More in detail, the SLaMA-URM method in all the structures identified the shear failure of the 

spandrels at each level as the most critical mechanism in each subassembly of the 

structures. Regarding the piers at the base, the central and the right ones fail in shear, while 

the left one showed a flexural failure, due to the lower axial load to which it is subjected. 

These failure mechanisms are in good agreement with those obtained by 3MURI software. 

More in detail, the shear failure of the spandrels is well grasp, as well as of the central and 

right piers at the base. Different failures are, however, obtained for the left piers at the base 

that fail in shear instead than in flexure and for the left piers at upper levels in all the 
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structure, with exception of the 2- and 3-bays 2-levels structures, that show shear failures. 

However, despite these differences, considering the approximations made in the proposed 

SLaMA-URM method, the obtained results are quite satisfactory. 

 

Figure 6.88.   Crack pattern results obtained with the EFM model and the SLaMA-URM method. 

 The main purpose of the SLaMA-URM method is the seismic assessment of existing 

structures, and hence, the calculated capacity curve is used to perform a capacity/demand 

check in the Acceleration-Displacement Response Spectrum (or ADRS) domain. Moreover, 

the ultimate point of the capacity curve represents a fundamental parameter. In Table 6.25, 

the accuracy of the SLaMA-URM method is judged by comparing the results in terms of the 

ultimate displacement and base shear, with respect to the bi-linearised numerical curves, for 

each case, assuming: 𝐸𝑟𝑟 = (𝑆𝐿𝑎𝑀𝐴 − 𝑁𝑢𝑚𝑒𝑟𝑖𝑐𝑎𝑙) 𝑁𝑢𝑚𝑒𝑟𝑖𝑐𝑎𝑙⁄ . 
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Table 6.25.   Differences between SLaMA-URM and EFM numerical results in terms of ultimate 

displacement Δu and base shear Vb. 

 

It can be seen that the ultimate displacement at the effective height, is reasonably well-

predicted, with an average error of around 5%. The same can be said for the comparison in 

terms of base shear, which shows an average error of 5%. Regarding the yield displacement, 

in the SLaMA-URM method, even if the spandrels showed a lower rotation capacity, the 

minimum yield rotation of the piers at the first floor was assumed for the calculation, due to 

the formation of the soft-storey mechanism. The adoption of the spandrels yield rotation 

leads to have an elastic stiffness similar to the one obtained adopting the first floor piers 

minimum yield rotation in the case of 2-levels walls. A higher difference was highlighted 

increasing the number of levels. Regarding the results obtained in terms of the yield 

displacement, the average percentage error is 26%, with a wide internal variation of values. 

A good match was observed for the structures with 2- or 3-levels, while a higher error for the 

taller frames. It is worth mentioning that small variations of the yield displacement cause high 

percentage error, even if there is a reasonably good match between the SLaMA-URM and 

the numerical Pushover curves.  
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7. Seismic assessment and retrofit of URM prototype 

structures through the SLaMA-URM method 

7.1 Introduction 

In this Chapter, the application of the SLaMA-URM method to a set of URM cases study 

buildings with rigid diaphragms and subjected to In-Plane (IP) and Out-Of-Plane (OOP) loads 

is presented. The global capacity curve of each structure is then derived and the global 

performance level is identified (Sections 7.3 - 7.6). A further evaluation is carried out (Section 

7.7) with respect to different seismic intensities of the construction site (medium and high 

seismicity, MS and HS). Some retrofit strategies are proposed with the aim to achieve a 

higher capacity, both in terms of the ultimate performance (%NBS) and the expected 

damage (EAL), see Section 7.8. The comparison of the results from unreinforced and 

reinforced structures is carried out in Section 7.9 with respect also to MS and HS 

construction sites. In the end, a cost-benefit analysis is carried out and the best retrofit 

solution is identified (Section 7.10). 

7.2 Cases study buildings 

The proposed procedure, described in Chapter 5, was applied to a set of ideal cases 

study buildings. The considered structures are nine and differ for the number of levels (from 

two up to four) and the number of bays (from two up to four) of the longitudinal frames (see 

Figure 7.1). The structures are composed of two parallel frames that resist lateral forces in 

the longitudinal direction and two walls in the transversal one. The specific direction of the 

seismic force was assumed to consider both the IP mechanisms of the frames parallel to this 

and the OOP mechanisms of the walls orthogonal to this. The orientation of the horizontal 

diaphragms (assumed as rigid) is considered orthogonal to the frames. The frames to floor 

connections are assumed to be adequate to transfer all diaphragm forces. On the contrary, 

poor connections are assumed between the transversal walls and the diaphragms. The wall-
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to-wall connections are assumed to be inadequate. The assessment of the walls and frames 

capacity curves is considered in the SLaMA-URM method. 

 

Figure 7.1.   Schematization of the cases study structures. 

The layout of the structures is regular and the geometry, as well as the material 

properties of the frames in the longitudinal direction, refer to the frames analyzed in Section 

6.5. Due to the fact that the masonry is assumed of good quality (solid bricks and lime 

mortar), the crumbling of the masonry is considered prevented.  

The seismic weights of the buildings are reported in Table 7.1 and, as observed in Figure 

7.1, the gross plan area is equal to 24.6 𝑚2 for the 2-bays structures, 35.9 𝑚2 for the 3-bays 

structures and 47.2 𝑚2 for the 4-bays structures. It was considered a masonry density equal 

to 𝜌 =  18 𝑘𝑁/𝑚3, a superimposed dead load equal to 𝐺 =  8.5 𝑘𝑁/𝑚2 and a live load equal 
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to 𝑄 =  2 𝑘𝑁/𝑚2, reduced by a factor of 𝜓𝑒  =  0.3. The axial load on the piers was 

calculated according to the tributary areas.  

Table 7.1.   Seismic weights of the analyzed structures. 

 

The seismic demand is represented by a displacement spectrum compliant with the 

Italian Code (NTC 2018), related to a medium seismic intensity (PGA = 0.21g). The adopted 

class of use is the II (𝐶𝑢  =  1) and the characteristics of the construction soil referred to a 

subsoil category C and a topographic class T1.  

The following scenario was considered: the floors are supported by the longitudinal 

frames and the connections between them and the transversal walls are neglected. In this 

configuration, the assessment is focused on the most dangerous mechanism that is the 

overturning of the transversal walls (see Figure 7.2). 

 

Figure 7.2.   Schematization of (a) the probable OOP mechanisms and (b) the EF model of the 

longitudinal frames of the 2-bays structures with 2-, 3- and 4-levels. 
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7.3 Out-Of-Plane mechanisms performance level 

In the examined cases study buildings, the most vulnerable walls to the Out-Of-Plane 

response are the transversal ones, since these walls are not loaded by floors and thus they 

are subjected to low stabilizing actions. Different possible mechanisms were analyzed for 

each wall, that imply its global or partial overturning (see Figure 7.3).  

 

Figure 7.3.   Schematization of the analyzed OOP mechanisms for the 2-bays structures with 2-, 3- 

and 4-levels. 

More in detail, the different mechanisms are identified according to the position in which 

the cylindrical hinge is expected to be activated. When it happens at the base of the building, 

the mechanism is called “Mechanism 1” in the following. Subsequently, when it happens at 

the base of the first floor it is named “Mechanism 2”, at the second floor it is named 

“Mechanism 3” while at the third floor it is named “Mechanism 4”. The assumed mechanisms 

are the ones potentially feasible by considering the structural details that characterize the 

structures. For the Out-Of-Plane response, kinematic non-linear analyses were performed. 

More in detail, the systems expected to overturn are subjected to their dead load as well as 

the horizontal inertial actions, proportional to them, through a load seismic multiplier. The 

load static multiplier 𝛼0 is obtained by the Theorem of Virtual Works. Following the DBA, the 

seismic multiplier 𝛼 is defined under an incremental kinematic analysis, by increasing step-

by-step the rotation of the macro-blocks, till the condition of loss of static equilibrium is 
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reached. The obtained curves (load multiplier versus displacement of a control point) are 

then transformed into capacity curves (spectral acceleration versus spectral displacement) of 

the substitute structures (nonlinear equivalent SDOF). 

The walls reported in Figure 7.3 refer to the only three structures, since increasing the 

number of bays had no influence in the mechanisms.  

Assuming the height of the walls (or portion of these) that is involved in the mechanism 

as equal to ℎ𝑤 (see Table 7.2), and considering common walls thickness and length equal to 

𝑡𝑤 = 0.25 𝑚 and 𝐿𝑤 = 4.1 𝑚, respectively, the dead loads 𝑃 of the walls were calculated 

(Table 7.2). Due to the fact that the walls are subjected only to their dead load, the load 

multiplier 𝛼0 is given by 𝛼0 = 𝑡𝑤/ℎ𝑤 (Table 7.2). 

Table 7.2.   Height, dead load and load multiplier 𝛼0 associated to each OOP mechanism. 

 

The load multiplier-displacement of a control point curve was obtained following Equation 

7.1, assuming that the centroid of the walls is the control point and considering that the 

displacement 𝑑0 that cancels the load multiplier is obtained as 𝑑0 = 𝑡𝑤 2⁄ = 0.125 𝑚.  

𝛼 = 𝛼0 (1 −
𝑑𝑘

𝑑0
) (7.1) 

From this last, the capacity curve of the corresponding equivalent SDOF was defined. 

More in detail, the parameters that define this equivalent SDOF (i.e. the participating mass 

𝑀∗ and the participating mass fraction 𝑒∗ in the kinematics) were calculated according to 

Equations 7.2 and 7.3. Through Equation 7.4 the spectral seismic acceleration 𝑎∗ was 

obtained. Regarding the spectral displacement 𝑑∗, it coincides with the virtual displacement 

𝑑𝑘 of the control point (𝑑∗ = 𝑑𝑘), since the application point of 𝑃 coincides with the control 

one.  
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𝑀∗ =
𝑃

𝑔
(7.2) 

𝑒∗ =
𝑔𝑀∗

𝑃
(7.3) 

𝑎∗ =
𝑔

𝑒∗𝐹𝐶
𝛼 (7.4) 

where 𝑔 is the gravity acceleration and 𝐹𝐶 is the confidence factor that was assumed equal 

to 1.35 (level of knowledge LC1), as suggested by CNTC19 (2019).  

In order to evaluate the displacement capacity and demand, the Italian Code (NTC 2018) 

was followed. The ultimate displacement capacity 𝑑𝑢 (that represents a cautionary 

displacement for which the dynamic instability under rocking does not occur) was assumed 

as a fraction of the displacement 𝑑0 (𝑑𝑢 = 0.4𝑑0). For all the structures, the ultimate 

displacement results equal to 𝑑𝑢 = 0.4 · 0.125 = 0.50 𝑚.  

Regarding the evaluation of the displacement demand, the definition of the reference 

period and the seismic input spectrum is required. For the first aspect, NTC 2018 adopts a 

secant period 𝑇𝑠, by considering a displacement 𝑑𝑠
∗ which is a fraction of 𝑑𝑢 (i.e. 0.4𝑑𝑢). For 

all the structures, resulted in 𝑑𝑠
∗ = 0.4 · 0.50 = 0.20 𝑚. The secant period can be calculated as 

𝑇𝑠 = 2𝜋√𝑑𝑠
∗ 𝑎𝑠

∗⁄ . For the seismic input, it is considered the elastic spectrum at 5% of viscous 

damping. For mechanisms expected at different height with respect to the base, the floor 

spectrum amplified around the fundamental period of the building was defined, according to 

Degli Abbati et al. (2018). If the spectrum at the base was more limiting than the amplified 

one, it was used in the demand-capacity ratio comparison. The displacement demand 𝛥𝑑(𝑇𝑠) 

was calculated as the intersection displacement between the ADRS and the curve at the 

secant period 𝑇𝑠, as 𝑎𝑠
∗ = (2𝜋 𝑇𝑠⁄ )2𝑑𝑠

∗. 

The %NBSOOP was evaluated for the possible OOP mechanisms by the displacement 

capacity-demand ratio (%𝑁𝐵𝑆𝑂𝑂𝑃 = 𝑑𝑢/𝛥𝑑(𝑇𝑠)). These values are reported in Table 7.3. 
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Table 7.3.   %NBSOOP of each possible OOP mechanism of the analyzed walls. 

 

In Figures 7.4 - 7.6 are shown the assessments of the overturning mechanisms with the 

comparison between the ADRS and the capacity curves of the analyzed structures.  

 

Figure 7.4.   %NBSOOP of the (a) Mech. 1 and (b) Mech. 2 of the 2-levels structures. 

 

Figure 7.5.   %NBSOOP of the (a) Mech. 1, (b) Mech. 2  and (c) Mech. 3 of the 3-levels structures. 



C. Sansoni. Seismic Vulnerability Assessment of Existing URM Structures through a Simplified Analytical Method     

 

300 

 

 

Figure 7.6.   %NBSOOP of the (a) Mech. 1, (b) Mech. 2, (c) Mech. 3 and (d) Mech. 4 of the 4-levels 

structures. 

The critical OOP mechanism for each structure is the one with the lower %NBSOOP. The 

2-levels structures showed that the overturning of the whole walls is the most critical OOP 

mechanism, with %NBSOOP = 35%. While the 3- and 4-levels structures have a limited 

performance level due to the overturning of the walls around a cylindric hinge placed at the 

base of the first floor (%NBSOOP = 28% and %NBSOOP = 19%, respectively).  

From these results, it can be observed that the overturning mechanism of the transversal 

walls is more vulnerable when the cylindric hinge is located at higher levels with respect to 

the base. Moreover, it is clear that the height of the kinematics plays an important role. 

Indeed, for higher height of the overturning transversal walls (i.e. Mech. 2 in Figures 7.5 - 

7.6) the expected performance is lower, with respect to the lower walls (i.e. Mech. 3 and 

Mech. 4 in Figures 7.5 - 7.6). This aspect can be observed also in Figure 7.7, where the 

capacity curves of overturning walls, by varying their height (ℎ𝑤, Figure 7.7a), the length (𝐿𝑤, 

Figure 7.7b) and the thickness (𝑡𝑤, Figure 7.7c) are shown. As expected, lower height values 

lead to higher capacities. Moreover, there are no differences in capacity by varying the length 

of the walls. While an increase of the capacity curves can be achieved in the case of thicker 

walls. 
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Figure 7.7.   Capacity curves of overturning walls by varying: (a) the height ℎ𝑤, (b) the length 𝐿𝑤 and 

(c) the thickness 𝑡𝑤. 

7.4 In-Plane mechanisms performance level  

The In-Plane capacity curves of the structures are given by the capacity of the two 

parallel frames with the same geometric and mechanical characteristics. Hence, starting from 

the single frame curve already discussed in Section 6.5, was then calculated the longitudinal 

global one, in such a way as to define the IP seismic performance. For sake of synthesis, the 

seismic force was supposed applied in the longitudinal push direction (from left to right). In 

these cases study, due to the symmetry of the structures, the analysis in the pull direction of 

the seismic force (from right to left) would lead to the same results.  

The performance of the structures was identified in the Acceleration-Displacement 

Response Spectrum (ADRS) by adopting the DBA method (see Section 4.3).  

For the %NBSIP calculation, with reference to CNTC19 (2019), the conversion of the 

structures (and therefore their capacity curves) in the equivalent SDOF was performed. The 

SLaMA-URM method, as it is conceived, provides directly both the base shear of this system 

and the displacement at the effective height of the structure, which corresponds to the 

displacement 𝑑∗ of the equivalent SDOF system. The conversion of the In-Plane capacity 

curve in the Spectral Acceleration - Spectral Displacement curve is obtained by dividing the 

base shear for the participating mass. In order to consider the regularity of the structures, a 

participating mass under seismic actions equal to 80% of the seismic mass (see Table 7.1) 

was assumed.  
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To determine the %NBSIP, the procedure requires to define the performance point, by 

identifying the ratio between the maximum acceleration tolerable by the existing structure 

and the acceleration that would be used for the design of a new structure. If this ratio is lower 

than one, the structure would be vulnerable to seismic actions. 

In Table 7.4 and Figure 7.8, are reported the values and the curves related to the In-

Plane capacity of the structures, together with the achieved %NBSIP. 

Table 7.4.   Drift, spectral displacement, spectral acceleration and %NBSIP of the analyzed structures. 

 

From these results, it was shown that the structures with 2-levels are characterized by a 

strongly higher value of %NBSIP, with respect to the 3- and 4-levels ones. Moreover, among 

those, the performance increases by increasing the number of bays. The same trend was 

observed in the other “groups” of structures (such as 3- and 4-levels structures), but with a 

slower increase, settling approximately on a constant value from the structures with 3- and  

4-bays. By increasing the number of bays, there is a slight variation in performance. This is 

due to the fact that in masonry, the spandrels couple less than would happen if the structures 

were in reinforced concrete. On the other hand, when increasing the number of levels, it can 

be seen that the performance stabilizes in structures with a number of levels equal and 

higher than three. This last aspect was already discussed by Priestley and Kowalsky (2000). 

Other considerations can be derived from the results: i) lower ductility in the 3- and 4-levels 

structures with respect to the 2-levels structures; ii) no-evident differences in ductility in the 

structures with the same number of levels but a different number of bays; iii) lower initial 

stiffness from 2- to 4-levels structures; iv) slight increase of the initial stiffness from 2- to 4-

bays in structures with the same number of levels.  
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Figure 7.8.   In-Plane performance levels in terms of %NBSIP of: (a) 2-bays 2-levels, (b) 3-bays 2-

levels, (c) 4-bays 2-levels, (d) 2-bays 3-levels, (e) 3-bays 3-levels, (f) 4-bays 3-levels, (g) 2-bays 4-

levels, (h) 3-bays 4-levels, (i) 4-bays 4-levels structures. 

These considerations can be easily observed in Figure 7.9, where a complete 

comparison of the capacities of the analyzed structures, with the elastic spectrum, is shown. 

The curves are separated into three “groups”, essentially distinguished by the number of 

levels. 
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Figure 7.9.   In-Plane performance levels of the structures (“b” is for bays and “l” is for levels). 

7.5 Global performance level  

The global performance of the structures is the lowest one between the OOP and the IP 

seismic performance (e.g. %NBSOOP and %NBSIP). The comparison between the OOP and 

the IP performances was directly made in the ADRS. In Figure 7.10 are shown the results of 

the analyzed structures and, to easily compare the performances, the values of the %NBSIP 

and %NBSOOP are reported in Table 7.5. In bold are shown the critical values of each 

structure. In all cases, is the %NBSOOP that limits the global performance. Moreover, it is 

worth noting that the mechanisms that follow the critical one are all the other OOP 

mechanisms that each structure can develop (see Table 7.5). 

Table 7.5.   %NBSOOP, %NBSIP and in bold the critical one for each structure. 
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Figure 7.10.   Minimum performance levels in terms of %NBS of: (a) 2-bays 2-levels, (b) 3-bays 2-

levels, (c) 4-bays 2-levels, (d) 2-bays 3-levels, (e) 3-bays 3-levels, (f) 4-bays 3-levels, (g) 2-bays 4-

levels, (h) 3-bays 4-levels, (i) 4-bays 4-levels structures. 

7.6 Losses evaluation 

As highlighted in Section 4.4, the evaluation of the direct economic losses of the building 

damaged by the earthquakes represents an important aspect to transit toward a 

Performance-Based approach in economic terms. In this Thesis, the procedure presented in 

Ministry Decree n.65 7/03/2017 was adopted to evaluate the EAL (or PAM in Italian). It was 
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estimated by computing the performance of the structures to different earthquake 

intensities/return periods 𝑇𝑟, in the reference life of the construction, expressed in terms of 

the mean annual frequency of exceedance (𝜆 = 1/𝑇𝑟) and the relevant repair costs (%RC). 

By connecting the points (𝜆, %RC) representative of each limit state, the EAL curve was 

obtained. The area under the curve represents the EAL.  

In the procedure, the repair cost (%RC) is associated to different limit states by 

comparing the actual costs monitored in the reconstruction process of private residential 

buildings outside the historical center, damaged by the L’Aquila earthquake of 2009 (Dolce 

and Manfredi, 2015; Di Ludovico et al., 2017a-b). More in detail, the repair costs (%RC) 

associated with the Starting Damage Limit State (SDLS) and the total loss or reconstruction 

Limit State (RLS), conventionally related to a fixed 𝜆 = 10% and 𝜆 = 0, respectively, are 

assumed equal to 0% and 100%, respectively. Moreover, the %RC for OLS and CLS is set 

equal to %RC = 7% and %RC = 80%, respectively, while the %RC associated with DLS and 

VLS is set equal to %RC = 15% and %RC = 50%, respectively. 

According to this definition of the EAL, it should result that, for example, the overturning 

of the two transversal walls that strongly limits the performance of the structures, leads to a 

direct loss at VLS equal to %RC = 50%. However, this result is highly questionable, i.e. the 

collapse of the two transversal walls would lead to an excessive loss in terms of the 

reconstruction cost since they are smaller than the longitudinal ones. In order to obtain a 

more reliable result, a new proposal is herein made. It is intended as a “qualitative” 

suggestion, that should be validated on the basis of evidence of earthquakes damage, with 

the aim to have disaggregated costs and losses, associated with damage due to the 

structural components involved in the IP or the OOP mechanisms.  

This new proposal consists of considering the masonry volume actually involved in the 

OOP mechanisms (named 𝑉𝑂𝑂𝑃) with respect to the total masonry volume (𝑉𝑇𝑂𝑇) of the 

structure. More in detail, it is considered that the %RC associated with each limit state is 

equal to %𝑅𝐶𝐿𝑆,𝑂𝑂𝑃 = (𝑉𝑂𝑂𝑃/𝑉𝑇𝑂𝑇) · %𝑅𝐶. In this way, the two contributions, EALIP and 

EALOOP, are disaggregated, even if only the OOP contribution is herein considered since 

these are the mechanisms that limit the global performances of all the structures.  

In Figure 7.11 it is shown the comparison of the EALOOP curve of the 2-bays 2-levels 

structure, obtained by the proposed procedure and the one presented in Ministry Decree 

n.65 7/03/2017. In Table 7.6 are reported the corresponding values of %RC and 𝜆.  
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Figure 7.11.  EALOOP curves comparison: Ministry Decree n.65 7/03/2017 approach vs proposed one. 

Table 7.6.   Values of the EALOOP curves obtained by the Ministry Decree n.65 7/03/2017 approach 

and the proposed one. 

 

From this comparison, it can be observed that the EALOOP resulting from the proposed 

approach is strongly lower (-1.79) than the one obtained using the Ministry Decree n.65 

7/03/2017. The results obtained by the proposed approach seem to be more realistic, leading 

to an expected loss at VLS and CLS, less than half of what would have been obtained using 

the Ministry Decree approach. With reference to the value of mean frequency of exceedance 

at DLS, OLS and SDLS in both the curves, it is worth noting that, according to Cosenza et al. 

(2018), a lower bound of 𝜆 = 10% (i.e. return period 𝑇𝑟 = 10 years) was set. 

The calculation of the volume ratio 𝛽 = (𝑉𝑂𝑂𝑃/𝑉𝑇𝑂𝑇) was performed for all the structures, 

and the values are reported in Table 7.7. From these results, it can be observed that the 

structures with the same number of bays but a different number of levels show the same 

weighted contribution of OOP mechanisms. This is due to the fact that by varying the number 
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of levels, the volume ratio between the longitudinal frames and the transversal walls remains 

constant. Moreover, by increasing the number of bays, the OOP contribution to the total 

volume decreases, because the longitudinal frames are characterized by a higher length.  

Table 7.7.   OOP volume contribution VOOP and corresponding volume ratio β for each structure. 

 

From the disaggregated contributions, the EALOOP curves and the EALOOP of the 

structures were defined and they are reported in in Table 7.8 and shown in Figure 7.12.  

From these results, according to the previous considerations, it can be observed that by 

increasing the number of bays, the losses associated with the OOP mechanisms decreases. 

Moreover, EALOOP increases when the number of levels increases. 

Table 7.8.   EALOOP obtained from the analyzed structures. 
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Figure 7.12.   Performance levels in terms of EALOOP of: (a) 2-bays 2-levels, (b) 3-bays 2-levels, (c) 4-

bays 2-levels, (d) 2-bays 3-levels, (e) 3-bays 3-levels, (f) 4-bays 3-levels, (g) 2-bays 4-levels, (h) 3-

bays 4-levels, (i) 4-bays 4-levels structures. 

In Figure 7.13 it is shown the direct comparison of all the EALOOP curves. From this, it 

can be observed that three “groups” of curves can be distinguished, i.e. those related to the i) 

2-levels structures, ii) 3-levels structures and iii) 4-levels structures. From this comparison, it 

is clear that the increase of the number of levels affects the results by strongly increasing the 

area under the curve (or EALOOP). Moreover, also the increase in the number of bays 

influences the results, leading to a small decrease in EALOOP.  
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Figure 7.13.   EALOOP curves of the structures (“b” is for bays and “l” is for levels). 

As aforementioned, to prevent the development of the premature OOP mechanisms in all 

the analyzed structures, seismic intervention strategies should be provided. Once the 

probable activation of the overturning of the transversal walls is protect, some interventions 

to increase the global strength capacity can be considered. 

7.7 Performances and losses comparison: medium vs 

high seismicity  

In order to further investigate the response of the structures (in terms of performance and 

economic losses), these were analyzed also by varying the seismicity of the construction 

site. More in detail, the results obtained for the medium seismicity (PGA = 0.21g), reported in 

the previous Sections, are herein compared with those for high seismicity (PGA = 0.34g). 

At first, the performance and the EAL curves were defined for high seismicity sites. In 

Table 7.9 are reported the %NBS of both OOP and IP mechanisms. As for the medium 

seismicity case, the OOP performance strongly limits the global performance.  
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Table 7.9.   High Seismicity: %NBSOOP and %NBSIP, highlighting in bold the critical one for each 

structure. 

 

Regarding the losses evaluation, the same approach proposed in Section 7.6 was 

applied to disaggregate the OOP and the IP EAL contributions. In Figure 7.14 are reported 

the EALOOP curves of the analyzed structures. From these, it can be observed that the 3- and 

4-levels structures are almost completely overlapped. This is due to the fact that these cases 

achieve the maximum losses possible, calculated by assuming a maximum mean annual 

frequency equal to 𝜆 = 10% at VLS, DLS, OLS and SDLS. As for the medium seismicity 

case, it is observed that, by increasing the number of levels, EALOOP increases, while it 

decreases by increasing the number of bays.  

 

Figure 7.14.   High seismicity: EALOOP curves of the structures (“b” is for bays and “l” is for levels). 
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In Figures 7.15 and 7.16 and in Table 7.10 are shown the direct comparisons in terms of 

%NBSOOP and EALOOP, respectively for the medium seismicity (MS) case and the high 

seismicity (HS) one. It can be observed that when moving from medium to high seismicity, 

the OOP performance in the 2- and 4-levels structures decreases of 9%, obtaining 

26%NBSOOP for the 2-levels and 10%NBSOOP for the 4-levels. While in the 3-levels structures 

the performance decreases of 13%, achieving a %NBSOOP equal to 15%. Regarding the 

obtained EALOOP, for the 2-levels structures, an average increase of 1.4% was observed 

(ranging from 3.67% to 4.19%), while an average of 2.8% was obtained for the 3-levels 

structures (ranging from 5.89% to 6.38%). No-differences, instead, were observed for the 4-

levels structures: the values that range from 5.88% of the 4-bays structure to 6.38% of the 2-

bays one, remained unchanged between MS and HS. This is due to the fact that in both 

cases the maximum EALOOP was obtained (by setting a maximum mean annual frequency 

equal to 𝜆 = 10%).  

 

Figure 7.15.   %NBSOOP: Medium Seismicity (MS) and High Seismicity (HS) comparison. 

    

Figure 7.16.   EALOOP: Medium Seismicity (MS) and High Seismicity (HS) comparison. 
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Table 7.10.   Comparison of %NBSOOP and EALOOP obtained in Medium Seismicity (MS) and High 

Seismicity (HS) zones. 

 

7.8 Seismic retrofit 

With reference to the results obtained in medium seismicity (MS), see Section 7.5, the 

Out-Of-Plane mechanisms strongly limit the global response and the ductility of all the 

considered URM structures (as shown by the achieved %NBS = %NBSOOP). 

To allow the structures to show their global In-Plane ductility, the first seismic retrofit 

interventions have to impair the activation of the expected OOP mechanisms of the walls 

orthogonal to the seismic action. Once this issue was solved, the seismic retrofit strategies to 

increase the IP response can be taken into account.  

In the following Sections, some retrofit solutions are applied to the analyzed structures to 

increase the global strength capacity. Moreover, it is evaluated how the different intervention 

techniques influence the outcomes of the structural response for both the OOP and the IP 

mechanisms, in terms of the displacement capacity-demand ratio and economic losses.  

It is worth noting that the implementation of the retrofit interventions was performed 

through the herein proposed SLaMA-URM method, which is capable to analyze both the 

existing as well as the reinforced masonry buildings.   
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7.8.1 Retrofit interventions for Out-Of-Plane mechanisms 

The chosen seismic retrofit intervention to avoid expected OOP mechanisms was the 

adoption of tie rods, which represents one of the oldest and most effective techniques for this 

purpose (see Section 4.5.2 for more details). These elements increase the connection 

between orthogonal walls and reduce the possibility of the walls to overturn out of the plane.  

Taking into consideration the transversal walls subjected to their own weight (stabilizing 

force) and to the inertial force due to this (destabilizing force), by balancing the rotation 

around the cylindrical hinge, the lever arm of the stabilizing force is much smaller than the 

lever arm of the destabilizing ones, so the walls are not verified (see Section 7.3). If the 

contribution of the tie rods is added to the stabilizing force, this contributes considerably to 

stabilize the walls because the lever arm of the force is comparable to that of the unstable 

inertial force. Hence, to obtain satisfactory verifications, it is necessary to design the tie rods 

in such a way that they have sufficient strength to obtain the positive outcome of the 

verification. 

Taking into account the tie rods length 𝐿 equal to the longitudinal length of the frames, it 

was assumed the tie rods failure deformation equal to 10‰ of this length. Consequently, the 

ultimate displacement of the application point of the tie rods was assumed to equal to 0.01𝐿. 

The corresponding displacement of the control point (centroid of the walls) was calculated. 

For the reinforced system, the displacement capacity was assumed as the minimum between 

the displacement capacity of the unreinforced system and this last calculated value.  

To define the axial load that the tie rods should sustain to satisfy the verification, at first 

the mechanism activation load multiplier 𝛼0𝐶 of the reinforced structure was calculated, by 

imposing the equality between the capacity and the demand in terms of the spectral 

acceleration. From this value, through the rotational balance around the cylindrical hinge, the 

stabilizing contribution due to the tie rods was made explicit, through Equation 7.5: 

𝑇 =
𝛼0𝐶𝑃𝑦𝐺 − 𝑃𝑥𝐺

𝑛𝑦𝑇

(7.5) 

where 𝑃 is the dead load of the walls; 𝑦𝐺 and 𝑥𝐺 are the lever arms of 𝑃 and 𝛼0𝐶𝑃, 

respectively, with respect to the position of the hinge; 𝑛 is the number of the tie rods and 𝑦𝑇 

is the height at which they are placed.  
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At this stage, the design of the tie rods was carried out, by considering four failure 

mechanisms: the failure of the metal tie, the masonry punching, the failure due to the contact 

pressure under the external anchor and the failure of the external anchor. More in detail, are 

assumed two round-shaped metal ties with a diameter of 𝜙 = 12  mm at each level of the    

2- and 3-levels structures and of 𝜙 = 14  mm at each level of the 4-levels structures. The 

design tensile strength of the steel is equal to 𝑓𝑦𝑑 = 223.8 MPa (S235 Steel) and the strength 

of each metal tie was defined as 𝑇𝑡 = 𝑓𝑦𝑑(𝜋 · 𝜙2 4⁄ ). The external anchor was assumed as 

square-shaped, with dimensions 30 x 30 cm and a thickness of 2 cm. To define the masonry 

punching strength 𝑇𝑝 (Equation 7.6), the contact pressure 𝑇𝑐 (Equation 7.7) and the external 

anchor strength 𝑇𝑎 (Equation 7.8), the formulations reported in Podestà and Scandolo (2019) 

were assumed.   

𝑇𝑝 = 2𝑡𝑤√1 + 𝑡𝑎𝑛2𝛼(𝑎 + 𝑏 + 2𝑡𝑤𝑡𝑎𝑛𝛼)𝜏𝑑 (7.6) 

𝑇𝑐 = √
(2𝑡𝑤 + 𝑎)(2𝑡𝑤 + 𝑏)

𝑎𝑏
𝑎𝑏𝜎𝑟 (7.7) 

𝑇𝑎 =
𝑡2𝑎𝑏𝑓𝑑𝑎

3𝑙2
(7.8) 

where 𝑓𝑐𝑡 is the masonry tensile strength; 𝑡𝑤 is the thickness of the walls; 𝑎 and 𝑏 are the 

planar dimensions of the external anchor; 𝜏𝑑 is the design shear strength of the masonry, 

that can be calculated from 𝜏𝑘 = 𝜏0 + 𝜇𝜎0, where 𝜏0 is the masonry shear strength in 

absence of axial compression, 𝜇 is the friction coefficient assumed equal to 0.577 (as 

suggested by CNTC19, 2019) and 𝜎0 is the mean axial stress on the detachment surface due 

to the vertical loads (in absence of floor loads, it can be defined as 𝜎0 = (𝐻 − 𝑦𝑅)𝑤, where 𝐻 

is the masonry height at the external anchor from the hinge, 𝑦𝑅 is the external anchor height 

from the hinge and 𝑤 is the density of the masonry); 𝛼 is the diffusion load angle, generally 

assumed equal to 45 degrees; 𝜎𝑟 is the design masonry compression strength; 𝑙 is the half 

diagonal of the external anchor plate and 𝑓𝑑𝑎 is the design tensile strength of the steel of the 

external anchor. 

The minimum strength between that of the metal tie strength and those calculated by 

Equations 7.6 - 7.8 identifies the tie rods strength. It is important to say that the choice of the 

geometry of the eternal anchor was defined in order to avoid the premature crisis of the 

masonry and hence to guarantee the crisis of the tie rods due to the yield of the metal tie. 
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Whit this choice in the design, resulted that 𝑇𝑝, 𝑇𝑐 , 𝑇𝑎 were higher than 𝑇𝑡, in such a way that 

higher deformation capacities of the system can be obtained. 

By inverting Equation 7.5, the new load multiplier was defined and hence the capacity 

curve of the reinforced walls was defined. From the comparison between the displacement 

capacity and demand, the seismic performance of the reinforced walls with tie rods was 

calculated for each structure.  

In Table 7.11 are reported the values of the new achieved %NBSOOP. It is observed that 

all the structures satisfy the seismic verification, guaranteeing a capacity higher than the 

demand. Moreover, the variation of the bays does not influence the results (for more details 

see Section 7.3), hence the same results were achieved for structures characterized by a 

different number of bays and the same number of levels. In Figure 7.17 an example of the 

application of the tie rods on the 3-bays 3-levels structure is reported with the detail of the 

adopted square-shaped external anchor.  

Table 7.11.   %NBSOOP of OOP mechanisms of the structures reinforced with tie rods. 

 

 

Figure 7.17.   (a) Intervention with tie rods on the 3-bays 3-levels structure and (b) the detail of the 

adopted square-shaped external anchor. 
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Once the OOP mechanisms are prevented, the %NBS of the structures corresponds to 

that calculated and reported in Section 7.4. While the EAL were calculated according to 

Ministry Decree n.65 7/03/2017. The results for all the analyzed structures are reported in 

Table 7.12 and shown in Figure 7.18. 

From these results, it can be observed that the expected losses increase when the 

number of levels of the structures increases. More in detail, for the 2-bays structures the EAL 

increases from 0.65% to 1.16%, when moving from 2- to 4-levels, while for the 3-bays 

structures it increases from 0.62% to 1.04% and for the 4-bays structures it increases from 

0.60% to 1.03%. Moreover, a slight decrease of EAL can be observed in structures with the 

same number of levels while an increasing number of bays. More in detail, for the 2-levels 

structures, it is equal to 0.65% in the 2-bays structure, while it is equal to 0.60% in the 4-bays 

one. For the 3-levels structures, it is equal to 0.93% in the 2-bays structure, while it is equal 

to 0.83% in the 4-bays one. Finally, it is equal to 1.16% in the 2-bays 4-levels structure, while 

it is equal to 1.03% in the 4-bays 4-levels. 

Table 7.12.   Losses curve and EAL of the analyzed structures after the tie rods application. 
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Figure 7.18.   Performance levels in terms of EAL, after the tie rods applications, of: (a) 2-bays            

2-levels, (b) 3-bays 2-levels, (c) 4-bays 2-levels, (d) 2-bays 3-levels, (e) 3-bays 3-levels, (f) 4-bays      

3-levels, (g) 2-bays 4-levels, (h) 3-bays 4-levels, (i) 4-bays 4-levels structures. 

In Figure 7.19 it is shown the comparison of the EAL curves of all the analyzed 

structures. The curves seem to be separated into three “groups”, distinguished by structures 

with the same number of levels. On the contrary, by varying the number of bays, a small 

variation can be observed in the 2-levels structures while a higher variation is obtained when 

moving from 2- to the 3-bays, in the structures with 3- and 4-levels. 
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Figure 7.19.   EAL curves of the analyzed structures after the intervention with tie rods. 

7.8.2 Retrofit interventions for In-Plane mechanisms 

To strengthen the walls subjected to the In-Plane seismic forces, different intervention 

strategies were considered and, as a consequence, different intervention techniques were 

adopted (a detailed list is reported in Section 4.5.2).  

They should be aimed essentially at solving the main structural deficiencies. According to 

the results obtained by the SLaMA-URM method (see Sections 6.5 and 7.4), both in terms of 

capacity curves and expected (or more probable) crisis mechanisms, it is needed to proceed 

to the strengthening of the first level, that is constituted by a weak system. In addition, it is 

needed to intervene on the brittle shear failures of the spandrels that strongly reduce the 

global capacity of all the structures.  

The following two strategies were considered: i) increase the global ductility and ii) 

increase the global stiffness and strength of the structures. Regarding the adopted 

techniques, were taken into account the more widely used in the reconstruction period after 

the L’Aquila earthquake (Dolce and Manfredi, 2015), such as the grout injections to increase 

the global ductility and the reinforced plaster and  FRP strips to increase the global stiffness 

and strength of the structures. It was decided to set the target %NBS equal to 80% since in 

Ministry Decree n.65 7/03/2017 this represents the threshold value to access the first risk 

class, that corresponds to that in which the least vulnerable structures are grouped.   
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In the following is reported a brief description of how the adopted techniques were 

implemented in the SLaMA-URM method. Then, the results obtained by the analyzed 

structures in terms of performance (%NBS) and economic losses (EAL) are shown.  

Grout injection 

The grout injections represent a traditional technique adopted to increase the strength of 

the existing structures, generally in combination with other interventions. It was a widely 

studied technique (Binda et al., 1997; Mazzon, 2010; Oliveira et al., 2012; Silva et al., 2014; 

Vintzileou et al., 2015) and its effectiveness depends on the characteristics of the used 

mortar and on the presence and interconnection of voids in the masonry.  

By the indications deriving from research studies and experimental campaigns, CNTC19 

(2019) provides a table of the corrective coefficients to quantify the achieved improvement of 

the retrofit. These coefficients, that change according to the type of masonry, have to be 

applied to both strength parameters (compressive and shear) as well as to the elastic 

modules (Young’s and shear one).  

In this Thesis the indications provided by CNTC19 (2019) were adopted. For the 

masonry characterized by solid bricks and lime mortar, a corrective coefficient equal to 1.2 

was used. It is worth noting that the injections of grout are applied to all the piers in the 

structures. For the spandrels, instead, in order to have precautionary results, this intervention 

was not considered. 

In Table 7.13 are resumed the main mechanical parameters of the masonry reinforced 

with the grout injections and adopted in the following applications. 

Table 7.13.   Mechanical parameters of the masonry reinforced with grout injections. 

 

Reinforced plaster 

The reinforced plaster is a technique that is applied at both sides of the considered walls 

and it can increase their strength as well as the flexural capacity of the spandrels. Indeed, 
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the presence of tensile resistant elements (i.e. the electro-welded meshes), if well anchored, 

leads to consider a tensile strength in the spandrels. Moreover, the effect of this intervention 

is more evident when applied at the lower levels of the structure, since the walls flexural 

strength strongly increases for high values of axial loads, while the shear strength increases 

also for lower axial loads.  

As observed from several studies (Ghiassi et al., 2012; Churilov e Dumova-Jovanoska, 

2013), it was possible to quantify the increase of strength by means of corrective coefficients 

to apply to mechanical parameters and to the elastic modules of the masonry. In order to well 

grasp the increase of strength according to the different typology of existing masonry, 

different coefficients can be adopted. The proposal of these coefficients by CNTC19 (2019) 

was herein adopted and, according to the typology of the selected masonry, this corrective 

coefficient is set equal to 1.5. 

In Table 7.14 are resumed the main mechanical parameters of the masonry reinforced 

with the reinforced plaster and adopted in the following applications. 

Table 7.14.   Mechanical parameters of the masonry reinforced with reinforced plaster. 

 

The intervention is realized by means of two (one on each wall side) 3 cm thick concrete 

sheets with electro-welded mesh, with mesh size 15 x 15 cm and diameter 𝜙 = 6  mm 

(B450C Steel, 𝑓𝑦𝑑 = 391.3 MPa). In order to provide their effective anchorage, transversal 

connections (injected bars) were considered.  

With this intervention it was improved the coupling effect of the spandrels, increasing 

both the compression and the shear strength. Moreover, in addition to the shear strength, 

also the flexural strength of the masonry spandrels was further increased. More in detail, the 

tensile strength of the spandrels can be calculated by the minimum between the masonry 

and the tensile elements contributions, following Equation 7.9 (CNTC19, 2019):  

𝐻𝑝 = 𝑚𝑖𝑛 [(0.4𝑓ℎ𝑑ℎ𝑡); 2𝑛𝑓𝑦𝑑

𝜋𝜙2

4
] (7.9) 
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where 𝑓ℎ𝑑 is the horizontal masonry compression strength; ℎ and 𝑡 are the height and the 

thickness of the spandrel, respectively; 𝑓𝑦𝑑 is the design tensile strength of the steel and 𝑛 is 

the number of the reinforcement bars per side.  

Due to the fact that the aim of the retrofit strategy was to achieve a seismic performance 

higher than 80%NBS, the application of the reinforced plaster was limited on a number of 

levels such that this threshold was reached. More in detail, for the 2-levels structures it was 

applied only on the first floor, while for the 3- and 4-levels structures to all the floors. 

FRP 

The application of the FRP strips is the third intervention technique herein considered. 

FRP material is used to enhance the flexural and shear capacity of piers and spandrels.  

The increase of the shear strength was achieved through the arrangement of the FRP 

strips parallel to the direction of the shear. This can be obtained when an ideal isostatic truss 

system is defined. Hence, in addition to the reinforcement parallel to the direction of the 

shear, it was needed to provide also the arrangement of two strips, parallel to the axis of the 

piers (or spandrels), to let the development of the truss model.  

The intervention with FRP was adopted to increase the shear strength of the piers at the 

base and to prevent the expected shear failure of the spandrels. For these reasons, the 

design of the flexural strengthening was considered. More in detail, it was supposed to apply 

two symmetrically disposed of FRP strips, parallel to the axes of the elements (vertically in 

the piers and horizontally in the spandrels).  

Following the instructions in CNR DT200 (2004), the characteristics of the composite 

material were defined. More in detail, adopting the CFRP type, it was assumed the FRP 

tensile elastic modulus equal to 𝐸𝑓 = 230 GPa, the characteristic FRP tensile strength as 

𝑓𝑓𝑘 = 1500 MPa and the design FRP tensile strength as 𝑓𝑓𝑅𝑑 = 1295.5 MPa (assuming a 

conversion factor equal to 𝜂 = 0.95 and a safety partial coefficient for the failure mode 

collapse equal to 𝛾𝑓 = 1.1). In order to consider the linear behaviour of the material, the 

design strain was calculated as 𝜀𝑓𝑅𝑑 = 𝑓𝑓𝑅𝑑/𝐸𝑓 = 0.0056. Also, the possible delamination 

failure, that can occur in the intervention with FRP, was taken into account. More in detail, 

the ultimate strain due to the delamination failure 𝜀𝑓𝑑𝑑 as well as the tensile strength 𝑓𝑓𝑑𝑑 

were identified, following Equations 7.10 and 7.11: 



Chapter 7. Seismic assessment and retrofit of URM prototype structures through the SLaMA-URM method 

 

323 

 

𝜀𝑓𝑑𝑑 =
1

𝛾𝑓𝑑
√

2𝛤𝐹𝑑

𝑡𝑓𝐸𝑓

(7.10) 

𝑓𝑓𝑑𝑑 =
1

𝛾𝑓𝑑
√

2𝛤𝐹𝑑𝐸𝑓

𝑡𝑓

(7.11) 

where 𝛾𝑓𝑑 is the safety partial coefficient for the delamination failure mode, set equal to 1.2; 

𝑡𝑓 is the thickness of the strips, equal to 𝑡𝑓 = 0.189 mm (defined from a fibres weight per unit 

area of 𝜌𝑓 = 350 g/m2 and a fibres specific weight of 𝜌𝑓 = 1.85 g/cm3); 𝛤𝐹𝑑 is the design 

fracture energy, defined by the area under the tangential stress-sliding curve that represents 

the needed work to produce the failure of an interface area. Following the CNR DT200 

(2004) instructions, this last parameter is considered equal to 𝛤𝐹𝑑 = 𝛤𝐹𝑘/𝛾𝑚, where 𝛤𝐹𝑘 is the 

characteristic value, defined in Equation 7.12, and 𝛾𝑚 is the safety coefficient of the masonry 

(assumed equal to 2): 

𝛤𝐹𝑘 = 𝑐1√𝑓𝑚𝑘𝑓𝑚𝑘𝑚 (7.12) 

where 𝑐1 is a coefficient equal to 0.015; 𝑓𝑚𝑘 and 𝑓𝑚𝑘𝑚 are the characteristic compression and 

tensile strength of the masonry. In absence of experimental data it was assumed         

𝑓𝑚𝑘𝑚 = 0.1𝑓𝑚𝑘. 

The FRP ultimate strain is the minimum value between 𝜀𝑓𝑅𝑑 and 𝜀𝑓𝑑𝑑, and consequently, 

the FRP tensile strength is obtained multiplying it by the tensile elastic modulus. To avoid 

delamination issues, mechanical connectors were introduced to increase 𝜀𝑓𝑑𝑑. These devices 

are generally made with FRP material and are placed inside the wall in order to connect the 

reinforcing elements on both sides of the element. With the use of the connectors, the 

ultimate strain was set equal to 3‰ (Vinci, 2019).   

The flexural strength of the components (pier and spandrel) reinforced with FRP was 

calculated by sectional analysis through the MBA approach (presented in Section 5.4.2.1). In 

the pier (or spandrel)-FRP system the compression strength is given by the masonry 

contribution (FRP shows a very low compression stiffness), while the tensile strength is 

provided by the composite material. The shear capacity of the strengthened element is given 

by the equilibrium of the shear forces in the activated truss mechanism. More in detail, this 

capacity was defined by the sum of the masonry contribution 𝑉𝑅𝑑,𝑚 and the FRP contribution 
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𝑉𝑅𝑑,𝑓, up to the maximum value 𝑉𝑅𝑑,𝑚𝑎𝑥 that induces the failure of the compressed strut of the 

truss (CNR DT200, 2004). Assuming a shear strengthening parallel to the mortar joints, the 

following formulations were adopted (Equations 7.13 and 7.14): 

𝑉𝑅𝑑,𝑚 =
1

𝛾𝑅𝑑
𝑑𝑡𝑓𝑣𝑑 (7.13) 

𝑉𝑅𝑑,𝑓𝑚 =
1

𝛾𝑅𝑑

0.6𝑑𝐴𝑓𝑤𝑓𝑓𝑑

𝜌𝑓

(7.14) 

where 𝑑 is the lever arm of the FRP force with respect to the masonry compression force; 𝑡 is 

the component thickness; 𝑓𝑣𝑑 is the design shear strength of the masonry; 𝐴𝑓𝑤 is the area of 

the FRP shear strengthening; 𝜌𝑓 is the center-to-center spacing of FRP and 𝑓𝑓𝑑 is the design 

strength of FRP reinforcement (defined as the lower value between FRP tensile failure 

strength and the delamination one). The partial factor 𝛾𝑅𝑑 was assumed to equal to 1. 

Regarding the maximum shear capacity, Equation 7.15 was adopted: 

𝑉𝑅𝑑,𝑚𝑎𝑥 = 0.3𝑓𝑚ℎ𝑡𝑑 (7.15) 

where 𝑓𝑚ℎ is the masonry compressive strength parallel to the mortar joints. 

The FRP applications, in order to achieve the aforementioned purpose to reach the 

minimum performance of 80%NBS, was applied as follows: 

- in the 2-levels structures, the FRP strips were applied to increase the flexural and 

shear capacity of the three piers at the base and of the two spandrels at the second 

floor; 

- in the 3-levels structures, the intervention with FRP is performed on the four piers at 

the base and on the spandrels at the first and second floor; 

- in the 4-levels structures, the FRP was applied on the five piers at the base and on all 

the spandrels of the structures.  

It is worth noting that the reinforced structural components, after the intervention with 

FRP, changed their failure mechanism, from shear type to flexural one.  
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In Table 7.15 are reported the geometric arrangements (i.e. the width 𝑏𝑓 and the spacing 

of the shear strips 𝜌𝑓) of the applied FRP on each structural component of the analyzed 

structures.  

Generally speaking, the same dimensions were assumed for the exterior piers at the 

base of all the structures (𝑏𝑓 = 100 mm and 𝜌𝑓 = 500 mm), while for the interior ones, 

different values of 𝜌𝑓 were used, in order to guarantee that the shear strength was higher 

than the flexural one. More in detail, for the 2-levels structures the same geometry of the 

exterior piers was adopted, while for the 3- and 4-levels structures a lower value of 𝜌𝑓 of the 

strips was required (𝜌𝑓 = 300 mm for the 3-levels structures and 𝜌𝑓 = 200 mm for the          

4-levels structures).  

Table 7.15.   Geometric characteristics of the FRP strips on the exterior and interior piers of the 2-, 3- 

and 4-levels structures. 

 

Regarding the FRP arrangements on the spandrels, the following values were assumed: 

𝑏𝑓 = 100 mm and 𝜌𝑓 = 300 mm. 

In Figure 7.20 are reported the results in terms of the performance and the economic 

losses by adopting the aforementioned retrofit interventions for the 2-bays 2-levels structure. 

The results of the retrofit interventions for all the other structures are reported in Appendix 

A.4. 

In Figure 7.20a, it is observed that the application of the grout injections (green line) 

leads to an increase of the displacement capacity. An increase of the global performance 

(+20%) was obtained, achieving the target %NBS, which however is not sufficient to achieve 

the safety check (%NBS = 88% < 100%) yet. On the contrary, a significant increase of the 

strength capacity is observed when the reinforced plaster is applied at the first level of the 

structure (red line) and when the FRP strips are arranged on the piers at the base and on the 
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spandrels at the second floor (blue line). This is essentially due to the increase of the 

spandrels strength. Indeed, these components strongly limit the unreinforced structure as 

well as the one reinforced with injections of grout, hence by intervening on the spandrels, 

and by increasing their coupling effect, the global capacity of the structure increases. In the 

case of application of reinforced plaster, a performance equal to %NBS = 108% is achieved 

(+28% with respect to the unreinforced case), satisfying the safety check. As observed by the 

corresponding capacity curve, an increase of the displacement capacity is obtained (+35% 

with respect to the unreinforced case), thanks to the increase of the displacement capacity of 

the left pier at the base. It is important to highlight that by adopting this intervention, the 

failure mechanisms of the components are unchanged with respect to the unreinforced 

structure, hence it is still expected the shear failure of the spandrels and the shear failure of 

the central and right piers at the base. Adopting the FRP strips to strengthen the piers at the 

base and the spandrels at the second floor, the %NBS = 100% is achieved and the failure 

mechanisms of the strengthened components are changed from the shear type to the 

flexural one.  

In terms of EAL curves (Figure 7.20b), a slight reduction in the curve, with respect to the 

unreinforced case, is achieved by using injections of grout. More in detail, a decrease of 

losses can be observed at the ultimate limit state, leading to EAL = 0.62% (-0.03% with 

respect to the unreinforced case). A higher decrease of EAL is observed for reinforced 

plaster (-0.15%, leading to EAL = 0.50%) and FRP strips (-0.13%, leading to EAL = 0.52%). 

 

Figure 7.20.   Retrofit interventions results of the 2-bays 2-levels structure: (a) seismic performances 

and (b) expected annual losses curves. 
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In Figure 7.21 is shown the comparison of the achieved %NBS and the expected EAL for 

the 2-bays 2-levels structure through the retrofit interventions described above.  

 

Figure 7.21.   Retrofit interventions results of the 2-bays 2-levels structure: (a) %NBS and (b) EAL. 

The same considerations made for the 2-bays 2-levels structure can be made for the 

other 2-levels structures (see Figure 7.22). More in detail, it is possible to observe that all the 

structures, having already good performance in the unreinforced case, can achieve a low 

increase in terms of the %NBS with the grout injections (approximately +10%), while a strong 

increase is observed when FRP (+15% in the case of 3- and 4-bays) and reinforced plaster 

(+24% in the case of 3- and 4-bays) are used. Generally speaking, no clear differences 

emerge when varying the number of bays in the 2-levels structures. The best performance is 

achieved by adopting reinforced plaster on the first floor, but with this intervention, unlike 

using FRP, the expected brittle failures of piers and spandrels do not change to a ductile 

one. 

 

Figure 7.22.   %NBS achieved with different retrofit interventions for: (a) 2-bays 2-levels structure,    

(b) 3-bays 2-levels structure and (c) 4-bays 2-levels structure. 
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Regarding the 3-levels structures, the performance achieved in terms of the %NBS by 

adopting different retrofit interventions are shown in Figure 7.23. From these results, it can 

be highlighted that the influence of the retrofit by grout injections is definitively lower than in 

the 2-levels structures. More in detail, an increase of 4% is obtained for all the structures, i.e. 

half of the one obtained in the 2-levels structures. The strengthening by FRP and reinforced 

plaster allows achieving approximately the same increase with respect to the unreinforced 

structure. This variation ranges from 33% to 39%. Both these techniques can achieve the 

maximum performance (equal or higher than 100%NBS) in the 3- and 4-bays structures. 

While, in the 2-bays structure, the intervention with the reinforced plaster reaches 94%NBS 

and that with FRP 98%NBS. 

 

Figure 7.23.   %NBS achieved with different retrofit interventions for: (a) 2-bays 3-levels structure,    

(b) 3-bays 3-levels structure and (c) 4-bays 3-levels structure. 

Regarding the 4-levels structures, as shown in Figure 7.24, the grout injections almost do 

not affect the performance achieved in terms of %NBS (increases of 2% with respect to the 

unreinforced case). For the intervention with FRP, the increase is around 42% (similar to 

what obtained for the 3-levels structures), achieving %NBS values that range from 98% to 

100%. A lower increase of %NBS is observed by adopting reinforced plaster, which leads to 

an increase of around 28% (approximately 10% less than what obtained for the 3-levels 

structures).  
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Figure 7.24.   %NBS achieved with different retrofit interventions for: (a) 2-bays 4-levels structure,    

(b) 3-bays 4-levels structure and (c) 4-bays 4-levels structure. 

About the EAL results, for the 2-levels structures (see Figure 7.25) it was observed that, 

by varying the number of bays, no clear differences with respect to the 2-bays structure 

(Figure 7.21b) are observed. The grout injections lead to a slight decrease of EAL (around 

0.03% with respect to the unreinforced case), leading to values that range from 0.62% to 

0.57%. With the reinforced plaster and the FRP, a lower decrease of EAL is obtained by 

increasing the number of bays. More in detail, in the 2-bays structure a variation of 0.15% 

and 0.13% is obtained for each intervention (obtaining EAL = 0.50% and EAL = 0.52%, 

respectively), while in the 4-bays structure a variation of 0.11% and 0.08% (obtaining       

EAL = 0.49% and EAL = 0.52%, respectively) is observed.  

 

Figure 7.25.   EAL obtained with different retrofit interventions for: (a) 2-bays 2-levels structure,         

(b) 3-bays 2-levels structure and (c) 4-bays 2-levels structure. 

For the 3-levels structures, the results shown in Figure 7.26 highlight that the grout 

injections give a similar improvement obtained for the 2-levels structures, while by adopting 

the reinforced plaster and FRP a great decrease of EAL (around 0.35% with respect to the 

unreinforced case) is obtained. More in detail, the intervention with grout injections leads to 
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EAL values that range from 0.89% to 0.81%. The reinforced plaster application allows 

obtaining EAL values that range from 0.55% to 0.51%, while the intervention with FRP from 

0.53% to 51%. By varying the number of bays no significant differences are highlighted in the 

trend.  

 

Figure 7.26.   EAL obtained with different retrofit interventions for: (a) 2-bays 3-levels structure,         

(b) 3-bays 3-levels structure and (c) 4-bays 3-levels structure. 

Regarding the 4-levels structures, the results are shown in Figure 7.27. The differences 

with the structures discussed above reside in the EAL values obtained by considering the 

FRP and the reinforced plaster interventions. Indeed, the former grants a lower value of EAL 

(around 0.53%) with respect to the unreinforced structure (with a decrease that ranges from 

63% to 52%). While the latter intervention gives EAL values that range from 0.63% to 0.60%. 

Moreover, it is worth noting that the trend that considers an improvement of EAL values, 

starting from the 2-levels up to the 4-levels, is herein again confirmed. Also in these cases, 

by varying the number of bays no significant differences can be observed in the results. 

 

Figure 7.27.   EAL obtained with different retrofit interventions for: (a) 2-bays 4-levels structure,         

(b) 3-bays 4-levels structure and (c) 4-bays 4-levels structure. 
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A summary of all the achieved %NBS values and the obtained EAL by adopting the 

different retrofit interventions is reported in Tables 7.16 and 7.17, respectively. 

Table 7.16.   %NBS achieved with different retrofit interventions for the analyzed structures. 

 

Table 7.17.   EAL obtained with different retrofit interventions for the analyzed structures. 

 

In summary, it can be said that varying the number of bays has no significant effects on 

the %NBS and EAL, for all the different retrofit interventions. While, by increasing the number 

of levels, the achieved performance of the reinforced structures decreases and, at the same 

time, the expected economic losses increase.  

Although the FRP and the reinforced plaster interventions lead to similar results both in 

terms of %NBS and EAL, by adopting the former intervention, the failure mechanisms of the 

structural components do not change, while by applying FRP, the brittle shear failure of the 

spandrels and of the piers at the base changes in the flexural one.  
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7.9 Retrofit interventions comparison: medium vs high 

seismicity  

In order to highlight the differences obtained by applying retrofit interventions on 

structures located in different seismicity zones, the results obtained in Section 7.8 for the 

medium seismicity (MS) are herein compared with those obtained in conditions of high 

seismicity (HS, PGA = 0.34g). It should be noted that this change, in the SLaMA-URM 

method, consists of considering different seismic demands.  

Regarding the OOP performance, the results of the unreinforced structures are reported 

in Section 7.5. By supposing to intervene with tie rods to prevent the activation of these 

mechanisms, as for the MS case, the results in terms of %NBSOOP are reported in Table 

7.18. The same design procedure described in Section 7.8.1 was considered, with the 

difference that, to satisfy the safety verifications, it was needed to consider thicker round-

shaped metal ties, i.e. a diameter of 𝜙 = 14  mm at each floor of the 2-levels structures, and 

of 𝜙 = 16  mm at each floor of the 3- and 4-levels structures. Due to the fact that the variation 

of bays does not influence the results, the same outcomes are expected for structures with 

the same number of levels. All the structures, after the retrofit intervention with tie rods, show 

the overturn around the cylindric hinge at the base of the first floor as the critical mechanism 

expected to occur (Mechanism 2). 

Table 7.18.   High seismicity results: %NBSOOP of the structures reinforced through tie rods. 

 

Once the OOP mechanisms were prevented, attention was given to the global 

performance achieved by the structures placed in the HS zone. In Figure 7.28 are shown the 

capacity curves compared with the elastic spectrum and the EAL curves. 
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Figure 7.28.   High seismicity: (a) In-Plane performance levels and (b) EAL curves of the structures. 

In Figures 7.29 and 7.30 are shown the comparisons between the results obtained in MS 

and in HS zones, in terms of %NBS and EAL values, respectively. 

 

Figure 7.29.   %NBS after the intervention with tie rods: MS and HS comparison. 

 

Figure 7.30.   EAL after the intervention with tie rods: MS and HS comparison. 
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From the results, it can be observed that the variation of the performance ranges from 

15% to 25% when moving from MS to HS zones. More in detail, the HS leads to a strong 

decrease of %NBS in the 2-levels structures (e.g. 20-25%), obtaining a value of 60% in the 

2- and 3-bays structures and of 62% in the 4-bays structure. While a lower decrease is 

observed in the 3- and 4-levels structures (e.g. 15-18%), where are achieved values of 45% 

in the 2-bays 3-levels structure, of 47% in the 3- and 4-bays 3-levels structures, of 40% in the 

2-bays 4-levels structure and of 42% in the 3- and 4-bays 4-levels structures.  

The higher variation of the %NBS in the 2-levels structures can be motivated by their 

higher ductility capacity. In MS, the capacity curves are close to the plateau of the elastic 

spectrum, as a consequence, a lower damping value is needed in order to achieve the 

performance point. In HS, instead, the curves are more distant from the elastic spectrum, 

hence a higher damping value is necessary.  

Regarding the EAL values, the HS leads to an increase of the expected economic losses 

that range from 0.49% to 1.53%, with respect to the MS case. More in detail, a drastic 

increase is observed in the 4-levels structures (variations of 1.34 - 1.53%), leading to        

EAL = 2.69% for the 2-bays structure and EAL = 2.38% for the 3- and 4-bays structures. Also 

in the 3-levels structures, an increase is observed (from 0.95% to 1.10%), obtaining EAL 

values of 2.03% for the 2-bays structure, 1.82% for the 3-bays and 1.78% for the 4-bays. A 

lower variation is observed in the 2-levels structures (from 0.49% to 0.58%), in which the 

EAL values obtained are: 1.23% for the 2-bays, 1.15% for the 3-bays and 1.09% for the       

4-bays structure.  

The difference observed in the 2-levels structures with respect to the 3- and 4-levels 

structures can be explained by the higher losses expected at serviceability limit states (DLS 

and OLS) in these latter with respect to those requested for the 2-levels ones. Higher values 

of the mean frequency of exceedance at these limit states, increase the area under the EAL 

curves and consequently lead to higher EAL values. 

Once the performance of the existing structures was defined, the retrofit solutions (grout 

injections, reinforced plaster and FRP) were considered. Since the results obtained in MS 

zones, showed that the number of bays does not affect the trend of %NBS and EAL, for sake 

of brevity, for the HS case the retrofit analyses were carried out only on the three structures 

with 2-bays, i.e. 2-levels, 3-levels and 4-levels.  
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More in detail, the grout injections were applied to all the piers of the structures and with 

the same modality described in the MS condition.  

The reinforced plaster was applied with the same details described in the MS condition 

but by varying the number of floors subjected to this retrofit interventions. 

The FRP, in order to achieve the target %NBS (i.e. 80%) was applied to the second floor 

spandrels of the 2-levels structure and to all the spandrels of the 3- and 4-levels structures. 

The arrangements of the strips in the spandrels consisted of setting 𝜌𝑓 = 300 mm in all the 

cases and 𝑏𝑓 = 100 mm for the 2-levels structure, while 𝑏𝑓 = 150 mm for the 3- and 4-levels 

structures. Moreover, the FRP was applied also to all the piers at the base of the analyzed 

structures. For the geometric arrangements on the piers at the base refer to Table 7.19. 

To satisfy the safety check in HS, it was needed to increase the width of the strips of the 

interior and the exterior piers at the base (from 𝑏𝑓 = 100 mm to 𝑏𝑓 = 200 mm) in the 3- and   

4-levels structures, with respect to those applied in MS. Once increased 𝑏𝑓, it was possible to 

increase the spacing of the FRP strips on the interior piers (passing from 𝜌𝑓 = 300 mm to 

𝜌𝑓 = 500 mm in the 3-levels structure and from 𝜌𝑓 = 200 mm to 𝜌𝑓 = 300 mm in the 4-levels 

structure), because the shear failure was no longer the limiting factor once that the width of 

the strips was increased. On the contrary, these modifications were not necessary in the     

2-levels structure, i.e. the same FRP arrangement of the MS case was maintained. 

Table 7.19.   Geometric characteristics of the FRP strips on exterior and interior piers of the 2-, 3- and 

4-levels structures in HS zones. 

 

In Figure 7.31 are shown the results obtained for the 2-bays 2-levels structure. The 

retrofit interventions that were applied consist in: i) grout injections, ii) application of 

reinforced plaster at the first floor (I, in Figure) and at the first and second floor (I+II, in 



C. Sansoni. Seismic Vulnerability Assessment of Existing URM Structures through a Simplified Analytical Method     

 

336 

 

Figure), iii) application of the FRP strips on the piers at the base and on the spandrels at the 

second floor (FRP (1), in Figure) or on the piers at the base and on the spandrels at the first 

and second floor (FRP (2), in Figure).  

From Figure 7.31a it can be observed that the application of the grout injections on all 

the piers of the structures gives a small increase (+6%) of the %NBS, but it is still not 

sufficient to achieve the target %NBS (e.g. 80%). The application of the reinforced plaster at 

the first floor (I, in Figure) leads to an important increase in the performance (+21%), 

achieving a %NBS equal to 81%, close to the target value. In order to further improve its 

effect, the reinforced plaster is applied also to the second floor, reaching %NBS = 84%. 

Regarding the FRP application, the configuration (1) is not able to give the minimum required 

%NBS (arrives at %NBS = 64%). By using the configuration (2), instead, the achieved %NBS 

is 94%, with a significant increase (+34%) with respect to the unreinforced case. 

In Figure 7.31b it can be observed that the best results in terms of EAL were obtained by 

adopting the configuration (2) of the intervention with FRP, which shows a great reduction of 

EAL   (-0.65% with respect to the unreinforced case). Regarding the grout injections, a very 

small decrease of 0.08% is obtained, while in the case of the reinforced plaster to the first 

and the second floor (I+II, in Figure) a reduction of 0.53% is obtained.  

 

Figure 7.31.   Retrofit interventions results in HS zones for the 2-bays 2-levels structure: (a) %NBS 

and (b) EAL. 

By increasing the number of levels (see Figure 7.32), the adoption of the reinforced 

plaster to all the floors of the structures does not allow to reach the target %NBS. More in 
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detail, for the 3-levels structure is obtained %NBS = 68%, while for the 4-levels              

%NBS = 56%. The intervention with grout injections, as happened for the 2-levels structure, 

does not allow to give the required performance (grants a %NBS = 48% in the 3-levels 

structure and %NBS = 44% in the 4-levels structure). On the contrary, by using the FRP 

strips, with the modified geometric configuration previously discussed (that justifies the 

different colour used in Figure), the target %NBS is achieved. More in detail, the FRP is 

applied on the piers at the base and on the spandrels at each level. The achieved %NBS is 

equal to 108% in the 3-levels structure and to 102% in the 4-levels structure.  

 

Figure 7.32.   %NBS achieved in HS zones with different retrofit interventions for: (a) 2-bays 3-levels 

structure and (b) 2-bays 4-levels structure. 

In Figure 7.33 are shown the results in terms of EAL for the 3- and 4-levels structures. 

Although the application of the reinforced plaster to all the floors of the 3- and 4-levels 

structures does not allow to achieve the desired %NBS, it allows to obtain a good reduction 

of EAL (-1.09% in the 3-levels structure and -1.47% in the 4-levels structure). More evident is 

the EAL improvement obtained through FRP (-1.51% in the 3-levels structure and -2.15% in 

the 4-levels structure), while with the grout injections intervention a slight reduction is 

observed (-0.05% in the 3-levels structure and -0.06% in the 4-levels structure). 
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Figure 7.33.   EAL obtained in HS zones with different retrofit interventions for: (a) 2-bays 3-levels 

structure and (b) 2-bays 4-levels structure. 

A summary of the %NBS values achieved and the EAL obtained by adopting the different 

retrofit interventions in HS zones for the 2-, 3- and 4-levels structures are reported in Tables 

7.20 and 7.21, respectively. 

In summary, these results showed that the 2-levels structure is not characterized by a 

critical condition, since it achieves the target %NBS with both the reinforced plaster and the 

FRP interventions. While regarding the 3- and 4-levels structures the adoption of the 

reinforced plaster does not allow to improve the performance as required. In all the analyzed 

cases, the intervention with FRP represents the best retrofit solution, since it achieves the 

higher performance and the lower expected economic losses. Moreover, it should be 

evidenced that the structures located in HS zones are not only more vulnerable in their 

unreinforced condition but also the choice of their retrofit strategy represents a not-so-trivial 

aspect.  

Table 7.20.   %NBS achieved in HS zones with different retrofit interventions for: (a) the 2-levels 

structure and (b) the 3- and 4-levels structures. 
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Table 7.21.   EAL obtained in HS zones with different retrofit interventions for: (a) the 2-levels structure 

and (b) the 3- and 4-levels structures. 

 

In Figures 7.34 and 7.35 are shown the comparisons between the results obtained in MS 

and HS zones, in terms of %NBS and EAL values, respectively, for the 2-bays structures, 

after the retrofit interventions. It is worth noting that, although the arrangements of the 

interventions are different in HS zone with respect to the MS one, as observed above, the 

colours of the histograms were homogenised according to the considered interventions, for a 

more clear comparison. 

 

Figure 7.34. %NBS achieved after IP retrofit interventions for 2-bays structures: MS vs HS 

comparison. 

 

Figure 7.35.   EAL obtained after IP retrofit interventions for 2-bays structures: MS vs HS comparison. 
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From these results, it can be seen that the grout injections achieve the target %NBS only 

in the 2-levels structure placed in MS zones (88%), while in all the other cases they reach 

values lower than 66%NBS. Regarding the reinforced plaster intervention, it leads to the 

target %NBS in all the structures, except for the 3- and 4-levels structures in HS zones, that 

achieve 68% and 56%NBS, respectively. In all of the three cases study, the %NBS obtained 

in MS zones is higher of around 25% than that achieved in HS zones. Concerning the 

intervention with FRP, little differences can be observed in terms of %NBS, since in all cases 

it exceeds 94%.  

The results in terms of EAL obtained with the grout injections and the reinforced plaster 

suggest that higher economic losses are expected in all the structures placed in HS zones. 

While in the intervention with FRP no evident differences can be observed in the EAL results 

obtained in both seismic conditions. More in detail, for the grout injections an increase of 

around 0.5% is observed in the 2-levels structure, of around 1% in the 3-levels structure and 

of 1.5% in the 4-levels one, when moving from MS to HS zones. For the intervention with 

reinforced plaster, a lower variation is obtained when moving from MS to HS zones: an 

increase of around 0.2% in the 2-levels structure, 0.4% in the 3-levels structure and 0.6% in 

the 4-levels one. Finally, regarding the intervention with FRP there are almost no differences 

in terms of EAL when moving from MS to HS zone, for all the 2-bays structures. 

It is worth noting that the analyses proposed above are not intended as a complete and 

all-inclusive study of all the possible retrofit interventions, but they want to give an idea of 

how the SLaMA-URM method can also be used to study the behaviour and the response of 

reinforced structures and to design the different retrofit interventions according to the 

highlighted weaknesses of the analyzed structure. Hence, the interest was focused on the 

investigation of the behavior of the masonry structures before and after the different 

interventions, in order to quantify the comparison in terms of %NBS and EAL. 

7.10 Retrofit interventions costs 

In this Section, a comparison between the improvement in performance and the 

investment required for the different retrofit interventions is provided. More in detail, an 

immediate analysis between costs and benefits of the different retrofit strategies described in 

the previous sections is carried out.  
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At first, are evaluated the costs of the interventions and in order to do this, the regional 

price lists of public works in retrofit interventions (Genio Civile, 2018) were considered. The 

unit prices described in the following include all the charges concerning the design, 

construction and implementation of the intervention. More in detail, the specialized labor and 

the charges of safety were also taken into account. Moreover, in order to provide a useful 

criterion for comparing the different intervention strategies, the corresponding cost of each 

percentage point of NBS (1%NBS), defined as the ratio between the intervention cost and 

the variation of %NBS (%NBSpost operam - %NBSante operam) of the considered intervention, is 

considered. 

For the application of the tie rods, necessary to prevent the OOP mechanisms, with 

reference to Genio Civile (2018), was assumed a unit cost that ranges from 300€ up to 590€ 

based on the length of the adopted metal tie as well as its diameter.  

Regarding the retrofit interventions to increase the In-Plane performance of the frames 

parallel to the seismic action, Genio Civile (2018) was considered to identify the intervention 

costs. More in detail, for the intervention with grout injections, the cost per square meter 

equal to 50 €/m2 was considered, and by defining the area of the strengthened piers, the total 

cost of the intervention was defined. For the reinforced plaster application, a cost per square 

meter equal to 130 €/m2 was assumed. By considering the net area of the intervention, the 

corresponding cost was defined. Finally, for the intervention with FRP, a cost per square 

meter of FRP strips equal to 430 €/m2 was considered and, calculating the area of the 

applied strengthening material, the cost of the intervention was defined.  

For sake of brevity, in the following Sections, the only 2-bays structures costs are 

reported, considering both the MS and HS case. The complete set of costs for the structures 

located in MS zones is reported in Appendix A.5.  

7.10.1 Medium seismicity 

At first, the OOP mechanisms need to be impaired by means of tie rods. The unit costs 

associated with each structure and the corresponding cost of 1%NBS are resumed in Table 

7.22.  



C. Sansoni. Seismic Vulnerability Assessment of Existing URM Structures through a Simplified Analytical Method     

 

342 

 

Table 7.22.   Tie rods intervention costs in MS zones of all the analyzed structures. 

 

These costs are needed to consider the global behaviour of the structures, hence they 

are necessary to introduce the following retrofit intervention costs. 

To strengthen the frames subjected to the IP seismic forces, different interventions were 

considered: i) grout injections, ii) reinforced plaster and iii) FRP. In order to calculate the 

costs of these retrofit interventions, the details of the application described in Section 7.8.2 

were considered. In Tables 7.23 - 7.25 the intervention costs and the corresponding 1%NBS 

costs of the 2-bays structures are reported.  

Table 7.23.   Grout injections costs of the 2-bays structures in MS zones. 

 

Table 7.24.   Reinforced plaster costs of the 2-bays structures in MS zones. 
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Table 7.25.   FRP costs of the 2-bays structures in MS zones. 

 

The total intervention costs and the 1%NBS costs for the 2-bays 2-levels structure are 

shown in Figure 7.36. As it can be observed in Figure 7.36a, the intervention with grout 

injections is the cheapest one (it costs 1391€ against the 3362€ of the reinforced plaster and 

the 8385€ of the FRP). While in terms of 1%NBS cost (see Figure 7.36b) it is less convenient 

with respect to the reinforced plaster one, while the FRP remains the less convenient. More 

in detail, the grout injections require 174€ to increase the performance of 1%NBS, instead, 

the reinforced plaster requires 120€ and the FRP requires 419€. For these reasons in the    

2-bays 2-levels structure, the intervention with reinforced plaster represents the more 

convenient one, since it allows to reach the maximum seismic performance with the 

minimum financial investment.  

 

Figure 7.36.   Retrofit costs of the 2-bays 2-levels structure in MS zones: (a) intervention costs and   

(b) 1%NBS cost. 

In Figure 7.37 are reported the retrofit costs related to the 2-bays 3-levels structure. As it 

can be observed in Figure 7.37a, the intervention with grout injections is again the cheapest 

one (it costs 1899€ against the 12418€ of the reinforced plaster and the 13464€ of the FRP), 
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but it does not allow to reach the target %NBS. In terms of 1%NBS cost (see Figure 7.37b) it 

is less convenient with respect to the other two interventions. More in detail, the grout 

injections require 475€ to increase the performance of 1%NBS, while the reinforced plaster 

requires 376€ and the FRP application requires 364€. From these considerations, it results 

that, in the 2-bays 3-levels structure, the reinforced plaster is the best choice in terms of 

intervention cost, while the FRP one is the more suitable in terms of 1%NBS cost. 

 

Figure 7.37.   Retrofit costs of the 2-bays 3-levels structure in MS zones: (a) intervention costs and   

(b) 1%NBS cost. 

In Figure 7.38 the retrofit costs related to the 2-bays 4-levels structure are reported. As it 

can be observed in Figure 7.38a, the cheapest intervention remains the grout injections (they 

cost 2408€ against the 16406€ of the reinforced plaster and the 21667€ of the FRP). In 

terms of 1%NBS cost (see Figure 7.38b), however, they are less convenient with respect to 

both the reinforced plaster and the FRP one. More in detail, the grout injections require 803€ 

to increase the performance of 1%NBS, while the reinforced plaster requires 608€ and the 

FRP application requires 504€. As for the 2-bays 3-levels structure, it resulted that in the     

2-bays 4-levels structure, the reinforced plaster is the best choice in terms of intervention 

cost, while the FRP one is the more suitable in terms of the 1%NBS cost.  
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Figure 7.38.   Retrofit costs of the 2-bays 4-levels structure in MS zones: (a) intervention costs and   

(b) 1%NBS cost. 

From these comparisons, it can be highlighted that for the 2-levels structure the 

intervention with FRP is not convenient, because it is the most expensive one and by 

adopting this, a higher cost is needed to increase the performance of 1%NBS. Contrarily, for 

the 3- and 4-levels structures, the intervention with FRP, although it remains the most 

expensive one against the reinforced plaster in terms of the 1%NBS cost, however, it 

represents the best retrofit solution.  

7.10.2 High seismicity 

As described for the MS case (see Section 7.10.1), also in HS at first the OOP 

mechanisms need to be impaired by means of tie rods. The costs are resumed in Table 7.26.  

As discussed above, these costs are needed to consider the global behaviour of the 

structures, hence they are necessary to introduce the following retrofit intervention costs. 
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Table 7.26.   Tie rods intervention costs in HS zones of all the analyzed structures. 

 

To strengthen the frames subjected to the IP seismic forces, the different retrofit 

interventions described in Section 7.9 are considered. The costs related to these 

interventions on the 2-bays structures located in HS zones were calculated and are reported 

in Tables 7.27 - 7.29, in terms of the intervention costs and the corresponding 1%NBS costs.  

Table 7.27.   Grout injections costs of the 2-bays structures in HS zones. 

 

Table 7.28.   Reinforced plaster costs of the 2-bays structures in HS zones. 
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Table 7.29.   FRP costs of the 2-bays structures in HS zones. 

 

In Figure 7.39 the retrofit costs related to the 2-bays 2-levels structure are reported. It is 

observed that the colors associated with the retrofit interventions correspond to those already 

described in Section 7.9. More in detail, the reinforced plaster is considered applied at the 

first and second floor (I+II, in Figure) and the FRP strips are considered applied on the piers 

at the base and on the spandrels at the first and second floor (FRP (2), in Figure).  

As observed in Figure 7.39a, the intervention with grout injections is the cheapest one (it 

costs 1391€ against the 8447€ of the reinforced plaster and the 12105€ of the FRP), but it 

does not allow to reach the target %NBS. In terms of 1%NBS cost (see Figure 7.39b) the 

grout injections require 232€ to increase the performance of 1%NBS, while the reinforced 

plaster requires 352€ and the FRP application requires 356€. Although the FRP and the 

reinforced plaster interventions show a small difference in terms of 1%NBS cost, in the        

2-bays 2-levels structure, the latter one represents the more convenient intervention, since it 

allows to reach the required seismic performance with the minimum financial investment.  

 

Figure 7.39.   Retrofit costs of the 2-bays 2-levels structure in HS zones: (a) intervention costs and    

(b) 1%NBS cost. 
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In Figure 7.40 are reported the retrofit costs of the 2-bays 3-levels structure. It is 

observed that due to the fact that the FRP arrangement differs from that adopted in the MS 

case, a different color was used in the graph, see Section 7.9 for more details. As it can be 

observed in Figure 7.40a, the intervention with grout injections is still the cheapest one (it 

costs 1899€ against the 12418€ of the reinforced plaster and the 26221€ of the FRP), but it 

does not allow to reach the target %NBS. In terms of 1%NBS cost (see Figure 7.40b) the 

grout injections require 633€ to increase the performance of 1%NBS, while the reinforced 

plaster requires 540€ and the FRP application requires 416€. From these considerations it 

results that, in the 2-bays 3-levels structure, the FRP, even if is the more expensive 

intervention, is the best retrofit solution in terms of the lower 1%NBS cost, allowing also to 

reach a higher %NBS with respect to the reinforced plaster. 

 

Figure 7.40.   Retrofit costs of the 2-bays 3-levels structure in HS zones: (a) intervention costs and    

(b) 1%NBS cost. 

In Figure 7.41 are reported the retrofit costs related to the 2-bays 4-levels structure. As it 

can be observed in Figure 7.41a, the cheapest intervention remains the grout injections (they 

cost 2408€ against the 16406€ of the reinforced plaster and the 33920€ of the FRP) but 

again they do not allow to achieve the target %NBS. In terms of 1%NBS cost (see Figure 

7.41b) the grout injections require 602€ to increase the performance of 1%NBS, while the 

reinforced plaster requires 1025€ and the FRP requires 547€. From these comparisons, it 

results that in the 2-bays 4-levels structure, although the intervention with FRP is the most 

expensive one, it represents the best choice in terms of the obtained 1%NBS cost. 
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Figure 7.41.   Retrofit costs of the 2-bays 4-levels structure in HS zones: (a) intervention costs and     

(b) 1%NBS cost. 

From these comparisons, it can be highlighted that for the 2-levels structure the 

intervention with FRP is the more expensive one but also the best solution in terms of 

1%NBS cost. Indeed, excluding the intervention with grout injections that does not allow to 

achieve the target %NBS in all the 2-bays structures, by adopting FRP, a lower cost is 

needed to increase the performance of 1%NBS, with respect to the intervention with 

reinforced plaster. The only case of 2-levels structure shows compatible 1%NBS cost 

between the FRP and the reinforced plaster interventions, which, only in this case, grants the 

target %NBS.  

7.10.3 Medium vs high seismicity comparison 

In this Section, a comparison between the retrofit costs obtained for structures in MS and 

HS zones is reported and some considerations about the most convenient retrofit 

interventions, in terms of total and 1%NBS costs for all the structures, are made.  

From the interventions with tie rods, it can be briefly observed that, as expected, the 

intervention costs, as well as the 1%NBS cost related to the structures in HS zones, are 

higher than those in MS ones, since higher diameters of tie rods are required in these zones. 

In Figures 7.42 and 7.43 are reported the comparisons in terms of intervention costs and 

1%NBS cost associated with each retrofit technique applied to the 2-bays structures, in MS 

and HS zones.  



C. Sansoni. Seismic Vulnerability Assessment of Existing URM Structures through a Simplified Analytical Method     

 

350 

 

The intervention costs related to the grout injections (green, in Figure 7.42) are the same 

in MS and HS zones since the intervention is conducted on the same elements. This 

consideration is valid also for the reinforced plaster (red, in Figure 7.42), applied to the        

3- and 4-levels structures. The intervention with reinforced plaster for the 2-levels structure, 

instead, is cheaper of about 2.5 times in the MS zones than in the HS ones. This is due to 

the fact that in the first case it is applied only to the first floor, while in the second case it is 

applied to both floors. Regarding the intervention with FRP (blue, in Figure 7.42), its costs in 

HS zones are always higher than in MS ones. More in detail, in the 2-levels structure it is 1.5 

times more expensive, 2 times in the 3-levels structure and 1.8 times in the 4-levels 

structure. These differences arise from the different arrangements of FRP strips that are 

needed to obtain the target %NBS in the structures in MS and HS zones: in HS zones more 

strengthening material is required, hence higher costs are obtained.  

 

Figure 7.42.   Retrofit intervention costs of the analyzed structures in MS and HS zones. 

Regarding the 1%NBS costs, the results are shown in Figure 7.43. In all cases, the 

obtained values differ between MS and HS zones, since this parameter takes into account 

also the %NBS variation and not only the intervention costs. For the grout injections, the 

intervention in MS zones has around 1.3 times lower 1%NBS values than those in HS ones 

for the 2- and 3-levels structures. For the 4-levels structure, instead, the intervention in HS 

zones results 1.3 times more convenient than that in the MS zone. This is due to the fact 

that, for the same intervention cost (2408€), the achieved variation of the %NBS is equal to 

the 3% in the MS zones while it was equal to the 4% in the HS zones. Regarding the 

intervention with reinforced plaster, higher values of 1%NBS cost are always observed in 

structures placed in HS zones: more in detail, for the 2-levels structure it is 2.9 times higher, 

for the 3-levels structure 1.4 times and for the 4-levels structure 1.7 times. The higher 

difference observed in the 2-levels structure arises from the different configuration of the 
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intervention in the two cases: in MS zones it is needed to apply reinforced plaster only to the 

first floor, while in HS zones it is required also to the second floor. Moreover, the high 

variation observed in the     4-levels structure is due to the lower variation of %NBS obtained 

in HS zones (16%), with respect to that obtained in MS zones (27%). Regarding the 

intervention with FRP, it is observed that in the 2-levels structure the cost of 1%NBS is 

higher in MS zones (of 1.2 times). This is due to the lower increase in the achieved %NBS 

(20%), with respect to what happens in the HS zones (34%). On the contrary, in the 3- and 4-

levels structures, the 1%NBS cost is slightly higher in the HS case (around 1.1 times). 

 

Figure 7.43.   1%NBS cost of the retrofit interventions of the analyzed structures in MS and HS zones. 

In summary, it is observed that the grout injections are the cheapest intervention (see 

Figure 7.42), but they are not the most convenient one, for two main reasons: they do not 

allow to reach the target %NBS and, especially for the 3- and 4-levels structures, the costs in 

terms of 1%NBS are really high. Regarding the intervention with reinforced plaster, it shows 

competitive costs, both in terms of intervention and 1%NBS costs, except for the 4-levels 

structure in HS zones (see Figure 7.43). The intervention with FRP is the most expensive 

one, for all the structures and the considered seismic zones, as observed in Figure 7.42. 

These high costs can initially deter the use of this intervention, but by evaluating the 1%NBS 

costs, the intervention with FRP represents the most suitable among the three. Moreover, it 

is worth noting that it is the cheapest for the higher structures (such as the 3- and the 4-

levels one), while for the 2-levels structure the reinforced plaster results the best choice. 
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8. Conclusions and future developments 

This Thesis successfully develops and validates the SLaMA-URM method, adapting the 

SLaMA method for reinforced concrete buildings to masonry ones. This is a mechanism-

based analytical procedure that aims to provide an estimation, through by-hand calculations, 

of the global seismic capacity of URM structures from the analysis at sub-system level. It 

consists at first in defining the structural deficiencies of the building, highlighting the possible 

Out-Of-Plane (OOP) mechanisms that can compromise the “box behaviour” of the structure. 

Once these are prevented, the In-Plane (IP) mechanisms performance level can be 

evaluated.  

In this Thesis, an extensive validation of the procedure is presented. This is conducted 

on some structures, starting from simple panels to multi-storey prototype frames, against 

numerical modelling (e.g. finite element and equivalent frame) herein performed and 

experimental results, available from literature. More in detail, from the numerical simulations, 

it is observed that the SLaMA-URM method is able to well grasp the expected failure 

mechanisms as well as the capacity curves of the analyzed structures. Indeed, even if it is a 

simplified approach, the proposed procedure, in some cases, showed more reliable results 

than the numerical ones, when compared to the experimental data.  

The SLaMA-URM method defines the In-Plane performance by: (i) the evaluation of 

moment-rotation capacity curves of URM components (pier and spandrel); (ii) the 

assessment of the hierarchy of strength in each subassembly; (iii) the definition of the 

structural capacity curve according to the expected failure mechanism. An important 

innovative aspect introduced in this Thesis concerns the adoption, at component level, of the 

Monolithic Beam Analogy: a peculiar sectional analysis in which the masonry components 

are assumed as rigid and all the inelastic behaviour is assumed concentrated at the end of 

the elements, where a gap is expected to open.  

The evidence of no (or limited) damage to pier-spandrel joints in URM walls during 

earthquakes has led to assume them as rigid nodes in the Equivalent Frame modelling 

(EFM) approach. In this Thesis, in order to investigate this aspect, is proposed a new 
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analytical approach to derive the strength capacity of pier-spandrel joints, with the aim to 

assess its effect in the pier M-N performance domain.  

Moreover, post-earthquake damage evidences in masonry structures highlighted the 

importance of the Out-Of-Plane mechanisms. For this reason, in this Thesis, the interaction 

between the In-Plane and the Out-Of-Plane mechanisms performance levels is taken into 

account and studied in prototype structures. The SLaMA-URM method is used to evaluate 

the seismic performance of these prototype buildings, thus identifying the expected failure 

mechanisms of the structural components. Moreover, the procedure is used to quantify the 

effect of different retrofit interventions, evaluating the performance of the reinforced 

structures. 

In this Thesis, several analyses are performed to emphasize the main potentialities and 

advantages of the proposed SLaMA-URM method. These can be summarized as follows: 

- Through the Monolithic Beam Analogy, the procedure is able to catch the 

actual masonry behaviour. Through the MBA approach, it is possible to consider different 

constitutive laws for masonry, from simpler to more sophisticated and realistic ones, thus 

obtaining more reliable moment-rotation curves and M-N domains of the structural 

components. Moreover, the proposed approach is able to capture their expected failure 

mechanism. Through a comparison with the capacity curves obtained by using codes 

indications, it is shown that the MBA approach catches the actual element ultimate 

displacement, while the codes define it as “a priori”.  

- It is possible to study the response of the elements by varying their geometry, 

applied axial load and boundary conditions. By studying the scale effect on the Ispra 

panels, it is observed that the increasing dimensions lead to an increase of the moment 

capacity, the initial stiffness and the rotation capacity. When varying the axial load, it results 

that, by increasing its value, the moment capacity increases until reaching the top of the M-N 

limit domain. A further increase of the axial load induces a decrease in the moment capacity. 

Moreover, the rotation capacity decreases when the axial load increases, leading to a 

reduction of the rotation ductility of the element. When varying the boundary conditions, it is 

clear how the procedure can identify the possible crisis mechanisms of the element, which, 

according to the different configurations (in terms of geometry and applied axial load), can 

change from flexural to shear type.  
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- It is quick to implement different geometric configurations to investigate the 

global response of framed structures. The masonry structures behaviour is strongly 

influenced by the global geometry and/or by that of their components. Hence, in the one-

storey substructure, the variation of piers and spandrels dimensions was considered and the 

corresponding pushover curves were obtained, highlighting different failure mechanisms. 

More in detail, by increasing the length of the spandrel, the substructure shows an increase 

in ductility, while by increasing its height, the base shear capacity increases. Moreover, the 

substructure capacity increases for higher piers length, while by increasing their height, it 

shows a lower stiffness and base shear capacity. Different geometric configurations were 

also investigated through a set of framed structures that vary the number of bays and the 

number of levels. The procedure shows that by increasing the number of bays the base 

shear increases while by increasing the number of levels the initial stiffness decreases.  

- The procedure gives important improvements with respect to simplified 

modelling strategies available in literature. The capacity curves obtained through the 

SLaMA-URM method were compared with those resulting from the adoption of the “strong-

spandrel weak-pier” model and the “weak-spandrel strong-pier” model. This comparison 

shows that these simplified models are not enough reliable and competitive with respect to 

the Equivalent Frame Method, showing the high potentiality of the SLaMA-URM method. 

These differences are mainly due to the excessive over, or under, estimation of the global 

lateral strength and to the incomplete results in terms of crack patterns. This last aspect 

represents an important key point when defining the most adequate retrofit strategy since a 

wrong evaluation of the governing failure mode of the structure can lead to significant and 

unsolvable consequences when the seismic retrofitting is performed. 

- It is possible to consider the influence of the pier-spandrel joints in the 

hierarchy of strength. In analogy with the RC frame-infill wall combined behavior, in this 

Thesis, an equivalent diagonal strut mechanism within the masonry pier-spandrel joint was 

proposed. By varying the geometry of the structural components, the pier-spandrel joint 

capacity was computed. The hierarchy of strength shows that when the spandrel height or 

the pier length increase or when the pier height decreases, the joint presents a high capacity, 

which is enough to exclude its failure in the sequence. On the contrary, the influence of the 

joint becomes important when the pier height or the spandrel length increase. These findings 

indicate that disregarding the finite capacity of the joint (as generally done when adopting the 

hypothesis of a rigid joint) could lead to incorrect predictions of local and global failure 

mechanisms and then to an inappropriate retrofit solution. 
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- It is possible to obtain the global performance of URM structures from the 

interaction of the In-Plane and Out-Of-Plane performance. The SLaMA-URM procedure 

was applied to prototype buildings, obtaining the OOP and the IP capacity curves. By their 

intersection in the ADRS domain, the global seismic performance of each structure was 

evaluated in terms of %NBS. The capacity curves of the OOP mechanisms were calculated 

according to well-known literature approaches. The IP mechanisms were investigated 

through the proposed procedure, highlighting that the performance increases when 

increasing the number of bays, while decreases when increasing the number of levels. 

Moreover, it is obtained: i) lower ductility in higher structures; ii) no-evident differences in 

ductility when varying the number of bays; iii) lower initial stiffness when increasing the 

number of levels; iv) slight increase of the initial stiffness when increasing the number of 

bays. In all the cases, the OOP performance resulted to be the limiting one, thus confirming 

the hierarchy of the failure modes in masonry structures.  

- It is able to point out the expected failure mechanisms of structural 

components, hence easily identify the more suitable retrofit strategy and evaluate its 

effect. In the prototype buildings, the SLaMA-URM method identified the most vulnerable 

structural components to be strengthened. In the ADRS domain, the retrofit strategy (i.e. 

increase in ductility and/or increase in strength/stiffness) can be easily assessed, with 

respect to the required effect. In all the analyzed cases, the spandrels and the piers at the 

base showed brittle shear failure, that should be prevented through retrofit interventions, by 

modifying them in a ductile one. More in detail, this, in addition to a high increase of strength, 

was obtained through the application of FRP. The adoption of reinforced plaster allowed to 

increase the strength and the stiffness of the structures without modifying the crisis 

mechanisms of the components. The grout injections granted a slight increase in structural 

ductility. 

- It is possible to easily consider different seismic intensities of the construction 

site. Since in the SLaMA-URM method the seismic intensity is represented by the seismic 

demand in the ADRS domain, it can be easily modified, allowing to quickly analyse structures 

located in different seismic zones. This was demonstrated by performing these analyses on 

the prototype buildings. More in detail, the “ante operam” structural performances obtained in 

high seismicity (HS) zones were lower than the ones achieved in medium seismicity (MS), as 

expected. Regarding the retrofitting, in order to reach the target performance level, more 

massive interventions were required in HS with respect to MS zones. 
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In order to evaluate the accuracy of the SLaMA-URM method, the Pushover curves and 

failure mechanisms obtained on framed prototype structures, by varying the number of bays 

and levels, were compared with those derived from EFM. The expected failure mechanisms 

were in good agreement, while the results in terms of the ultimate displacement and the base 

shear were reasonably well-predicted, with an average error of around 5%. Regarding the 

yield displacements, the average percentage error was around 26%, with a wide internal 

variation of values. It is worth mentioning that small variations of the yield displacement 

cause high percentage error, even if there is a reasonably good match between the SLaMA-

URM and the numerical Pushover curves. 

To exploit the capabilities of the SLaMA-URM procedure, in the strengthening of 

masonry structures, some retrofit techniques were applied to the prototype buildings (tie-

rods, grout injection, reinforced plaster and FRP) and their effect was quantified. In order to 

select the best retrofit strategy, not only the increase in %NBS was considered, but also the 

Expected Annual Losses (EAL) as well as the total cost of each intervention. By introducing 

1%NBS cost as a comparison parameter, it is shown how the SLaMA-URM method can 

rapidly give an idea of the best retrofit solution to adopt, according to the available 

investment, the “ante-operam” performance and the desired performance to achieve (“post 

operam” performance). 

In conclusion, this Thesis introduces, validates and demonstrates the capabilities of the 

SLaMA-URM method. The presented applications are intended to show the potentialities of 

the proposed methodology that can represent an alternative and useful tool that can help 

researchers and practitioners engineers in the seismic assessment studies and in the 

decision-making process of the best retrofit intervention.  

The research developed within this Thesis suggests the following studies, herein 

recommended as main future works: 

• Introduce flexible diaphragms in the procedure. In this Thesis, the diaphragms, as a 

first approximation, are assumed as rigid. A further development of the procedure would 

consist of the introduction of their in-plane flexibility. This is the first suggestion in order to 

consider in the analyses the wooden, metallic or vaulted diaphragms that are commonly 

found in existing URM buildings. Indeed, the post-earthquake damage evidences show that 

their stiffness (or vice versa flexibility) plays an important role in the global response of URM 

structures. The horizontal diaphragms have the task of redistributing the seismic force 
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between the vertical resistant elements and this capacity depends greatly on their typology. 

More in detail, a flexible diaphragm does not guarantee the global response of the structure 

to the seismic action, causing often out-of-plane local mechanisms.  

• Numerical and experimental validation of the proposed analytical approach to obtain 

the pier-spandrel joint capacity. In this Thesis is proposed a new analytical approach to 

derive the strength capacity of pier-spandrel joints. It is foreseen the validation of this 

approach with numerical simulation and/or experimental campaign. Further investigations in 

this context are expected, to define the actual strength and deformability of URM joints, thus 

allowing us to understand their real behaviour in masonry structures. Parametric analyses to 

identify the response of these elements by varying the masonry properties as well as their 

geometry, would be suggested, pointed towards the understanding of the limitations of the 

EF modelling. 

• Disaggregation of the costs (and EAL) associated with the Out-Of-Plane and In-Plane 

mechanisms. The Ministry Decree n.65 7/03/2017, generally adopted for the simplified EAL 

definition, refers to the costs of the entire buildings monitored in the reconstruction process 

after the L’Aquila earthquake of 2009. When dealing with the OOP mechanisms, that limit the 

global performance of the buildings, this adoption would give highly questionable results (i.e. 

overestimation). In this Thesis, in order to obtain a more reliable result, a “qualitative” 

suggestion is made, with the aim to have disaggregated costs and losses, associated with 

the damage due to the structural components actually involved in the IP or OOP 

mechanisms. As a future perspective, it is suggested to further develop and validate this 

proposed approach, on the basis of earthquakes damage evidences. 

• Application of the SLaMA-URM method to real URM buildings. In this Thesis the 

SLaMA-URM method is applied to prototype buildings that are characterized by regular plan 

and height. It would be interesting to apply this procedure to real buildings, that can present 

irregular configuration, different masonry quality and peculiar structural details. In these 

cases, the key point is to achieve the correct schematization of the structure in the EF model, 

to be analyzed in the procedure.   

• Extend the application of the SLaMA-URM method to territorial scale. The final goal 

of the SLaMA-URM method, generally speaking, intends to be extending the seismic 

assessment and retrofit analyses to a territorial scale. As a future development, it aims to 

provide an analytical framework able to support the planning of policies to reduce the seismic 



C. Sansoni. Seismic Vulnerability Assessment of Existing URM Structures through a Simplified Analytical Method     

 

360 

 

risk of existing masonry buildings. With this tool, the local authorities can plan an appropriate 

campaign of seismic prevention, which takes into account not only the safety but also the 

economy, the speed and reliability of the interventions, as well as the invasiveness and the 

inactivity time of the structure. Hence, it is foreseeable a proposal for an economic and 

financial strategy/plan to support the practical implementation of such an integrated 

intervention plan at national level. 
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A.1 Appendix 

In this Appendix are reported the equations to define the Moment-Axial load (M-N) 

domains for rectangular cross-sectioned URM piers and spandrels, with the EPP and the 

Lumantarna stress-strain relationships, according to the traditional sectional analysis (i.e. in 

Cattari, 2007 and Knox, 2012).  

PIERS. Elastic-perfectly plastic stress-strain model 

For the piers, the elastic-perfectly plastic (EPP) stress-strain model is assumed for the 

masonry with a no-tensile resistant (NTR) behaviour. For the compressive behaviour, it is 

assumed the yield strain 𝜀𝑦𝑐 and the ultimate strain as 𝜀𝑢𝑐 = 𝜇𝜀𝑐𝜀𝑦𝑐, where 𝜇𝜀𝑐 is the 

compression strain ductility. 

Considering a rectangular cross-section with depth 𝐻 and width 𝑏 and assuming that the 

plane sections remain plane after bending, the strains are linearly proportional to the distance 

from the neutral axis 𝑥 (Figure A.1.1). From this, Equations A.1.1 and A.1.2 can be defined: 

𝑥

𝜀𝑢𝑐
=

(𝑥 − 𝑦)

𝜀𝑦𝑐
(𝐴. 1.1) 

𝑦 = 𝑥 (1 −
1

𝜇𝜀𝑐

) (𝐴. 1.2) 

 

Figure A.1.1.   Strain and stress profiles for the Elastic-Perfectly Plastic (EPP) model for piers. 
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With this consideration, the axial Load 𝑁 and the corresponding moment 𝑀 are defined 

from the equilibrium of the translational and rotational (around centre of gravity 𝐺) forces in the 

section, as follows (Equations A.1.3 and A.1.4): 

𝑁 = (𝑥 − 𝑦)
1

2
𝑓′

𝑚
𝑏 + 𝑏𝑓′

𝑚
𝑦 = 𝑓′

𝑚
𝑏𝑥 −

𝑓′
𝑚

𝑏𝑥

2𝜇𝜀𝑐

(𝐴. 1.3) 

𝑀𝐺 =
1

2
[𝑓′

𝑚
𝑏(𝑥 − 𝑦) (

𝐻

2
−

1

3
(𝑥 − 𝑦) − 𝑦)] + [𝑓′

𝑚
𝑏𝑦 (

𝐻

2
−

𝑦

2
)] =

=
𝑓′

𝑚
𝑏

2
[𝐻𝑥 −

𝐻𝑥

2𝜇𝜀𝑐

− 𝑥2 +
𝑥2

𝜇𝜀𝑐

−
𝑥2

3𝜇𝜀𝑐
2

] (𝐴. 1.4)
 

PIERS. Strain softening model NTR: Lumantarna stress-strain 

relationship 

The more reliable and realistic stress-strain relationship to represent the behaviour of the 

unreinforced masonry is a strain-softening model. The Lumantarna model is a modification of 

the one reported in Kaushik et al. (2007), after some experimental tests on New Zealand prism 

samples. It is characterized by an initial parabolic trend and, after a post-peak softening trend 

(from stress as 0.9𝑓’
𝑚

). It is assumed a linear decreasing variation until a constant stress 

(0.2𝑓’
𝑚

) is reached. The model proposes two different final linear slopes, according to the 

strength of the mortar 𝑓’𝑗 . The ultimate compressive strain is a multiple of peak strain 𝜀𝑦𝑐.  

The representation of the strain and stress profile for a rectangular cross-section (with 

depth 𝐻 and width 𝑏) is shown in Figure A.1.2.  

 

Figure A.1.2.   Strain and stress profiles for Lumantarna model for piers. 
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To define the Moment-Axial load (M-N) limit domain deriving from the Lumantarna stress-

strain model, at first the strain 𝜀(0.9𝑓’
𝑚

), corresponding to the stress 𝑓𝑚  =  0.9𝑓’𝑚, is defined. 

Then for the definition of the axial load 𝑁, the area under the stress-strain model is divided into 

simple geometric elements, while the area under the parabolic variation is derived by 

integrating the expression of the stress in the range 𝜀𝑚 =  [0;  𝜀(0.9𝑓’
𝑚

)]. Assuming the Euler-

Bernoulli hypothesis, and considering a low mortar strength 𝑓’𝑗  (lower than 5 MPa), the 

ultimate strain is equal to 𝜇𝜀𝑐𝜀𝑦𝑐  =  2𝜀𝑦𝑐  (where 𝜇𝜀𝑐 is the compression strain ductility), then 

the peak strain 𝜀𝑦𝑐 corresponds to half of the neutral axis depth (𝑥/2). From the translational 

and rotational force equilibrium, the axial load and moment, respectively, are defined. The 

formulation is presented in the following: 

• Stress-strain model equation:    
𝑓𝑚

𝑓′𝑚
= 2

𝜀𝑚

𝜀𝑦𝑐
− (

𝜀𝑚

𝜀𝑦𝑐
)

2

 

• Strain corresponding to the stress 𝑓𝑚 = 0.9𝑓′𝑚: 𝜀(0.9𝑓′
𝑚) = 1.32𝜀𝑦𝑐 

• Area under the parabolic variation:   ∫ 𝑓𝑚(𝜀)
1.32

0
= 0.97𝜀𝑦𝑐𝑓′𝑚 

• With Euler-Bernoulli hypothesis:  
𝑥

𝜀𝑢𝑐
=

(𝑥−𝑦)

𝜀(0.9𝑓′
𝑚)

  
𝑥

𝜇𝜀𝑐𝜀𝑦𝑐
=

(𝑥−𝑦)

1.32𝜀𝑦𝑐
 

𝑦 = 𝑥 [1 −
1.32

𝜇𝜀𝑐

] 

• Axial Load: 𝑁 = 0.97
𝑥

2
𝑓′𝑚𝑏 +

1

2
0.7𝑓′𝑚𝑦𝑏 + 0.2𝑓′𝑚𝑦𝑏 

• Moment: 𝑀𝐺 = 0.97
𝑥

2
𝑓′𝑚𝑏 (

𝐻

2
− 0.60𝑥) +

1

2
0.7𝑓′𝑚𝑦𝑏 (

𝐻

2
−

2

3
𝑦) + 0.2𝑓′𝑚𝑦𝑏 (

𝐻

2
−

𝑦

2
) 

SPANDRELS. Elastic-perfectly plastic stress-strain model 

For the spandrels, the elastic-perfectly plastic (EPP) stress-strain model is assumed for 

the masonry with a tensile resistant (TR) behaviour.  

Regarding the analysis of the URM spandrels, characterized by a compression stress-

strain relationship and a resistant in tension (TR) model, the moment-capacity curves can be 

defined in two different ways that are characterized by: 1) limited ductility in compression                    
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(𝜇𝜀𝑐 = 𝜀𝑢𝑐/𝜀𝑦𝑐) and unlimited ductility in tension, i.e. compression governed failure (TR-CF) or 

2) limited ductility in tension (𝜇𝜀𝑡 = 𝜀𝑢𝑡/𝜀𝑦𝑡), i.e. tension governed failure (TR-TF).  

Regarding the compression governed failure (TR-CF) the moment capacity is reached 

when the extreme compression fibre reaches the ultimate compression strain 𝜀𝑢𝑐.  

Considering a rectangular cross-section with depth 𝐻 and width 𝑏 and assuming that the 

plane sections remain plane after bending, the strains are linearly proportional to the distance 

from the neutral axis 𝑥 (Figure A.1.3). From this, Equations A.1.5 and A.1.6 can be defined: 

𝑥

𝜀𝑢𝑐
=

(𝑥 − 𝑦)

𝜀𝑦𝑐
(𝐴. 1.5) 

𝑦 = 𝑥 (1 −
1

𝜇𝜀𝑐

) (𝐴. 1.6) 

Moreover, defining the ratio between the tensile and compressive strength as                       

𝜂 = 𝑓𝑡𝑢 𝑓′𝑚ℎ⁄ , the distance 𝑧 (see Figure A.1.3) can be defined as (Equation A.1.7): 

𝑧 = 𝑥
𝜂

𝜇𝜀𝑐

(𝐴. 1.7) 

 

Figure A.1.3.   Strain and stress profile for the Elastic-Perfectly Plastic model with tension capacity 

(EPP-TR-CF) for spandrels. 
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The axial load 𝑁 and the corresponding moment 𝑀 are defined from the equilibrium of the 

translational and rotational (around centre of gravity 𝐺) forces in the section, following 

Equations A.1.8 and A.1.9: 

𝑁 = 𝑦𝑓′
𝑚

𝑏 +
1

2
(𝑥 − 𝑦)𝑏𝑓′

𝑚
− (𝐻 − 𝑧 − 𝑥)𝑏𝑓𝑡𝑢 −

1

2
𝑧𝑓𝑡𝑢𝑏 (𝐴. 1.8) 

𝑀𝐺 = [(𝑦𝑓′
𝑚

𝑏) (
𝐻

2
−

𝑦

2
)] + [(

1

2
(𝑥 − 𝑦)𝑏𝑓′

𝑚
) (

𝐻

2
−

1

3
(𝑥 − 𝑦) − 𝑦)] +

+ [((𝐻 − 𝑧 − 𝑥)𝑏𝑓𝑡𝑢) (
𝐻

2
−

𝐻 − 𝑥 − 𝑧

2
)] + [(

1

2
𝑧𝑓𝑡𝑢𝑏) (

𝐻

2
− 𝑥 −

2

3
𝑧)] (𝐴. 1.9)

 

Regarding the tension governed failure (TR-TF), the moment capacity is reached when 

the extreme tension fibre reaches the ultimate tension strain 𝜀𝑢𝑡. The moment-axial load 

domains can be obtained by translational and rotational equilibrium of the section. More in 

detail, two different cases can be distinguished according to the maximum compression strain. 

When it is lower than the yield compression strain, which corresponds to a normalised neutral 

axis depth ĥ greater than 
1

𝜀𝑦𝑐

𝜀𝑢𝑐
+1

, it is possible to refer to the schematization reported in Figure 

A.1.4. The axial force and corresponding moment can be obtained through Equations A.1.10 

and A.1.11. 

 

Figure A.1.4.   Strain and stress profiles for tension governed failure EPP-TR-TF for ĥ >
1

𝜀𝑦𝑐
𝜀𝑢𝑐

+1
. 

𝑁 =
𝐻 − 𝑥

𝑧
𝑓′

𝑚

1

2
𝑏(𝐻 − 𝑥) −

1

2
(𝑥 − 𝑦)𝑓𝑡𝑢𝑏 − 𝑦𝑓𝑡𝑢𝑏 (𝐴. 1.10) 
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𝑀𝐺 = [(
𝐻 − 𝑥

𝑧
𝑓′

𝑚

1

2
𝑏(𝐻 − 𝑥)) (

𝐻

2
−

𝐻 − 𝑥

3
)] + [(

1

2
(𝑥 − 𝑦)𝑓𝑡𝑢𝑏) (

𝐻

2
−

1

3
(𝑥 − 𝑦) − 𝑦)] +

+ [(𝑦𝑓𝑡𝑢𝑏) (
𝐻

2
−

𝑦

2
)] (𝐴. 1.11)

 

When the maximum compression strain is higher than the yield compression strain, which 

corresponds to a normalised neutral axis depth ĥ lower than 
1

𝜀𝑦𝑐

𝜀𝑢𝑐
+1

, it is possible to refer to the 

schematization reported in Figure A.1.5. The axial force and corresponding moment can be 

obtained through Equations A.1.12 and A.1.13. 

 

Figure A.1.5.   Strain and stress profiles for tension governed failure EPP-TR-TF for ĥ <
1

𝜀𝑦𝑐
𝜀𝑢𝑐

+1
. 

𝑁 = (𝐻 − 𝑧 − 𝑥)𝑓′
𝑚

𝑏 +
1

2
𝑧𝑏𝑓′

𝑚
−

1

2
(𝑥 − 𝑦)𝑏𝑓𝑡𝑢 − 𝑦𝑓𝑡𝑢𝑏 (𝐴. 1.12) 

𝑀𝐺 = [((𝐻 − 𝑧 − 𝑥)𝑓′
𝑚

𝑏 +
1

2
𝑧𝑏𝑓′

𝑚) (
𝐻

2
− (𝐻 − 𝑥))] +

+ [(
1

2
(𝑥 − 𝑦)𝑏𝑓𝑡𝑢) (

𝐻

2
−

1

3
(𝑥 − 𝑦) − 𝑦)] + [(𝑦𝑓𝑡𝑢𝑏) (

𝐻

2
−

𝑦

2
)] (𝐴. 1.13)

 

SPANDRELS. Strain softening model TR: Lumantarna stress-strain 

relationship 

The formulations for defining the M-N domains of the spandrels, adopting the Lumantarna 

model, are herein reported. For sake of simplicity, it is referred only to the resistant in tension 
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(TR) model with limited ductility in compression (𝜇𝜀𝑐 = 𝜀𝑢𝑐/𝜀𝑦𝑐) and unlimited ductility in 

tension, i.e. compression governed failure (TR-CF).  

The representation of the strain and stress profile for a rectangular cross-section (with 

depth 𝐻 and width 𝑏) is shown in Figure A.1.6.  

 

Figure A.1.6.   Strain and stress profiles for Lumantarna model with tension capacity (TR-CF) for 

spandrels. 

The axial Load 𝑁 and the corresponding moment 𝑀 are defined from the equilibrium of the 

translational and rotational (around centre of gravity 𝐺) forces in the section, following 

Equations A.1.14 and A.1.15: 

𝑁 = 0.97
𝑥

2
𝑓′𝑚𝑏 +

1

2
0.7𝑓′𝑚𝑦𝑏 + 0.2𝑓′𝑚𝑦𝑏 +

1

2
𝑧𝑏𝑓𝑡𝑢 − (𝐻 − 𝑥 − 𝑧)𝑏𝑓𝑡𝑢 (𝐴. 1.14) 

𝑀𝐺 = [(0.97
𝑥

2
𝑓′

𝑚
𝑏) (

𝐻

2
− 0.60𝑥)] + [(

1

2
0.7𝑓′

𝑚
𝑦𝑏) (

𝐻

2
−

2

3
𝑦)] +

+ [(0.2𝑓′
𝑚

𝑦𝑏) (
𝐻

2
−

𝑦

2
)] + [(

1

2
𝑧𝑏𝑓𝑡𝑢) (

𝐻

2
− (𝐻 − 𝑥 − 𝑧) +

𝑧

3
)] +

+ [((𝐻 − 𝑥 − 𝑧)𝑏𝑓𝑡𝑢) (
𝐻

2
−

(𝐻 − 𝑥 − 𝑧)

2
)] (𝐴. 1.15)
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A.2 Appendix 

In this Appendix are reported the step-by-step calculations of the hierarchy of strength 

between pier, spandrel and pier-spandrel joint for a knee subassembly, shown in Figure A.2.1, 

that refers to the substructure analyzed in Section 6.3. The needed geometrical characteristics 

are listed in Table A.2.1, while the masonry mechanical parameters are reported in Table 

A.2.2. 

 

Figure A.2.1.   Geometric characteristics of the knee subassembly. 

Table A.2.1.   Main geometrical parameters of the knee subassembly and the frame. 
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Table A.2.2.   Main mechanical parameters of the masonry of the knee subassembly. 

 

Spandrel capacity 

The moment-rotation curve of the spandrel is defined and its flexural yield capacity can be 

identified. To this aim, at first, the equivalent tensile strength ftu is defined according to 

Equation A.2.1, where 𝛥𝑥 and 𝛥𝑦 are the height and the width of the bricks, respectively, and 

𝜎 is the mean compressive stress acting on the adjacent pier section (assumed as twice the 

pier gravity axial load). 

ftu =
𝛥𝑥

2𝛥𝑦
𝜇 0.65 𝜎 =

110

2 · 76
0.7 · 0.65 ·  915 = 0.30 kN/m2 (𝐴. 2.1) 

By assuming this value, the MBA approach is applied, with an elastic-perfectly plastic 

(EPP) stress-strain relationship with tension governed failure (TR-TF). A tensile “yielding” 

strain equal to 𝜀𝑦𝑡 = 0.0004 is assumed and consequently the corresponding “yielding” 

curvature is defined through Equation A.2.2, while the cantilever length is assumed to equal to 

Lcant = 𝐿𝑠𝑝 2⁄ = 0.620 m and the plastic length equal to Lp = 0.1Lcant = 0.062 m. 

 𝜙𝑦=
2𝜀𝑦𝑡

ℎ𝑠𝑝
=

2 · 0.0004

0.940
= 0.0009 m−1 (𝐴. 2.2) 

From the equilibrium of the compression and tension forces contributions, by varying the 

rotation values, the moment capacity is defined. From that curve, the “yielding” point is 

identified and the corresponding moment results equal to 𝑀𝑦,𝑠𝑝 = 26.96 kNm. The Equivalent 

Pier Moment (EPM) is defined according to Equation A.2.3: 

 𝑀𝑝 𝑠𝑝𝑓=

ℎ𝑝

2 (
𝐿𝑠𝑝 + 𝐵𝑝

2 )

(
ℎ𝑝 + ℎ𝑠𝑝

2 )
𝐿𝑠𝑝

2

𝑀𝑦,𝑠𝑝 =
0.90 (

1.24 + 1.19
2 )

(
1.795 + 0.94

2 ) 0.62
26.96 = 34.68 kNm (𝐴. 2.3) 
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Regarding the shear strength Equation A.2.4 is used, while to define the EPM value 

Equation A.2.5 is taken into account. 

𝑉𝑠𝑝 = ℎ𝑠𝑝𝑡𝑝𝑓𝑣0 = 0.94 · 0.23 · 200 = 43.24 kN (𝐴. 2.4) 

 𝑀𝑝 𝑠𝑝𝑠= (
𝐿𝑠𝑝 + 𝐵𝑝

2
)

ℎ𝑝

2

(
ℎ𝑝 + ℎ𝑠𝑝

2 )

𝑉𝑠𝑝 = (
1.24 + 1.19

2
)

1.795
2

(
1.795 + 0.94

2 )
43.24 = 34.48 kNm (𝐴. 2.5) 

Pier capacity 

The flexural capacity of the pier is evaluated through the calculation of the moment 

capacity value at the fixed ultimate strain. By assuming the MBA formulations and adopting 

the elastic-perfectly plastic (EPP-NTR) stress-strain relationship, the following parameters are 

considered (Equations A.2.6 - A.2.8): 

 𝜙𝑦=
2𝜀𝑦

𝐵𝑝
=

2 · 0.01

1.19
= 0.017 m−1 (𝐴. 2.6) 

𝐿𝑐𝑎𝑛𝑡 = ℎ𝑝 2⁄ = 0.90 m (𝐴. 2.7) 

𝐿𝑝 = 0.1𝐿𝑐𝑎𝑛𝑡 = 0.09 m (𝐴. 2.8) 

From the equilibrium of the compression forces with the applied axial load (i.e.                   

𝑁𝑔 = 131.4 kN), an ultimate neutral axis depth of 𝑐𝑢 = 0.107 m is obtained and hence the 

ultimate rotation results equal to θu = 0.0082 rad (Equation A.2.9), while the ultimate moment 

capacity, equivalent to the EPM, is equal to 𝑀𝑝 𝑓 = 73.36 kNm. 

θu= [
(

𝜀𝑢
𝑐𝑢

- 𝜙𝑦) (𝐿𝑐𝑎𝑛𝑡 −
𝐿𝑝

2 ) 𝐿𝑝

𝐿𝑐𝑎𝑛𝑡
] = [

(
0.012
0.107 -0.017) (0.90 −

0.09
2 ) (0.09)

0.90
] = 0.0082 rad (𝐴. 2.9) 

Regarding the shear strength, Equations A.2.10 and A.2.11 are adopted to define the 

diagonal cracking strength and the corresponding EPM, while Equations A.2.12 and A.2.13 

are used for the bed-joint sliding strength and the corresponding EPM. 
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𝑉𝑝 𝑠,𝑑𝑐 =
𝐵𝑝𝑡𝑝𝑓𝑡

𝑏
√1 +

𝜎

𝑓𝑡
=

1.19 · 0.23 · 300

1.5
√1 +

480

300
= 88.27 kN (𝐴. 2.10) 

𝑀𝑝 𝑠,𝑑𝑐 = 𝑉𝑝 𝑠,𝑑𝑐𝐿𝑐𝑎𝑛𝑡 = 88.27 · 0.90 = 79.22 kNm (𝐴. 2.11) 

𝑉𝑝 𝑠,𝑏𝑑𝑗 = 𝑙′𝑡𝑝(𝑓𝑣0 + 𝜇𝜎) = 0.12 · 0.23(200 + 0.7 · 480) = 97.68 kN (𝐴. 2.12) 

𝑀𝑝 𝑠,𝑏𝑑𝑗 = 𝑉𝑝 𝑠,𝑏𝑑𝑗𝐿𝑐𝑎𝑛𝑡 = 97.68 · 0.90 = 87.66 kNm (𝐴. 2.13) 

Pier-spandrel joint capacity 

To define the joint capacity at first the characteristics of the equivalent diagonal strut have 

to be defined.  

From the geometric parameters of the joint reported in Table A.2.1, the joint moment of 

inertia can be defined as: 𝐼𝑗 = 𝑡𝑗𝑏𝑗
3 12⁄ = 0.23 · 1.193 12⁄ = 0.032 m4. The parameter 𝜆ℎ is 

defined through Equation A.2.14: 

𝜆ℎ = √
𝑡𝑗𝑠𝑒𝑛(2𝜃)

4𝐼𝑗ℎ𝑗

4

ℎ = √
0.23 · 𝑠𝑒𝑛(2 · 0.669)

4 · 0.032 · 0.94

4

0.94 = 1.20 (𝐴. 2.14) 

From this value (𝜆ℎ < 3.14), it is possible to define the parameters 𝐾1 and 𝐾2 that result 

equal to 1.3 and -0.178, respectively. From these, the width of the equivalent diagonal strut 𝑏𝑤 

can be defined according to Equation A.2.15: 

𝑏𝑤 = (
𝐾1

𝜆ℎ
+ 𝐾2) 𝑑𝑤 = (

1.3

1.20
− 0.178) 1.516 = 1.373 m (𝐴. 2.15) 

Once all the strut parameters are defined, the strength associated with the possible failure 

mechanisms can be calculated. The compression failure at the centre of the panel, the 

compression failure at the corner edges, the sliding shear failure and the diagonal tension 

failure can be referred to Equations A.2.16 - A.2.19, respectively: 

𝜎𝑤,𝑐𝑓𝑐𝑝 =
1.16𝑓𝑤

′ 𝑡𝑎𝑛𝜃

𝐾1 + 𝐾2𝜆ℎ
=

1.16 · 9200 · 𝑡𝑎𝑛0.669

1.3 + (−0.178) · 1.20
= 7759.9 kN/m2 (𝐴. 2.16) 
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𝜎𝑤,𝑐𝑓𝑐𝑒 =
1.12𝑓𝑤

′  𝑠𝑖𝑛𝜃 𝑐𝑜𝑠𝜃

𝐾1(𝜆ℎ)−0.12 + 𝐾2(𝜆ℎ)0.88
=

1.12 · 9200 · 𝑠𝑖𝑛0.669 · 𝑐𝑜𝑠0.669

1.3(1.20)−0.12 + (−0.178)(1.20)0.88
= 4715.8

kN

m2

(𝐴. 2.17)

 

𝜎𝑤,𝑠𝑠𝑓 =
(1.2𝑠𝑖𝑛𝜃 + 0.45𝑐𝑜𝑠𝜃)𝑓𝑤𝑢 + 0.3𝜎 

𝑏𝑤 𝑑𝑤⁄
=

=
(1.2𝑠𝑖𝑛0.669 + 0.45𝑐𝑜𝑠0.669)536 + 0.3 · 480 

1.373 1.516⁄
= 808.7 kN/m2 (𝐴. 2.18)

 

𝜎𝑤,𝑑𝑡𝑓 =
0.6𝑓𝑤𝑠 + 0.3𝜎  

𝑏𝑤 𝑑𝑤⁄
=

0.6 · 200 + 0.3 · 480  

1.373 1.516⁄
= 291.7 kN/m2 (𝐴. 2.19) 

where 𝑓𝑤𝑢 = 𝑓𝑣0 + 𝜇𝜎 is the shear sliding strength in the joint. 

The minimum strength corresponds to that of the tension diagonal shear failure 

mechanism 𝜎𝑤,𝑑𝑡𝑓, that hence represents the first one expected. The corresponding horizontal 

shear force 𝑉𝑗ℎ can be calculated through Equation A.2.20. 

𝑉𝑗ℎ = 𝜎𝑤,𝑑𝑡𝑓𝑏𝑤𝑡𝑗𝑐𝑜𝑠𝜃 = 291.7 · 1.373 · 0.23 · 𝑐𝑜𝑠0.669 = 72.3 kN (𝐴. 2.20) 

The corresponding pier shear capacity and the EPM can be calculated according to 

Equations A.2.21 and A.2.22, respectively: 

𝑉𝑝 𝑗 =
𝑉𝑗ℎ

[
(

ℎ𝑝 + ℎ𝑠𝑝

2
)

𝐿𝑠𝑝

2

(
𝐿𝑠𝑝 + 𝐵𝑝

2 ) 𝑥𝑢

− 1]

=
72.3

[
(

1.795 + 0.94
2

)
1.24

2

(
1.24 + 1.19

2 ) 0.423
− 1]

= 111.2 kN (𝐴. 2.21)

 

𝑀𝑝 𝑗 = 𝑉𝑝 𝑗

ℎ𝑝

2
= 111.2 ·

1.795

2
= 99.8 kNm (𝐴. 2.22) 

where 𝑥𝑢 = 0.423 m is defined from the spandrel moment-rotation curve analysis. 

Seismic demand 

To define the seismic demand, Equations A.2.23 and A.24 are used, where the equivalent 

seismic load (or global shear strength) 𝐹 can be defined through Equation A.2.25. 

𝛥𝑁 =
2𝐻𝑡𝑜𝑡

3𝐿
𝐹 (𝐴. 2.23) 
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𝑁 = 𝑁𝑔 ± 𝛥𝑁 (𝐴. 2.24) 

𝐹 = 𝑛𝑐𝑜𝑙𝑉𝑝 = 𝑛𝑐𝑜𝑙

𝑀

ℎ𝑝

2

= 2
𝑀

1.795
2

(𝐴. 2.25)
 

Hierarchy of strength 

The EPM calculated for spandrel, pier and joint can be represented in the same M-N 

performance domain and the hierarchy of strength can be defined by comparing these 

capacities with the seismic demand. The same procedure, herein presented for the case of 

fixed axial load 𝑁𝑔, can be adopted varying it, thus obtaining the M-N curves.  

In Figure A.2.2, the capacities of all the considered components failure mechanisms are 

represented. The moment capacity values determined in this Appendix, at gravity axial load 

𝑁𝑔, are highlighted in green. To define the correct sequence of events, according to the 

direction of the seismic action, it is needed to consider the intersection points of the capacity 

with the seismic demand. 

 

Figure A.2.2.   M-N performance domain of the analyzed knee subassembly. 

In case the pier-spandrel joints are assumed as rigid, according to the Equivalent Frame 

Model, the same procedure herein developed can be adopted by modifying the height of the 

pier in the effective one.  
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A.3 Appendix 

In this Appendix are reported the results in terms of the M-N performance domains of the 

substructures presented in Section 6.3.7. In the following graphs, the influence of the pier-

spandrel joints is highlighted in red. A summary of the performed parametric analyses is 

reported in Table A.3.1, while the geometric parameters are shown in Figure A.3.1. Bold 

marked values in Table A.3.1 refer to the variations with respect to the original geometry of the 

PS3 substructure (in the first row, italicized), which was taken as reference. Each structure 

model is numbered (first column in Table A.3.1) and this number is reported in each Figures 

caption (Figures A.3.2 - A.3.23), in order to organize the results. See Section 6.3.7 for more 

details. 

Table A.3.1.   Parametric analyses with respect to the PS3 substructure geometry (first row, italicized) 

and identified substructure failure mechanism. 

Model 
number 

hp Bp λp Lsp hsp λsp Failure 
mechanism [m] [m] [-] [m] [m] [-] 

PS3 1.795 1.19 1.51 1.24 0.94 1.32 SP Shear 

1 1.795 1.19 1.51 1.40 0.94 1.49 SP Rocking 

2 1.795 1.19 1.51 1.60 0.94 1.70 SP Rocking 

3 1.795 1.19 1.51 1.80 0.94 1.91 SP Rocking 

4 1.795 1.19 1.51 2.00 0.94 2.13 SP Rocking 

5 1.795 1.19 1.51 2.20 0.94 2.34 SP Rocking 

6 1.795 1.19 1.51 2.50 0.94 2.66 SP Rocking 

7 1.795 1.19 1.51 1.24 1.20 1.03 SP Shear 

8 1.795 1.19 1.51 1.24 1.50 0.83 SP Shear 

9 1.795 1.19 1.51 1.24 2.00 0.62 SP Shear 

10 1.795 0.80 2.24 1.24 0.94 1.32 SP Shear 

11 1.795 1.00 1.80 1.24 0.94 1.32 SP Shear 

12 1.795 1.40 1.28 1.24 0.94 1.32 SP Shear 

13 1.795 1.60 1.12 1.24 0.94 1.32 SP Shear 

14 1.795 1.80 1.00 1.24 0.94 1.32 SP Shear 

15 1.00 1.19 0.84 1.24 0.94 1.32 SP Shear 

16 1.30 1.19 1.09 1.24 0.94 1.32 SP Shear 

17 1.50 1.19 1.26 1.24 0.94 1.32 SP Shear 

18 2.00 1.19 1.68 1.24 0.94 1.32 SP Shear 

19 2.30 1.19 1.93 1.24 0.94 1.32 SP Shear 

20 2.60 1.19 2.18 1.24 0.94 1.32 SP Shear 

21 3.00 1.19 2.52 1.24 0.94 1.32 SP Shear 

 SP is for Spandrel. 
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Figure A.3.1.   Geometric parameters of the substructures. 

 

Figure A.3.2.   Pier M-N performance domain of the subassembly PS3. 

 

Figure A.3.3.   Pier M-N performance domain of the model 1. 
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Figure A.3.4.   Pier M-N performance domain of the model 2. 

 

Figure A.3.5.   Pier M-N performance domain of the model 3. 
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Figure A.3.6.   Pier M-N performance domain of the model 4. 

 

Figure A.3.7.   Pier M-N performance domain of the model 5. 
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Figure A.3.8.   Pier M-N performance domain of the model 6. 

 

Figure A.3.9.   Pier M-N performance domain of the model 7. 
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Figure A.3.10.   Pier M-N performance domain of the model 8. 

 

Figure A.3.11.   Pier M-N performance domain of the model 9. 
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Figure A.3.12.   Pier M-N performance domain of the model 10. 

 

Figure A.3.13.   Pier M-N performance domain of the model 11. 
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Figure A.3.14.   Pier M-N performance domain of the model 12. 

 

Figure A.3.15.   Pier M-N performance domain of the model 13. 
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Figure A.3.16.   Pier M-N performance domain of the model 14. 

 

Figure A.3.17.   Pier M-N performance domain of the model 15. 
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Figure A.3.18.   Pier M-N performance domain of the model 16. 

 

Figure A.3.19.   Pier M-N performance domain of the model 17. 
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Figure A.3.20.   Pier M-N performance domain of the model 18. 

 

Figure A.3.21.   Pier M-N performance domain of the model 19. 
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Figure A.3.22.   Pier M-N performance domain of the model 20. 

 

Figure A.3.23.   Pier M-N performance domain of the model 21. 
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A.4 Appendix 

In this Appendix are reported the results obtained in terms of the performance and the 

economic losses by adopting the retrofit interventions described in Section 7.8.2. More in 

detail, the results of the 2-levels structures are shown in Figures A.4.1 and A.4.2, while in 

Figures A.4.3 - A.4.5 are reported those of the 3-levels structures and in Figures A.4.6 - A.4.8 

those of the 4-levels structures. See Section 7.8.2 for more details. 

 

 

Figure A.4.1.   Retrofit interventions results of the 3-bays 2-levels structure: (a) seismic performances 

and (b) expected annual losses curves. 
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Figure A.4.2.   Retrofit interventions results of the 4-bays 2-levels structure: (a) seismic performances 

and (b) expected annual losses curves. 

 

Figure A.4.3.   Retrofit interventions results of the 2-bays 3-levels structure: (a) seismic performances 

and (b) expected annual losses curves. 
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Figure A.4.4.   Retrofit interventions results of the 3-bays 3-levels structure: (a) seismic performances 

and (b) expected annual losses curves. 

 

Figure A.4.5.   Retrofit interventions results of the 4-bays 3-levels structure: (a) seismic performances 

and (b) expected annual losses curves. 
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Figure A.4.6.   Retrofit interventions results of the 2-bays 4-levels structure: (a) seismic performances 

and (b) expected annual losses curves. 

 

Figure A.4.7.   Retrofit interventions results of the 3-bays 4-levels structure: (a) seismic performances 

and (b) expected annual losses curves. 
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Figure A.4.8.   Retrofit interventions results of the 4-bays 4-levels structure: (a) seismic performances 

and (b) expected annual losses curves. 
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A.5 Appendix 

In this Appendix are reported the results obtained in terms of the costs related to the retrofit 

interventions adopted to increase the In-Plane performance of the 3- and 4-bays structures, 

located in MS zones and partially discussed in Section 7.10.1. To strengthen the frames, the 

following interventions were considered: i) the grout injections, ii) the reinforced plaster and iii) 

the FRP. For sake of brevity, in Section 7.10.1 are shown only the costs related to 2-bays 

structures. Hence, in Tables A.5.1 - A.5.3 the intervention costs and the 1%NBS costs of the 

3- and 4-bays structures are reported, for each typology of intervention. In Figures A.5.1 - A.5.6 

the values are represented in histograms.  

Table A.5.1.   Grout injections costs of the 3- and 4-bays structures in MS zones. 

 

Table A.5.2.   Reinforced plaster costs of the 3- and 4-bays structures in MS zones. 
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Table A.5.3.   FRP costs of the 3- and 4-bays structures in MS zones. 

 

 

Figure A.5.1.   Retrofit costs of the 3-bays 2-levels structure in MS zones: (a) interventions costs and 

(b) 1%NBS cost. 

 

Figure A.5.2.   Retrofit costs of the 3-bays 3-levels structure in MS zones: (a) interventions costs and 

(b) 1%NBS cost. 
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Figure A.5.3.   Retrofit costs of the 3-bays 4-levels structure in MS zones: (a) interventions costs and 

(b) 1%NBS cost. 

 

 

Figure A.5.4.   Retrofit costs of the 4-bays 2-levels structure in MS zones: (a) interventions costs and 

(b) 1%NBS cost. 
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Figure A.5.5.   Retrofit costs of the 4-bays 3-levels structure in MS zones: (a) interventions costs and 

(b) 1%NBS cost. 

 

 

Figure A.5.6.   Retrofit costs of the 4-bays 4-levels structure in MS zones: (a) interventions costs and 

(b) 1%NBS cost. 

 


